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Abstract

Seismic Behavior of Tall Rocking Mass Timber Walls

Sarah Wichman

Chair of the Supervisory Committee:
Professor Jeffrey W. Berman
Civil and Environmental Engineering

Mass timber buildings are gaining popularity in the United States and around the world
as they offer benefits such as fast construction, unique architectural features, and the use of a
sustainable building material. Post-tensioned mass timber rocking wall lateral force-resisting
systems have made fully mass timber buildings feasible for high seismic areas. The inherent
re-centering behavior of these systems provides an opportunity to design for enhanced seismic
objectives, creating a resilient system that exceeds code-minimum performance. Despite
these advantages, post-tensioned mass timber rocking wall lateral systems are still relatively
new and are thus not currently recognized by United States design codes. While using mass
timber post-tensioned rocking wall systems for buildings in the 2-5 story range is gaining
popularity in research and in building projects around the world, little research has been
completed for these systems in the 6-20 story range.

To demonstrate the resilient capabilities and validate the use of code alternative design
procedures for these systems, an integrated experimental and numerical research program was
conducted as part of the large, multi-institutional NHERI TallWood Project. The research
presented here is a portion of the larger project. First a post-tensioned rocking wall lateral
system was designed for a two-story mass timber building that was tested dynamically at
full-scale and results were used to validate the proposed numerical modeling methodology.

Next, a performance-based design process, including methods for preliminary design and



detailed evaluation with nonlinear response history analysis, was used to design the lateral
system for a full-scale 10-story mass timber building. More stringent criteria for interstory
drift requirements as well as deformation and force-controlled elements were enforced to
target essentially elastic performance under Risk-Targeted Maximum Considered Earthquake
(MCEg) demands. To evaluate the design procedure and numerical modeling methodologies,
the building was tested under repeated three-dimensional earthquake records that range
from those representing a 43-year return period hazard to those representing MCEg. This
is the tallest building ever tested on a shake table. The outcomes and lessons learned from
these tests were used to define a parametric study to investigate wall moment amplification
from higher mode effects and make design procedure recommendations for future adoption
of this system into building codes. The results of the presented work will help structural
engineering practitioners effectively design rocking mass timber wall systems for tall mass
timber buildings, provide important experimental and numerical simulation data for eventual
inclusion of the system in building codes, and advance the state-of-the-art in earthquake

engineering research for mass timber structures.
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Chapter 1

INTRODUCTION
1.1 Motivation and Background

Urban areas face many competing challenges such as accommodating increasing urban pop-
ulations, minimizing urban sprawl, and supporting global sustainability to fight climate
change. To address these concerns, there is a growing need for 6 to 20 story buildings for
residential and commercial use. Steel and concrete are most often the answer for buildings in
this height range, however, supplementing or replacing these materials with timber can help
create a more sustainable built environment. The embodied energy and CO, emissions asso-
ciated with timber construction are far less than those of steel and concrete construction, as
found in many studies. For example, a 40-story reinforced concrete building in Chicago was
compared to an equivalent 40-story timber redesign and found the overall carbon footprint of
the timber design was 60% to 70% lower than the reinforced concrete building [SOM, 2013].

Traditional light-frame wood construction is not economically or structurally viable at
this height range because of its lack of strength and stiffness. However, with developments
of engineered wood products such as cross-laminated timber (CLT) and laminated veneer
lumber (LVL), tall timber construction is becoming a feasible option. Most mass timber
buildings in the United States (US) and other parts of North America are currently con-
structed with a concrete or steel Lateral Force-Resisting System (LFRS) with a mass timber
gravity system or diaphragms. One such example is Ascent MKE (Figure 1.1), currently
the world’s tallest mass timber building. It is a 284-foot-tall structure located in Milwaukee,
Wisconsin. The structure has 19 stories of mass timber residential levels where glulam beams
and columns support one-way spanning CLT floors with a gypcrete topping slab on top of

a 6-story concrete podium structure for parking and retail. The lateral system consists of



two reinforced concrete cores [Thornton Tomasetti, nd]. Another example is Carbonl2, a
85-foot tall condominium and commercial mixed use building in Portland, Oregon with a
glulam gravity system. For the lateral force resisting system, it has a buckling restrained

braced frame system, including a steel beams and columns core [Kaiser+Path, nd].
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Figure 1.1: Ascent MKE building (a) schematic and (b) photo [Thornton Tomasetti, nd]

Past research has investigated using mass timber shear walls as the lateral system in areas
of high seismicity. Using CLT panels in a conventional shear wall system with mechanical
connections has been investigated and shown to be very stiff under small lateral loads but
limited in deformation and energy dissipation capacity by the metal connectors [Popovski
et al., 2010]. To combat the issues of low deformation capacity and low energy dissipation ca-
pabilities, recent research has examined using mass timber walls with unbonded Post-Tension
(PT) connections and energy dissipation elements such as U-Shaped Flexural Plates (UFPs).
This results in an efficient structural system that can undergo large inelastic displacements
while assuring recentering capabilities because of the PT bars and allows for sufficient energy

dissipation with the UFPs. Additionally, this system provides the opportunity to improve



upon the usual collapse prevention performance in large earthquakes by developing design
methods that enable resilient performance while maintaining an efficient design. The concept
of post-tensioned rocking walls for resisting seismic loads was originally developed for pre-
cast concrete structures under the Precast Seismic Structural Systems (PRESSS) research
program [Priestley, 1991]. Extensive research was conducted on precast concrete rocking
wall systems in the 1990s and was codified via ACI ITG 5.1-07 and 5.2-09 [ACI, 2009].

An equivalent timber system was first developed in New Zealand using laminated veneer
lumber (LVL). In New Zealand, this concept has grown in popularity and several buildings
have been constructed using post-tensioned mass timber walls. For example, The Nelson &
Melborough Institute of Technology in Nelson, New Zealand is a three-story timber building
with mass timber post-tensioned paired wall lateral force resisting system [Devereux et al.,
2011]. Additionally, the Trimble Navigation Building, a two-story building in Christchurch,
New Zealand with a post-tensioned timber frames and paired walls [Brown et al., 2012].
Note, all these buildings are shorter and do not fall within the “tall” building range (defined
here for mass timber systems to be 6-20 stories).

Although gaining popularity in the United States, post-tensioned rocking mass timber
walls are not yet recognized by building codes, making it challenging to implement without
advanced design methods such as performance-based design and nonlinear response history
analysis that are not commonly used in design offices. The first and only building in the
United States with post-tensioned timber walls to date, is the two-story Peavy Building at
Oregon State University in Corvallis, Oregon [Sarti et al., 2017]. Additionally, the Framework
building was permitted for construction in Portland, Oregon (Figure 1.2). This twelve-story
building was designed with a glulam gravity frame and rocking post-tensed CLT shear walls
for the lateral system and is the tallest designed and permitted mass timber building in the
United States that utilizes a mass timber lateral system [Zimmerman and McDonnell, 2018].
Note, while there is no codified design procedure for this type of lateral system, Busch et al.
[2022] has recently proposed a prescriptive design procedure.

Timber construction is becoming a feasible option for high seismic regions and offers



Figure 1.2: Framework building permitted in Portland, Oregon (a) architectural rendering,
(b) photo of scaled physical model, and (c) schematic view of base of one rocking CLT wall

for Framework [Zimmerman and McDonnell, 2017]

benefits such as faster construction and the use of a sustainable building materials. However,
there is a lack of knowledge with respect to the seismic design and behavior of resilient wood
lateral systems and their connections for these buildings. While research has been done in the
United States and elsewhere on post-tensioned rocking mass timber systems and buildings
have been constructed implementing this system, most of the work has focused on shorter

buildings in the 2-6 story range.

1.2 NHERI TallWood Project

The research presented in this document was completed in collaboration with the NHERI
TallWood Project, with funding from the National Science Foundation (NSF). The use of
the NHERI facility is supported by NSF’s National Hazards Engineering Research Institute
(NHERI) program. The primary collaborators for this project include University of Wash-
ington, Colorado School of Mines, Colorado State University, Washington State University,

Lehigh University, and University of Nevada Reno. Other major collaborators are (includ-



ing, but not limited to): KPFF Consulting Engineers (Portland, Oregon), Oregon State
University, Simpson Strong-Tie, and University of California San Diego.

The overall vision for the NHERI TallWood Project is to develop a seismic design
methodology for tall wood buildings with mass timber lateral systems that incorporates
high-performance structural and nonstructural systems and can quantitatively account for
building resilience. Key features of the collaboration are: (1) investigative testing at the
system level and the holistic building system, (2) structural modeling of tall mass timber
buildings considering the contributions of nonstructural systems to the strength and stiffness
of the structural system, and (3) development of a resilience-based seismic design method-
ology that accounts for the building’s time to function affect by damage to structural and
nonstructural components within the building. This dissertation addresses the work com-
pleted for this project, relating to the design, numerical modeling, and testing of lateral force

resisting systems for tall wood buildings.
1.3 Research Objectives

The research presented in this document addresses key knowledge gaps on the design and
performance of post-tensioned mass timber rocking wall lateral systems that are needed to
validate the use of code alternative design procedures for these systems and future adoption

into building codes. The specific research objectives are to:

1. Formulate equations for approximating the lateral load response of mass timber rocking

walls for paired wall systems and boundary column systems.

2. Demonstrate the resilient capabilities of post-tensioned mass timber rocking wall sys-

tems through shake table testing of two large-scale experimental programs.

3. Design and test lateral connections for these systems including embedded epoxy rod

connections.

4. Investigate the adequacy of using performance-based design procedures applied to tall



mass timber rocking wall systems through the design, construction, and tri-axial dy-

namic testing of a full-scale 10-story mass timber building at a range of hazard levels.

5. Develop a nonlinear modeling methodology to simulate behavior of post-tensioned
mass timber rocking walls at multiple hazard levels and validate methodology through

large-scale shake table tests.

6. Provide recommendations for future code-based design procedures.

1.4 Document Overview

This document describes the comprehensive experimental and computational research pro-
gram validating the resilient performance capabilities of using post-tensioned mass timber

rocking walls in tall mass timber buildings. The remaining chapters are organized as follows:

o Chapter 2: Literature Review provides an overview of the research that has led to the
rising popularity of mass timber post-tensioned rocking wall lateral systems and an

overview of the existing research on mass timber rocking wall lateral systems.

o Chapter 3: Fundamental Mechanics of Rocking Mass Timber Wall Structures covers the
fundamental mechanics of mass timber rocking wall lateral force resisting systems and
behavior information about key individual components in the system. Formulations for
approximating the lateral load response of these systems are presented, with emphasis

on paired wall systems and single walls with boundary column systems.

o Chapter 4: Testing of the Two-Story NHERI TallWood Building explains the design
procedure and experimental performance of the post-tensioned rocking mass timber
walls used as the LFRS in the two-story NHERI TallWood shake table test. Exper-
imental results are summarized, and a comparison of the predicted performance is

presented.



o Chapter 5: Numerical Modeling of the NHERI TallWood Two-Story Building and In-
vestigation of Foundation Flexibility presents a nonlinear numerical modeling method-
ology for post-tensioned mass timber rocking walls. Using OpenSees [Mazzoni et al.,
2009], the modeling methodology is validated through comparison with experimental
results of the two-story NHERI TallWood building. For numerical and experimental
result comparison, the unexpected flexibility in the foundation was included in the
model. With the validated model, the effect of the unexpected foundation flexibility
on the rocking walls during testing is investigated by adjusting the numerical model to

have a rigid foundation boundary condition.

e Chapter 6: Design and Analysis of the Ten-Story NHERI TallWood Building presents
the characterized hazard used for the design of the full-scale NHERI TallWood ten-
story mass timber building and for development of the shake table testing plan. The
performance-based design methodology used to design the seismically resilient lateral
system (including all lateral connections) that was tested under repeated large hazard
ground motions with minimal damage is also presented. A description of the nonlinear
numerical OpenSees model used to determine seismic demands for the design of the
lateral system as well as other structural and nonstructural components in the building

is presented along with performance predictions at multiple hazard levels.

o Chapter 7: NHERI TallWood Ten-Story Building Testing, Performance, and Compar-
ison of Experimental and Analytical Results presents the testing plan used for shake
table testing of the NHERI TallWood ten-story building. A preliminary assessment
of the post-tensioned rocking wall lateral system performance is presented, and the
experimental results are compared to the analytical predictions from the OpenSees

model.

o Chapter 8: Effect of Building Period and Wall Aspect Ratio on the Seismic Perfor-
mance and Moment Amplification of Tall Post-Tensioned Mass Timber Rocking Walls



presents a parametric study on the performance of tall post-tensioned rocking wall
lateral systems. The study focus on quantifying the amplification of wall moment
demands from higher mode effects, with respect to the building period and the wall

aspect ratio.

e Chapter 9: Summary, Conclusions, and Future Work provides a summary of the re-
search program, major conclusions from the experimental and numerical research, and

recommendations for future work.

In addition to the chapters outlined above, Appendix A provides detailed calculations
for the design of the lateral system and all lateral connections for the NHERI TallWood
building. Appendix B includes detailed structural drawings for the NHERI TallWood 10-
story building from Busch [2023]. Appendix C provides a detailed table of the full testing
plan for the 10-story NHERI TallWood building.



Chapter 2
LITERATURE REVIEW

2.1 Overview

Using post-tensioned mass timber rocking walls as the main lateral force resisting system in
buildings located in areas of high seismicity is a relatively new idea in structural engineering,
but it builds upon previous research in mass timber and concrete rocking systems. This
chapter will review previous studies which the research presented in this document builds
upon. The use of mass timber as a building material will first be reviewed, followed by
a discussion of traditional mass timber shear wall systems with mechanical connections.
Then, significant experimental and numerical work completed on post-tensioned rocking
mass timber shear walls will be presented. Finally, a brief discussion on higher mode force

amplification effects in rocking systems will be presented.
2.2 Mass Timber as a Building Material

Wood is an orthotropic material with independent mechanical properties in the three or-
thogonal directions. It is much stronger in the longitudinal, parallel to grain direction than
either orthogonal direction perpendicular to grain. Additionally, wood is a natural material
subject to constantly changing conditions when growing, such as moisture, soil conditions,
and growing space. As a result, the properties of sawn lumber can vary more than most
structural materials, making the exact response harder to predict.

Mass timber (sometimes called engineered wood) is a relatively new building material
that can be used to supplement or replace more traditional building materials such as steel
or concrete. These products are manufactured by fixing either solid sawn lumber laminations

or structural composite lumber (SCL) laminations together. SCL is a family of engineered
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wood products made by layering wood veneers, strands, or flakes to blocks of materials know
as billets. Plywood and orientated strand boards (OSB) are examples of well-known SCL
products. Structural adhesives, nails, or dowels are commonly used to join the laminations.
By laminating either swan lumber or SCL products to form mass timber, a stronger and more
versatile product than traditional sawn lumber is created. Additionally, alternating grain
directions between the laminations provides increased dimensional stability. Mass timber
can take the form of a panel product that can be used for load-bearing walls and floors or
can take the form of beams and columns that can be used in a load-bearing gravity system.
Later on in this section, a mass timber product made of sawn lumber (cross-laminated timber
in Section 2.2.3) and a product made of SCL (mass plywood panels in Section 2.2.4) will be
discussed in detail.

The dimensional limits for mass timber products are defined by the manufacturing capa-
bilities of the supplier as well as transportation restrictions. These products are often cut to
size by the mass timber manufacturer. Additionally, many manufactures are now equipped
with CNC machines so manufacturers or third party CNC companies are capable of making
more intricate cutouts and fastener holes can be precisely pre-drilled into the members. This
allows for some of the more challenging prefabrication cutting, drilling, and connection in-
stallation to occur off the construction site. The prefabrication capabilities that come with
mass timber construction can result in more efficient, simpler, and faster on-site construction.

In addition to faster construction times, mass timber products are often lighter than
their comparable steel or concrete counterparts. They also offer a unique architectural design
feature that is desirable for building owners as well as building occupants [WoodWorks, 2022].
Another benefit of mass timber is the inherent sustainable nature of the product which will
be discussed in more detail in Section 2.2.1.

Note, only cross-laminated timber (CLT) and mass plywood panels (MPP) will be dis-
cussed in detail in this section because they were the focus of the research presented in this
document. However, many other mass timber products exist, but wont be discussed in detail

as they are not commonly used for mass timber shear wall lateral systems. Products such
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as glue laminated timber (glulam) and laminated veneer lumber (LVL) are more commonly
seen for beam and column members. Other panel products such as glue laminated timber
(GLT), nail laminated timber (NLT'), and dowel laminated timber (DLT) are not commonly
used for shear walls as they do not have the ability to resist in-plane shear because they lack
the cross laminations of CLT and MPP (see Section 2.2.3). Typically, plywood or oriented
strand board sheathing attached to one face of these panels is needed for in-plane shear

capacity when used in diaphragms [WoodWorks, 2022].

2.2.1 Sustainable Nature of Mass Timber Products

The sustainable nature of mass timber is one of the primary factors driving the demand
for mass timber buildings. To create a mores sustainable built environment, the choice of
primary structural material matters, and wood is a natural and renewable resource that is
said to be carbon negative. Timber stores carbon and has the least embodied energy of
all major building materials so it requires less energy to harvest, transport, manufacture,
maintain, dispose of, and recycle [WoodWorks, 2022]. According to the EPA’s Inventory
of US Greenhouse Gas Emissions and Sinks (1990-2013), carbon dioxide emitted from from
iron, steel, and cement production are the first and second largest sources of industrial
carbon dioxide emissions in the United States. Additionally, concrete and steel production
for building use emits more carbon dioxide than lumber by a factor of 8 and 21, respectively
[Freres Engineered Wood, 2022].

The sustainability of mass timber construction in North America is dependent on the
sustainability of the forest practices from which the wood was obtained. In North America,
the forests from which the wood for mass timber is obtained comes from sustainably managed
forests that utilize active forest management practices and meet North American certification
requirements. These active management practices mitigate wildfires, expand wildlife habitat,
and create jobs in rural areas. According to Edie Sonne Hall, a deforestation Forestry expert,
current forest certification practices have shown to ensure harvesting methods that support

water quality, biodiversity, and habitat sustainability [WoodWorks, 2022]. One concern with
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the increase in mass timber buildings is if supply of timber can be maintained long term.
However, increased demands for mass timber products can incentivize forest land-owners to
keep their lands instead of converting to urban development. Hall also argues that increased

timber demands actually lead to more forests WoodWorks [2022].

2.2.2  Case for Tall Timber Buildings

Rapid population growth is increasing demands on the built environment and there is pres-
sure to deliver more sustainable solutions to accommodate increased population density.
While the many previously mentioned benefits are driving the mass timber industry, there
is also a push for not just mass timber construction but also tall mass timber construc-
tion [WoodWorks, 2022]. A result of recent advancements in mass timber technology and
research, mass timber provisions have recently been accepted in to the 2021 International
Building Code (IBC). The 2021 IBC includes three new construction types that are defined
based on story height and requirements regarding fire-resistance ratings. These are based
on the previous Heavy Timber construction type (Type IV is now Type IV-HT), but with
more fire-resistance restrictions. With the new code provisions, mass timber buildings are
permitted up to 18-stories but require strict non-combustible protection of all mass timber
elements in the building. There are different requirements for shorter buildings, allowing for
more exposed elements [WoodWorks, 2022].

These developments have been driven by past research highlighting the potential for tall
mass timber buildings. MGA [2017] created a technical report highlighting the potential
for mass timber buildings. Their study showed that with growing populations there is an
increasing demand for taller buildings. In the past, steel and concrete have been used and
there has been no reason to challenge the use of those materials. However, with climate
change a switch needs to be made to make buildings more sustainable. It was stated that
concrete production represents roughly 5% of the worlds carbon dioxide emissions, more
than five times the carbon footprint of the airline industry as a whole. The report argues

that when harvested responsibly, wood is one of the best tools for engineers and architects to
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reduce greenhouse gas emissions in the construction of buildings. In this study, MGA [2017]
show that 10 to 30 story buildings can be achieved using the new mass timber techniques.
This was shown through presenting conceptual design solutions that with time and additional
design and engineering can become a reality. The study shows how mass timber structures
can meet relevant structural design criteria and fire and life safety needs and it can do so in
a cost competitive marketplace.

In addition, MGA [2017] introduces a new design concept called Finding the Forest
Through the Trees (FFTT) to assist in shifting the way we approach building construction.
The system has been engineered to address the seismic codes for markets in Vancouver, BC.
The system consists predominately of wood with a solid wood central elevator core and wood
floor slabs. Steel beams provide the ductility and concrete is used for the below grade areas.

MGA [2017] also conducted a cost analysis comparison on a 12-story and 20-story mass
timber building. For this study concrete construction was used as the benchmark building
and fire protection techniques were taken into account in the analysis. Costs were esti-
mated based on the presented preliminary design drawings and results concluded that with
development and evolution of the FFTT buildings, there could be a significant reduction
in construction costs for this type of system. Finally, MGA [2017] found that it is possi-
ble to design tall timber buildings with the FFTT system that are equivalent to concrete
structures and this can be achieved through facilitating additional research with structural

analysis studies, structural testing, fire assessment, etc.

2.2.83 Cross-Laminated Timber

CLT is a mass timber panel product, originally developed in Austria in the mid-1990’s.
After being widely used in Europe, it has gained popularity in the United States and is
currently considered one of the most well known and widely used mass timber products in
the United States [FPInnovations, 2013]. As shown in Figure 2.1a, it consists of multiple
layers (called plys) of kiln-dried dimensional lumber. The dimensional lumber in each layer

is orientated such that the grains are orthogonal to the adjacent layers. CLT typically has
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an odd number of layers, (three, five, seven, and nine-ply are the most common), resulting
in parallel orientation of the two outer-most layers. The layers parallel with the outer-most

layers are referred to as the longitudinal layers and the other layers are the transverse layers.

Flatwise Bending

Major

trength directiot Minor strength directior

Edgewise Bendiny
Major strength directior Minor strength directior

Longitudinal
layer
Transverse
layer

@)

(b)

Figure 2.1: CLT (a) panel configuration (figure adopted from Mass Timber Map [2023]) and
(b) bending orientations (figure adopted from APA [2019b])

The lumber is kiln dried prior to assembly to prevent dimensional variations and surface
cracking. Between each layer, a layer of structural adhesive is used to adhere the layers
together. The total assembly process can take 15 to 60 minutes and starts by selecting
lumber and grouping them into layers for planing. The layers are then set up and pressed
with a hydraulic press. After pressing, the panel product is cut and the surface is machined
and marked for packaging [FPInnovations, 2013].

Because CLT layers are orientated perpendicular to each other, CLT panels exhibit rel-

atively high strength and stiffness in both in-plane directions, resulting in two-way action
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capabilities, similar to a concrete slab. However, because lumber is significantly stronger
in the parallel-to-grain direction, the direction of the longitudinal layers is slightly stronger
and thus called the major strength direction, while the other direction is referred to as the
minor strength direction (see Figure 2.1b). The resulting product typically has orthogonal
properties that are more similar to each other than with sawn lumber, but the general re-
sponse is still similar to that of sawn lumber since one direction is typicall stronger than the
other [He et al., 2018]. Additionally, in accordance with APA standards, longitudinal boards
must have a minimum grade of 1200f-1.2E MSR or visual grade No. 2, while transverse
boards have a lower minimum grade limit of visual grade No. 3, further emphasising the
major and minor strength direction names APA [2019b]. This two-way action differs from
other mass timber panel products such as laminated veneer lumber (LVL) or glue laminated
timber (glulam/GLT) or even more so with nail laminated timber (NLT') or dowel laminated
timber (DLT).

In 2012 a CLT product standard was developed and published by the American National
Standards Institute and the Engineered Wood Association, ANSI/APA CLT standard Com-
mittee, called APA PRG 320 [APA, 2019b]. In 2013, FPInnovations, a nonprofit Canadian
organization that conducts scientific research for the forest industry, released a CLT hand-
book that summaries the design and construction procedure for CLT markets in the US and
Canada [FPInnovations, 2013]. In 2015, CLT was Incorporated into the NDS, allowing CLT

to be recognized as a code complaint construction material [AWC, 2018].

2.2.4 Mass Plywood Panels

MPP, sometimes called Mass Ply, is a newer mass timber panel product originally created
by Freres Lumber [Freres Engineered Wood, 2022]. In MPP thin wood veneers are layered,
glued, and pressed together to form 1 inch layers called lamellas as shown in Figure 2.2. A
variety of combinations and orientations of the veneers can be made, creating panels with
different strengths in different directions, similar to CLT. This product has been certified
under ASTM D5456 (for LVL products) and PRG 320 (for CLT products) and can thus be
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used as a substitute for CLT.

]
A
U“ME 'LAMELLA VENEER LAYUP

LONG PLY

Y
e e ;

CROSS PLY

14l & J

LONG PLY
CROSS PLY

cﬂ”w

LONG PLY

NINE PLIES OF 1/8" THICK DOUGLAS
FIR VENEER PRESSED TOGETHER

+ Seven pliesinlong span direction
I + Two cross plies

Figure 2.2: Example of MPP panel configuration: shows the Freres F16 Mass Ply Layup
[Freres Engineered Wood, 2022]

The strength and stiffness of MPP is larger and typically performs better by volume,
relative to other mass timber products. Additionally, because MPP is made of thin veneers,
any defects in the wood are distributed throughout the product, resulting in increased dimen-
sional stability with lower moisture content. The thin veneers of MPP also allows for smaller
increments of member thickness, thus, saving in overall cost of material, in comparison to

other mass timber products [Freres Engineered Wood, 2022].

MPP is considered to be more environmentally efficient in comparison to CLT and other
sawn lumber mass timber products. One of the main reasons this is true is because MPP
manufacturing results in significantly less wood waste than CLT [Freres Engineered Wood,
2022]. Cutting a piece of rectangular dimensional lumber from a log (needed for CLT) results
in a large amount of waste, whereas almost all the wood in a log can be used when creating
thin veneers. Additionally, sawn-lumber based products require larger diameter logs than
comparable SCL products, making the manufacturing process for MPP more flexible. Less

energy is also required to dry smaller logs [Freres Engineered Wood, 2022].
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2.3 Fixed Base Mass Timber Shear Walls

Using mass timber for the main lateral force-resisting system of a building in a seismic
region is a relatively new concept in comparison to other structural systems. This section
will summarize major research completed on traditional mass timber shear walls with a fixed

base connection.

2.3.1 Dujic et al. [2006]

One of the first experimental tests studying the lateral resistance of CLT panels was con-
ducted at the University of Ljubljana in Ljubljana, Slovenia by Dujic and Zarnic [2006].
In this study, different anchoring systems were tested under monotonic and cyclic horizon-
tal load in combination with constant vertical load to study the influence of the anchoring
systems on the shear stiffness and strength of the CLT wall panels as well as the overall
performance. Figure 2.3 shows the three different boundary conditions tested in this study.
They were as follows: Case A) a shear cantilever mechanism where the base is fully connected
and the top is free to rotate and translate; Case B) a condition where the base is also fully
connected and the top is free to translate without rotation; and Case C) a condition where
the base is fully connected and the top is restrained only against rotation. Results showed
that boundary conditions had a significant impact on the lateral resistance of the panels.
Results also showed that the load bearing capacity of the wall was governed by the anchors
connecting the panels to the building foundation.

Dujic and Zarnic [2006] also constructed two full-scale models and tested them on the
shake table at the IZIIS Laboratory in Skopje, Macedonia to validate the cyclic test results
discussed above and to make a correlation between the results. Two single-story box CLT
wall assemblies were tested. Specimen 1 consisted of two one-unit wall elements and specimen
2 consisted of two wall elements of half width screwed together. The panels were anchored
to the RC foundation through a series of ribbed angle irons. A series of dynamic tests

were performed on both specimens to investigate wall behavior under dynamic conditions.
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Figure 2.3: Boundary condition configurations tested in Dujic and Zarnic [2006]

Maximum accelerations reached 0.6g for specimen 1 and 0.5g for specimen 2. Results showed
that the anchorage connections were the main source of nonlinearity in the system and energy
dissipation. In addition, both systems behaved as expected and saw no visible damage. In
the end, test results showed that the system exhibited very ductile behavior and there was

good correlation to the cyclic testing presented above.

2.3.2 SOFIE Project

The SOFIE project was carried out by the IVALSA Institute of the Italian National Re-
search Council with the support of Trento Province of Italy. The overall project consisted
of connection tests [Gavric et al., 2012], CLT panel shear wall tests [Lauriola and Sandhaas,
2006], and several full-scale shake table building tests [Ceccotti et al., 2013].

Gavric et al. [2012] performed tests on different base connections with the overall goal
of providing a better understanding of the performance of these connections during seismic
events. In-plane monotonic and cyclic shear tests were performed on different configurations
of screwed connections between CLT panels. Configurations included, parallel wall to wall,
perpendicular wall to wall, floor to floor, and wall to floor details. Properties such as strength,
stiffness, energy dissipation, and ductility were all evaluated. In addition, overstrength

factors were determined as they had not been studied for CLT walls before. Defined as the
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ratio between the 95 percentile of the connection strength distribution and the analytical
prediction of the design connection strength, overstrength values ranging from 1.2 to 1.9 with
an average value of 1.74 were determined. Results of these tests also provided insight on
spacing, edge distances, and panel thickness that are required to prevent brittle failure. It
was also determined that the screw head penetration was more critical than the withdrawal

of the screw from the panel.

Within the SOFIE project, Lauriola and Sandhaas [2006] performed quasi-static in-plane
cyclic tests on CLT walls and pseudo-dynamic tests on a full-scale building. The quasi-static
tests looked at the influence of the uplift and shear anchoring systems, the opening layout
within a panel, the magnitude of vertical loads, and the inter-story connection. Test results
showed that stiffer hold-down connections lead to higher lateral load carrying capacity, lower
ultimate displacement, and a less ductile behavior. Overall, it was determined that connec-
tion joints strongly influence system behavior and forces concentrate at small regions in the
timber, leading to the failure shown in Figure 2.4. Lauriola and Sandhaas [2006] also con-
ducted pseudo-dynamic tests carried out on a single story specimen. Three different opening
layout configurations were tested and two earthquake motions were applied at two different
peak ground accelerations. Results showed that the walls were stiff and the connections
provided ductility. Figure 2.5 shows the resulting pinched hysteric behavior from the three

opening configurations under the same earthquake motion.

Also apart of the SOFIE project, Ceccotti et al. [2013] conducted 3-story and 7-story
shake table tests. Both buildings were designed according to the European seismic standard,
Eurocode 8. The full-scale 1D tests on the 3-story test specimen made of CLT was performed
at the NIED shake table in Tsukuba, Japan. The specimen was designed according to the
simplified lateral force procedure in Eurocode 8 with a peak ground acceleration of 0.35g,
representative of the most hazardous seismic region in Italy. Eurocode 8 uses a behavior
factor, ¢, in the design procedure which is equivalent to the response modification factor, R,
used the US code, ASCE 7-10. Ceccotti et al. [2013] defied ¢ as PG Anear—coitapse | PG Adesign

where PG Ay car—coliapse 18 the peak ground acceleration recorded at the defined near-collapse
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Figure 2.4: Localized failure in quasi-static cyclic tests [Lauriola and Sandhaas, 2006]
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Figure 2.5: Response of the three configurations from the Kobe earthquake with a 0.5g PGA
[Lauriola and Sandhaas, 2006]
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state, and PG Agesign is the design peak ground acceleration which was equal to 0.35g in this
test. For the design of the 3-story test specimen, ¢ = 1.0 was used, meaning it was designed
to be purely elastic and ignored overstrength and energy dissipation. Three different floor
plan configuration were tested in which the last was not symmetric. The specimen was then
exposed to 3 different ground motion events with varying peak ground accelerations. For the
third floor plan configuration, a near-collapse peak ground acceleration, PG A, ecqr—coliapse, Of
1.20g was observed. This resulted in ¢ = 3.4 which was rounded to ¢ = 3, showing relatively
good energy dissipation and ductility. In the end the building did not collapse and did not
sustain significant residual drifts.

Ceccotti et al. [2013] then used ¢ = 3 to design the 7-story test specimen (Figure 2.6).
The wall to floor joint connections were designed based on the design shear forces per story
and consisted of hold-downs, angle brackets, and self-drilling screws. During this test, only
one configuration was tested and fewer earthquakes were applied. For each ground motion,
the larger earthquake component was applied along the longer, y-direction, and the smaller
component was applied along the shorter, x-direction, of the building. The specimen in the
7-story tests in Ceccotti et al. [2013] remained upright and only easy-to-repair damages,
such as tightening loose hold-downs and replacing bent and sheared screws, were necessary.
The errors in measured maximum story shears and design values from FEurocode 8 ranged
between 20% and 25%. These are considered acceptable levels which validate the force-based
approach from Eurocode 8 for the design of these CLT specimens. Outcomes from both tests
by Ceccotti et al. [2013] showed that the buildings demonstrated recentering capabilities with
high stiffness and sufficient ductility to prevent brittle failure.
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Figure 2.6: (a) Plan and (b) Elevation view of the 7-story test specimen tested in Ceccotti
et al. [2013]

2.3.3 Popovski et al. [2010]

Research on the seismic behavior or CLT systems in North American was initiated by FPIn-
novations to address the moderate seismicity in British Colombia, Canada. Popovski et al.
[2010] tested a total of 32 shear walls under monotonic and cyclic loading. All panels were
3-ply European spruce CLT panels. A total of 12 different configurations, both one and
two stories, were tested. One story specimens had aspect ratios of either 1:1 or 1:1.5. Two
story specimens had aspect ratios of 2.1:1 and were made of either a single panel or two 1:1
single story panels. Four different types of brackets, as shown in Figure 2.7, were used for
connecting the CLT walls to the foundation. Two of the brackets (Brackets A and B) were
commercial Simpson Strong-Tie brackets that are commonly used in Europe and the other
two brackets (Brackets C and D) were custom brackets that accommodated timber rivets.
Some panel configurations also included the use of hold-downs with nails at the ends of the

wall.
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a) Bracket A b) Bracket B
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¢) Bracket C d) Bracket D

Figure 2.7: Four different brackets tested for the CLT walls Popovski et al. [2010]

Walls were loaded vertically with either a 10 %V load to represent the wall being at
the bottom of a two story structure, or a 20 % load to represent the wall being at the
bottom of a four story structure, and were loaded horizontally using a 110 kN hydraulic
actuator. Results from the tests showed that the panels behaved almost rigidly with very
small shear deformations measured, while majority of the deformations occurred at the joints
connecting the wall to the foundation. As seen in Figure 2.8, connections with spiral nails
exhibited bearing failures combined with withdrawal, while ring nails mainly saw withdrawal
failures with small chucks of wood breaking away. Connections with timber rivets experienced
fastener pull-out combined with with wood shear plug failure as seen in Figure 2.9 (a). With
increased spacing, the desired failure mode of rivet yielding was observed, as seen in Figure
2.9 (b).

Results from Popovski et al. [2010] showed that CLT wall panels have adequate seismic

performance for low ductility demand applications in regions of moderate seismicity and
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Figure 2.8: Failure modes of the bracket connection for (a) spiral nails and (b) ring nails

Popovski et al. [2010]

Figure 2.9: Timber rivet failure in brackets (a) showing undesired failure, and (b) showing

the desired rivet yielding Popovski et al. [2010]
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that the bracket connections are the main source of ductility in the system. The wall panels
that used either screws or nails had similar strength capacity, but the screw connections lost
strength faster. However, the walls with timber rivets showed a higher capacity than both
the nails and the screws and these specimens also saw higher stiffness. Finally, the specimens

with hold-downs on the ends showed the highest stiffness and ductility capacity.

2.3.4 FEMA P695 Study of Collapse Capacity

CLT seismic force-resisting systems are not currently recognized by US design codes, thus,
they must be designed using code alternative design methods. This can be costly and can
result in a less competitive system because it is less accessible. Thus, in collaboration
with USDA Forces Service, van de Lindt et al. [2022] conducted a study to investigate the
seismic behavior of CLT shear wall systems and to determine seismic performance factors.
This study focused on determining the response modification factor, R, and the deflection
amplification factor, Cy, using the FEMA P695 procedure. This study consisted of connector
tests, quasistatic cyclic tests on isolated shear walls, and numerical analyses. Connector
tests were conducted using generic connectors to facilitate building code recognition. These
tests revealed that thinner connectors are needed to achieve a desirable ductile behavior.
Quasistatic cyclic tests were completed on several CLT shear walls. The following conclusions

were drawn from the tests:

CLT behaved rigidly with energy dissipation concentrated at the base connections

Boundary constraints and gravity loading were found to have beneficial effect on wall

performance (i.e., higher strength and larger deformation capacity)

Specific gravity effected wall behavior, but CLT thickness was not as influential

High aspect ratio panels had lower stiffness and larger deformation capacity

Multipanel configurations with high aspect ratio panels and vertically connected joints

had larger deformation capacities
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Using test results, a design procedure was developed. A series of archetype buildings
were then designed, modeled, and numerically evaluated using nonlinear static and dynamic
analyses. Results showed that a value of R = 3 can be used for CLT shear walls with a 2:1
aspect ratio or mixed 2:1 with 4:1. A value of R = 4 can be used for high aspect ratio walls
(i.e., 4:1). For the R = 3 case, the average overstrength factors ranged from 2.29 to 3.53.
For the R = 4 case, the average overstrength ranged from 2.02 to 4.03. A value of €2, = 3
was recommended from this study for both cases. Additionally, consistent with the FEMA

P695 recommendations, the study recommends using Cy = R for design.
2.4 PRESSS Program

The concept behind post-tensioned mass timber rocking walls was inspired by work com-
pleted with post-tensioned concrete rocking systems. This section will recap the first pro-
gram to introduce post-tensioned rocking systems called: Precast Seismic Structural Systems
(PRESSS). Note that extensive research has been completed on these concrete rocking sys-
tems, including post-tensioned concrete rocking walls. This rocking system has also been
applied to steel systems, but will not be discussed in detail in this document.

The PRESSS Program, coordinated by Priestley [1991] was a combined research program
between the United States and Japan on the seismic design and performance of precast con-
crete structural systems. The goal of the project was to develop an effective seismic structural
system for precast buildings, called the hybrid system, and to make design recommendations
for incorporation into building codes. The hybrid system is summarized in Figure 2.10a.
The unbonded tendons provide recentering capabilities for the system as seen in the non-
linear elastic hysteresis in Figure 2.10b. However, a system with unbonded tendons alone
dissipates little to no energy so mild steel energy dissipating devices are added to provide the
energy dissipation needs as shown by the damping hysteresis in Figure 2.10b. The result-
ing hysteretic behavior for the hybrid system with recentering capabilities as well as energy
dissipation abilities can be seen in the third hysteresis in Figure 2.10b. This concept can be

applied to beam-column connections and shear walls.
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Figure 2.10: Beam-column hybrid joint from the PRESSS program [Pampanin et al., 2001b]

Kurama et al. [1999] characterized the behavior of the hybrid system and developed a
performance-based seismic design approach in which the walls are required to resist design
level ground motions with little damage and resist larger earthquakes with more damage
but without failure. The behavior of the system was characterized into four states shown
in Figure 2.11: 1) decompression state, defined by the initiation of a gap opening along
the horizontal joint between the wall and the foundation; 2) softening state, defined by the
beginning of significant reduction in lateral stiffness due to the gap opening; 3) yielding
state, defined by the point at which the post-tensioning steel reaches it’s yield limit; and
4) failure state, identified by axial-flexural failure of the wall which occurs as a result of

concrete crushing.

Kurama et al. [1999] then uses the four behavior states to create design objectives and
design criteria for the proposed seismic design approach. Figure 2.12a shows the three design
objectives. The three design objectives are: 1) immediate occupancy performance under
a low level earthquake where limited damage occurs in the structural and nonstructural
elements; 2) life safety performance under a design-basis earthquake where significant damage
is made but some margin against total or partial collapse remains; and 3) collapse prevention
under a survival level ground motion where the building is on the verge of collapse. Figure

2.12b shows the design criteria for the proposed seismic design approach where force and
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Figure 2.12: Proposed seismic design approach [Kurama et al., 1999

To validate the seismic design procedure, Kurama et al. [1999] designed six 6-story pro-
totype walls using the design procedure. The prototypes were subjected to more than 200
nonlinear dynamic time history analyses using 15 design level and 15 survival level ground
motions. Results showed the desired flag shaped hysteretic behavior with self-centering ca-

pabilities and high amounts of energy dissipation. It was concluded that the unbonded PT
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hybrid system for precast walls can provide a more desired behavior than typical monolithic
concrete shear walls in seismic regions.

Pampanin et al. [2001b] expanded on the work done by Kurama et al. [1999] and fur-
ther developed the design procedure for the hybrid rocking walls. Pampanin et al. [2001b)]
developed a section analysis method that can be used with precast members through an
analogy with an equivalent cast-in-place solution called the “cross-sectional analysis proce-
dure”. The result of the cross section procedure provides a moment-rotation response for
the ductile connections. The steps of the procedure are as follows: 1) fix the rotation 6; 2)
guess the initial neutral axis depth ¢ for the beam; 3) evaluate the strain in the unbonded
PT tendons; 4) estimate the strain in the mild steel and concrete; and 5) section equilibrium
to determine a the new neutral axis depth c¢. As part of step 4, a second procedure called the
“monolithic beam analogy” was defined to solve the problem of strain compatibility where
the neutral axis position, ¢ and the strain in the concrete, €, are both unknown. Pampanin
et al. [2001b] defines the procedure by relating the local parameters of the rocking wall to
the local parameters of an equivalent monolithic wall by equating the global behavior of each
wall as seen in Figure 2.13.

Pampanin et al. [2001b] validated the proposed procedure with experimental data from
beam-to-column hybrid assembly tests from Stanton et al. [1997]. The connections were
% scales with PT steel at the center of the section. During tests, the PT steel did not
yield or fracture leading to failure. Failure was typically from fracture of the mild steel
energy dissipation devices. Results showed satisfactory agreement between the analytical

and experimental results, verifying the suggested methodology.
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Figure 2.13: Monolithic beam analogy from [Pampanin et al., 2001b]

2.5 Mass Timber Base Rocking Systems

In recent research, the hybrid base rocking system from PRESSS has been applied to timber
structures to create a sustainable building system. This section highlights some of the

significant research projects focusing on timber structures with base rocking systems.

2.5.1 Palermo et al. [20006]

Post-tensioned mass timber rocking walls were first developed and tested a the University
of Canterbury in Christchurch, New Zealand [Palermo et al., 2006]. Developed based on the
PRESSS research program, these were some of the first tests and studies completed on the
performance of timber lateral systems under seismic loading. In these tests, laminated veneer
lumber (LVL) was used. Palermo et al. [2006] performed experimental cyclic quasi-static and

pseudo-dynamic tests on connections in two systems. One system with only unbonded PT
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bars and one system with hybrid connections that included both unbonded PT bars and a
type of energy dissipator. First, quasi-static cyclic tests were performed on three wall-to-
foundation hybrid specimens. Figure 2.14 shows the general test setup for the specimens.
The first two specimens (HY1 and HY2) had internal dissipators while, the third specimen
(HY3) had external dissipators. The PT bar force verses drift response for HY1 can be seen
in Figure 2.15 (a) and the top lateral applied load verse drift response for HY1 can be seen
in Figure 2.15 (b). During the tests, no visible wall damage occurred on specimens HY 1 and
HY2 at their peak drifts of 3.5% and no visible wall damage occurred on specimen HY3 at
it’s maximum drift of 4.4% drift. In addition, no PT bar yielding was observed during any
of the three tests. Tests HY1 and HY?2 were ended at smaller drifts due to buckling failures

of the energy dissipation devices at 3.5% drift.
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Figure 2.14: Test setup and geometry details for quasi-static cyclic tests on wall-to-

foundation connections [Palermo et al., 2006]

Palermo et al. [2006] also conducted pseudo-dynamic cyclic testing on pure unbonded
(without energy dissipators) post-tensioned walls. The effect of three different levels of initial

post-tensioning (0.2, 0.3, and 0.4 f,,) was tested and the PT bar force verse drift response
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Figure 2.15: (a) Un-bonded PT force verses drift and (b) lateral force vs. drift for hybrid

specimen 1 - HY1 [Palermo et al., 2006]

is shown in Figure 2.16. Tests showed that increasing initial P'T forces increased the drift at

which yielding occurs. More specifically, ranging from an initial PT force of 0.4 f,, to 0.2f,,

correlates to a reduction of 30% in terms of maximum drift demand. Overall, the research

conducted by Palermo et al. [2006] showed that mass timber rocking wall systems result in

enhanced seismic performance with little to no structural damage and a flag shaped hysteretic

behavior that shows self-centering and energy dissipating capabilities. Note, internal and

external dissipators resulted in similar performance, but external dissipators may be preferred

as they are easier to replace.
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Figure 2.16: Unbonded PT specimens (a) fp, = 0.2f,y, (b) fpo = 0.3f,y, and (¢) fpo = 0.4f,,
[Palermo et al., 2006]

2.5.2  Post-Tensioned Timber Rocking Systems with UFPs

UFPs are often used in rocking timber wall systems because they are simple, relatively easy
to construct, and easy to model. They were initially proposed by Kelly et al. [1972] and
gained popularity with successful implementation in the PRESSS project. With the gain in
popularity, Baird et al. [2014] performed parametric studies on UFPs to determine important
design characteristics such as the initial and post-yield stiffness, the dissipative capacity, and
the maximum possible force developed by the UFPs. A series of displacement controlled test
were performed by testing two UFPs in parallel to achieve symmetric loading, as shown in
Figure 2.17a. Figure 2.17b shows the force verse displacement behavior for a single UFP
in the tests. Baird et al. [2014] also created numerical models for the tests to calibrate
UFP properties to the test results and made recommendations for the yield force and initial
stiffness.

Igbal et al. [2015] performed quasi-static cyclic and pseudo-dynamic tests on paired post-
tensioned timber LVL walls with UFPs (sometimes referred to as coupled walls). The paired
LVL walls were designed as part of a structural system for a multi-story prototype timber
building. In panel tests, the UFPs connected to welded brackets that connected to the panels

using self-drilling screws. Figure 2.18 shows the test setup. Six specimens were tested. All



Loading RHS — . i

UFP

Fixed Bolted
Connection

RHS
Housing

Slot in RHS
Housing

‘g Tube Spacer

I
I J «— = "fp  Bolted
w Connection

(a) UFP test setup

Force (kN)

151
IO_Plastic Force .
Yield Force
5_.
0_
-5 4 d :
NN 2o
-15 T T T

-100 -75 -50 25 0 25 50 75 100
Displacement (mm)

(b) Experimental hysteresis loop

Figure 2.17: UFP tests performed by [Baird et al., 2014]
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specimens had the same panel sizes and PT bar properties with the same initial PT force.

The first specimen (PT1) had no UFPs and the other five specimens (HU1 - HU5) had varying

UFP sizes. Figure 2.19 shows the force-displacement curve for the paired wall system with

a 5 mm thick UFP and the response from the PT1 specimen. It is clear that the typical

nonlinear, elastic hysteresis loop was observed for the PT only specimen and the flag shape

hysteresis loops with full recentering and energy dissipation was observed for the hybrid

solutions. The pseudo-dynamic tests showed similar results and virtually no damage was

observed in the structural members for both tests. Results showed that UFPs provide stable

energy dissipation characteristics and in combination with the post-tensioning, a desirable

flag-shaped hysteresis can be achieved.
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2.5.8 Ganey et al. [2017] and Akbas et al. [2017]

Ganey et al. [2017] and Akbas et al. [2017] conducted quasi-static experiments on post-
tensioned CLT rocking walls with UFPs. The specimens were designed to achieve a set of
structural limit states presented by Akbas et al. [2017] to help understand the lateral load
response of the rocking CLT walls based on the level of damage to the CLT panels, PT bars,
and UFPs. The limit states are shown in Figure 2.20 on an idealized base shear verses drift
curve. The limit states are: 1) decompression at the base of the wall (DEC); 2) UFP yielding
(EDP); 3) the effective linear limit that corresponds to the initiation of a visible gap at the
base of the wall (ELL); 4) splitting of the CLT panel at the base (SCLT); 5) crushing of the
CLT panel at the base (CCLT); and 6) yielding of the PT bars (LLP).

v; LLP cCLT
sctt [ ]
EDP| |
ELL Y
DEC —
0

Figure 2.20: Idealized rocking CLT wall response and limit states [Ganey et al., 2017]

The quasi-static testing completed by Ganey et al. [2017] and Akbas et al. [2017] consisted
of six different CLT specimens with the same wall thickness, length, and loading height. PT
properties were varied to determine their effects on overall system response. The first 5 tests
were single panel walls and the 6" test was a paired CLT wall system with UFPs. Figure
2.21 shows the general test setup.

The resulting hysteretic response showed significant pinching at large drifts due to PT
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Figure 2.21: General test set-up (a) photo and (b) schematic [Ganey et al., 2017]

bar yielding and CLT crushing as seen in Figure 2.22 (from test 6, a paired CLT wall
system). Results showed that larger initial prestress forces resulted in a larger decompression
moment and lower drifts at which CLT damage occurred. In addition, larger PT bar area,
resulted in larger post-decompression stiffness. Concluding that in design, the initial PT bar
stress should be large enough to provided the needed capacity at ELL, but small enough to
prevent excessive CLT damage and small enough to push PT yielding off until higher drifts
are reached. Overall, results from the tests conducted by Ganey et al. [2017] showed that
rocking CLT walls have a ductile response, recentering capabilities, and good strength and

energy dissipation capabilities.
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Figure 2.22: Base shear force verse drift response for test specimen 6 [Ganey et al., 2017]

2.5.4 Rocking Mass Timber Shear Walls Utilized in a Core Wall System

Brown et al. [2021] conducted unidirectional and bidirectional cyclic tests on a post-tensioned
C-shaped CLT core wall system. The test utilized self-tapping screw connections at the in-
plane and orthogonal joints of the core wall system. The testing program looked at the effects
of initial PT force, screwed connection details, the use of UFPs, and the effects of loading
protocols. The study also looked at composite action among in-plane and orthogonal walls
to increase lateral strength and stiffness. The study showed that the core wall system was
stable up to a drift of 2.3% (the stroke limit of the actuators) and that the screw connections
provided necessary displacement and energy dissipation capacity to the system. It was also
determined that composite action between the wall directions decreased with increasing drift.
Results from this test showed that the post-tensioned walls provided adequate strength and
stiffness with system recentering capabilities. Additionally, only minor damage was observed
to the specimen and it occurred at the compression corners of the CLT wall panels and at
screwed connections up the height of the walls. Figure 2.23 shows some of the observed

damage during testing.



39

(a) (b)

Figure 2.23: Observed damage (a) CLT wall base crushing during testing and (b) in-plane

screw joint [Brown et al., 2021]

2.5.5 Buildings with Mass Timber Shear Walls in the United States

While post-tensioned mass timber rocking wall systems are gaining popularity in research
and around the world, they are not currently accepted by US design codes. Thus, to use this
system in a building in the US, it must be designed using code alternative design procedures.
This typically consists of performance-based design, often coupled with nonlinear dynamic
numerical modeling. Work is being done to adopt these systems into US design codes (dis-
cussed in Busch et al. [2022] and discussed in this document) to make these systems more
competitive with other structural systems. A few buildings with mass timber shear walls
have been designed and built (or permitted) in the United States. This section will discuss
some of these projects.

The tallest and arguably most notable building project in the United States with a post-
tensioned mass timber shear wall is the 12-story Framework building which was permitted
for construction in 2017 in Portland, Oregon (Figure 1.2). The design of the lateral sys-
tem utilized performance-based seismic design methodologies and nonlinear response history

analysis conducted in PERFORM 3D. Additionally, project specific experiments were con-
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ducted to better understand mass timber material properties and mass timber connections.
Code-equivalent design performance was achieved by defining performance objectives at the
Design Basis Earthquake (DBE), MCEg, and under strength-level wind [Zimmerman and
McDonnell, 2017]. While the project was ultimately canceled due to funding issues, it was
the first mass timber high-rise building in the United States to receive construction approval,
advancing the understanding of these systems. As it will be discussed in this document, the
lateral system design procedure used for the Framework building (presented in Engineers
[2017]) was used as the basis for developing the design procedure for the NHERI TallWood
10-Story test specimen.

Peavy Hall at Oregon State University is a three-story building made entirely of timber.
The building was completed in 2018 and was the first building in the United States with
a post-tensioned mass timber lateral system. The CLT lateral system was designed using
the seismic response history procedure outlined in ASCE/SEI 7-10. A nonlinear numerical
model was developed for design based on methodologies presented in Sarti [2015] and Igbal
et al. [2015]. In the design, higher mode effects resulted in amplified shear and moment
forces in the wall which had a significant influence on the wall design. Numerical results
showed that the post-tensioned rocking wall system was capable of full system re-centering

and provided adequate system damping [Sarti et al., 2017].

2.5.6  Mechanics of Post-Tensioned Mass Timber Rocking Wall Systems

The mechanics and lateral load response of these post-tensioned mass timber rocking shear
wall systems have been characterized and presented by many researchers (Pampanin et al.
[2001b], Newcombe et al. [2008], Sarti [2015], Ganey [2015], and others). This procedure for
characterizing the response is often referred to as the cross-sectional analysis procedure and
utilizes the monolithic beam analogy to estimate the stain at the base of the wall panels.
This procedure was utilized extensively and expanded upon for design purposes in research
presented in this document. The procedure is presented in detail in the Chapter 3 of this

document.
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2.6 Base Rocking Modeling Methodologies

Various modeling procedures have been proposed over the years, ranging from detailed but
computationally expensive distributed multispring models, to more simplified but computa-
tionally efficient rotational spring models. Although less common, other methods such as
fiber based (Akbas et al. [2017]) or shell element based finite element models and simplified
analytical single DOF models have also been proposed. This section will review some of the
nonlinear numerical modeling work completed on post-tensioned mass timber rocking wall

systems.

2.6.1 Distributed Multispring Modeling

A common method for modeling post-tensioned rocking walls and connections is through
a series of springs in parallel that distributes the nonlinear compressive timber behavior
over the rocking interface. The parallel springs are commonly called a multispring element.
This type of element was first developed by [Spieth et al., 2004] for precast concrete rocking
systems and has been implemented for many studies (including Palermo et al. [2005]). Since
then, it has been used for various rocking systems, including post-tensioned mass timber
shear walls. The multispring element simulates the gap opening at the base and the neutral
axis variation. With this method, the behavior of the PT bars and the energy dissipators
can be physically modeled with springs or truss elements.

Figure 2.24 shows the distributed multispring model created by Sarti [2015] in OpenSees.
The walls were modeled with elastic beam-column elements and the base of the wall element
was connected to the multispring element. The multispring element consisted of multiple
longitudinal zero-length springs in parallel. Each spring was assigned a compression only
hysteretic material model to allow for gap opening. The total stiffness of the multispring
element, kgping, Was calibrated from analytical procedures. Sarti [2015] used an initial ap-
proximation of 3E.pun At/ Le s where E,ppy is the connection modulus defined as 70% of the

timber modulus of elasticity, A is the area of the wall, and L.ss is the effective cantilever
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length for the wall system. The post-tensioning was modeled using truss elements and the
dissipative reinforcement was modeled using either zero-length spring elements or trusses.
When compared with experimental data from quasi-static tests on LVL rocking walls, the
distributed multispring model presented by Sarti [2015] was found to accurately capture the

force-displacement response, PT force, and neutral axis depth.
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Figure 2.24: Multispring models developed by Sarti [2015] for (a) single wall, (b) paired wall,

and (c¢) column-wall-column system

Ganey [2015] also developed a multispring model in OpenSees for rocking CLT walls that
is similar to Sarti [2015]. The overall stiffness of the multispring element was calibrated based
on test results of statically loaded, post-tensioned, rocking CLT walls. The overall stiffness
was then distributed to the individual springs using the Labatto integration scheme, and
an elastic-perfectly plastic material model was used. Overall, this method also accurately
captured the behavior from quasi-static experimental results. Figure 2.25 shows a comparison
of numerical and experimental results from this study for a paired post-tensioned rocking
wall system that was tested under quasi-static loading.

Kovacs [2016] also developed a numerical model for rocking structures, similar to Sarti

[2015] and Ganey [2015], but used the Winkler Spring Analogy (WSP), based on work by
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Figure 2.25: Multispring numerical model results comparison with experimental results from

Ganey [2015]

Newcombe et al. [2008], to derive the stiffness of the multispring element. Based on WSP, the
stiffness of the multispring element is based on an effective length, L.ss, which is determined
by looking at the stress fields at the wall base when pushed laterally. Newcombe [2015]
developed an empirical relationship based on experimental testing considering a variety of
different material properties and system parameters. It was determined that L.sy is highly
dependent on the neutral axis depth, c. However, because ¢ is not directly observed in the
analyses and would have to be recalculated at each step, it is difficult to implement. Thus,
Kovacs [2016] uses the empirical equation defined by Newcombe [2015], but uses a constant
¢, determined at the peak expected roof drift. The results from this model compared well

with experimental test data from Sarti [2015].

2.6.2 Rotational Spring Modeling

While detailed distributed multispring models capture local behavior, they can be compu-
tationally expensive and challenging to develop. Thus, more simplified numerical models

with rotational springs at the base of the walls can be valuable when looking only for full
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building response such as story drifts and accelerations. In most rotational spring models,
the nonlinearity is modeled using two rotational springs in parallel at the base of the wall
panels. This modeling methodology was originally developed by Palermo et al. [2005] and
Pampanin et al. [2001a] for concrete structures. This section will briefly discuss rotational
spring models, but will not be discussed in detail as it was not utilized for the research
presented in this document.

Sarti [2015] created a rotational spring model for LVL rocking walls in OpenSees. Shown
in Figure 2.26, the model consists of elastic frame elements with material and geometric
properties of the LVL wall panels and two parallel zero-length rotational springs at the base
of the wall elements that fully concentrate the nonlinear system behavior. As shown, the
first spring models the post-tensioning moment using a multi-linear elastic hysteretic mate-
rial model while the second spring models the dissipative contribution through a bi-linear
moment-rotation relationship. The model is calibrated by matching the analytical moment-
rotation results to the experimental results. When compared with results from experimental
tests on rocking LVL walls, the model slightly underestimates the force-displacement loop,
but overall provided very good agreement. It was also determined from this study that the
rotational spring model was not able to account for isotropic stain hardening effects, and

thus underestimated the hysteretic damping of the system Sarti [2015].

2.6.3 Comparison of Distributed Multispring and Rotational Spring Modeling Methodologies

Rotational spring models are computationally efficient and can accurately predict system
response and provide a general understanding of system performance, including story drifts
and accelerations. Multispring models are more computationally demanding and more chal-
lenging to develop but they also provide a good prediction for system performance. The main
difference between the modeling methodologies is that the multispring models can capture
the system behavior in more detail. Specifically, PT bar force, energy dissipator forces, and
uplift and stresses in the base connection are captured with this model. The rotational spring

models are only able to provide overall response parameters such as force-displacement and
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moment-rotation [Sarti, 2015].

Igbal et al. [2015] compared predictions from a rotational spring model and a multispring
model with results from quasi-static cyclic tests on post-tensioned LVL wall panels (discussed
in Section 2.5.2). As shown in Figure 2.27, both models were able to predict the response of
the experimental tests well. The multispring element model had slightly better performance
prediction, especially at the initiation of gap opening. Sarti [2015] also compared model
predictions from a rotational spring model to a multispring model. This study also found
that both modeling methodologies were effective in the prediction of experimental results,
however, the rotational spring model was not capable of accounting for isotropic strain
hardening effects, resulting in an underestimation of system damping (although this effect is
very minor).

In summary, both methods are accurate in predicting system performance. The largest
disadvantage of using the multispring element for modeling is that it is computationally
taxing. The largest disadvantage of using the rotational spring model is that it can only
provide overall response results and not detailed parameters. Because the understanding

of the detailed parameters such as PT bar force, UFP force, and compression at the base
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Figure 2.27: Comparison of a rotational spring model and a multispring model to experi-

mental results from Igbal et al. [2015]

of the wall were important for the designs presented in this document, the multispring
model was utilized here. Additionally, Newcombe [2011] recommends using the multispring
model for wall modeling (as opposed to beam-column connections) because coupling between
neighboring walls and boundary columns (from the presence of energy dissipators) and the
influence of the floor system from wall uplift may result in significant axial load variations

which can only be accounted for in the multispring models.

2.0.4 Other Modeling Methods

Huang [2023] and Pei et al. [2021] proposed a simplified single rotational spring model in-
tended for conducting fast, dynamic simulations for mass timber post-tensioned rocking wall
systems. The wall elements are modeled with beam elements with lumped mass in the hori-
zontal direction at each story and all nonlinear behavior is included with a rotational spring
at the base of the wall. Essentially creating a model that is like single degree-of-freedom
oscillator. The rotational spring parameters are calculated by considering the dimensions

of the CLT wall panel, the PT rods, and the energy dissipating devices. The modeling
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technique was validated using test results from the NHERI TallWood shake table test that
tested a full-scale two-story mass timber building with post-tensioned CLT rocking walls,
described in detail in Chapter 4. The model considered three degrees of freedom: horizontal
displacement at the floor and roof levels and rotation at the base of the walls. Model results
showed reasonable agreement with the shake table test results considering the simplicity
of the model. The authors recommended that higher than measured modulus values from
static loading tests should be used to consider load rate effects. Although detailed informa-
tion about the response is not provided from this model, it could be valuable in preliminary
design and assessment [Pei et al., 2021].

Wilson [2018] developed a modeling methodology that consisted of two phases. First, a
higher-order finite element model is developed in SAP2000, then, using the results from the
higher-order model, a simplified reduced-order model is developed. The higher-order model
uses shell elements to model the wall panel and inelastic axial links to model the PT bars. A
simple pushover curve is then run to determine the base moment-rotation relationship which
is then used to create the reduced-order model. With this methodology, the reduced-order
model can be used to run a large number of computationally efficient analyses. Similar to the
rotational spring models, this reduced-order model only provides global information about
the system, but detailed parameters such as PT bar force and damage to the base of the wall
panels can be determined by relating back to the higher-order model. A similar modeling
methodology was also used by Alegria [2022] to complete a large parametric study on post-
tensioned mass timber rocking wall systems to study the effects of geometric parameters,

system damping, and boundary parameters on system response.
2.7 Higher Mode Effects in Base Rocking Systems

Base rocking systems in steel, concrete, and timber have all shown that by limiting the base
moment and allowing rocking, structural damage to the rest of the structure can be avoided.
However, past research has also shown that structural forces up the height of the structure

can increase significantly due to higher mode effects. The increased moment demands up
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the height of the structure become particularly problematic.

Wiebe and Christopoulos [2009] suggested that higher mode effects could be reduced by
introducing additional rocking segments up the height of the structure. In this study, 24
wall systems of varying height and rocking joint configurations were studied numerically by
running suites of ground motions at DBE and MCE hazards. It was found that the bending
moment envelope was greatly reduced by adding multiple rocking joints up the height of the
structure. It was also found that the introducing multiple rocking joints did not result in
dramatic increases in peak displacements meaning that second rocking joints could result in
more economical designs since they structure at the location of maximum moment would

not have to be designed for the amplified moment.

In a study specific to controlled rocking steel braced frames (CRSBF), Wiebe and Christopou-
los [2015] proposed a design method for estimating the peak forces from higher mode effects.
These systems are similar to post-tensioned rocking wall systems in which the system is de-
signed to avoid damage to the main structural elements and the primary nonlinear behavior
is confined to the rocking joint at the base. Current code based lateral force distributions
do not accurately capture the nonlinear dynamic shapes of the shear and moment envelopes
which are controlled by higher mode effects. Thus, Wiebe and Christopoulos [2015] pro-
poses a method for calculating shear and moment envelopes that are more representative of
the envelopes seen in nonlinear models. The method is based on the overturning moment
overstrenth and the fundamental periods and thus does not require a structural model to
be developed. The method was developed based on theoretical modal properties of a can-
tilevered shear beam with uniformly distributed mass and stiffness. In this paper, the method
for estimating the forces from higher mode effects was validated through nonlinear model-
ing of designed buildings. Multiple buildings were subjected to suites of ground motions at
MCE and the suite mean response was compared to the proposed method. The left moment
diagram in figure 2.28 shows the nonlinear numerical results, in comparison to the proposed
design moment envelope equation which is labeled as the “capacity design estimate”. The

study found that the capacity design method generally capture the 84th-percentile overturn-
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ing moments. Wiebe and Christopoulos [2015] also investigated alternative designs that used
multiple rocking joints to mitigate the higher mode effects. The right moment diagram in
Figure 2.28 shows the reduction of moment demand that results from adding an additional

rocking joint and the comparison to the predicted capacity design estimate.

12 T 12 T
one of 44 records b one of 44 records
causes collapse \‘ causes collapse
10T 7 10 1S 7
8 7 8r 7
two
SCED braces rocking
at first story -
. joints
6 reduction due 1 6 reductiondue T
toISCED braces to added joint
-\
4 71 4t B
2 1 21 T
0 ' 0— !
200000 400 000 0 200 000 400 000
overturning moment overturning moment
(kN-m) (kN-m)
individual record capacity design estimate
------ median of 44 records 84t percentile of 44 records
- — - 84" percentile of 44 records without higher mode mitigation

Figure 2.28: Overturning moment results from nonlinear modeling in comparison to the
porpoised capacity design estimate for a continuous wall and a wall with a second rocking

joint [Wiebe and Christopoulos, 2015]

The method for estimating higher mode effects in Wiebe and Christopoulos [2015] was
utilized in Kovacs and Wiebe [2019] which studied the collapse assessment of post-tensioned
rocking CLT wall wall systems. In Kovacs and Wiebe [2019], three prototype walls were
designed using a force-based design procedure that included the higher mode approximation.

Nonlinear time-history analyses and fragility analyses were conducted. The results showed
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that using the proposed design method, the probability of collapse for these systems can
be limited to less than 10% during an MCEgR earthquake. Additionally, it was found that
the design method for estimating the higher mode forces capture the median nonlinear time
history analysis results within 15% for all designs.

Pilon et al. [2019] studied how introducing a second rocking joint can also mitigate
higher mode effects in CLT and LVL rocking wall systems and the benefits associated with
doing so. Pilon et al. [2019] states that for tall mass timber shear walls, multiple wall
segments are needed. Creating rigid connections between the panels is costly and can slow
down construction. These rigid joints also result in dynamic amplification of forces in the
upper stories. This study proposes connection details that would allow for multiple rocking
segments at the construction joint. Nonlinear OpenSees analyses were conducted on multiple
designs and found that introducing a second rocking joint can reduce moment demands in
the walls by nearly 45%.

A recent study by Alegria [2022] investigated the effects of wall aspect ratio in post-
tensioned CLT rocking walls on overall performance and moment amplification. In this
study, both 6 and 12-story buildings were studied. Four aspect ratios were studied for the
6-story building and three ratios were studied for the 12-story building. For all the buildings,
the total wall length was the same (30 feet). To change the aspect ratio, the wall was broken
up into multiple segments, coupled together with UFPs,; rustling in different building periods
for each design. The resulting designs are shown in Figure 2.29. As shown in Figure 2.29,
Alegria [2022] found that walls with a larger aspect ratio had larger drifts, likely due to
the lower flexural stiffness of these elements. Alegria [2022] also found that the amount of
moment amplification from higher mode effects also decreased as aspect ratio (and flexural

stiffness) decreased.
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Figure 2.29: Results from Alegria [2022] showing the effects of aspect ratio on the perfor-

mance and moment amplification in post-tensioned rocking CLT walls

2.8 Conclusions and Research Needs

The research presented in this section has presented the following conclusions:

e Mass timber is a strong and sustainable building material that has grown in popularity
in recent years. While it is commonly used in gravity systems and diaphragm systems
in buildings, its use in lateral systems is still low as it has not been accepted by US

design codes. It shows potential to be a resilient material for lateral systems and is

growing in popularity.

e Mass timber shear walls with traditional mechanical connections are good for low-level

seismic regions where the system can remain elastic. The only ductility from these
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systems come from the mechanical connections which is not sufficient for areas that

can experience high accelerations.

e Through quasi-static and pseudo-dynamic tests, post-tensioned base rocking connec-
tions in concrete and timber systems with energy dissipators show ductile behavior,

good energy dissipation, and recentering capabilities for high seismic areas.

e A method for developing the lateral load response of post-tensioned mass timber rock-
ing walls has been developed and validated through quasi-static and pseudo-dynamic

tests.

e A variety of numerical modeling methodologies for response prediction of post-tensioned
mass timber rocking walls have been proposed and validated through quasi-static and
pseudo-dynamic tests. The most popular methods (rotational spring models and dis-
tributed multispring models) have trade offs between efficient computational times and

detailed assessment of the system.

e A multispring numerical modeling methodology can most accurately capture the re-
sponse of the full system and include all interactions between the gravity system and

diaphragm systems.

e In tall rocking wall systems, higher mode effects result in dynamic amplification of
forces in the upper stories. Notably, the wall moment demands at upper floors far

exceed the base moment demands.

The research presented in this section shows promising success for the future implemen-
tation of post-tensioned mass timber rocking shear walls for buildings in high seismic areas.
However, limited research has been done relating specifically to tall post-tensioned mass tim-
ber shear walls, validating the performance of these systems under dynamic loading, and little

work has been completed on developing and validating three-dimensional nonlinear numerical
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models. The research in this document aims to address these research gaps through full-
scale dynamic shake table testing, numerical three-dimensional nonlinear numerical model
development and validation, and validation of code-alternative design procedures for these

systems, specifically relating to tall buildings.
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Chapter 3

FUNDAMENTAL MECHANICS OF ROCKING MASS
TIMBER WALL STRUCTURES

3.1 Overview

This chapter first presents an overview of the component level behavior and system behavior
of post-tensioned rocking mass timber walls. Then, fundamental mechanics are used to
describe the lateral load response of the mass timber rocking walls. This includes a discussion
of the cross-sectional analysis procedure which is commonly used to estimate of the lateral
load capacity, moment-rotation, and force-displacement behavior of the mass timber rocking
wall systems. Throughout this chapter both paired rocking wall systems (such as those used
in the NHERI TallWood two-story shake table test discussed in Chapter 4) and rocking walls
with bounding columns (such as those used in the NHERI TallWood ten-story shake table

tests introduced in Chapter 6) are considered.

3.2 Overview of Mass Timber Rocking Wall Lateral Systems and Component
Behavior

In this section, the component level behavior and analysis considerations needed to estimate
the moment-rotation behavior of post-tensioned mass timber rocking walls with UFP energy
dissipation devices are discussed. Two possible configurations for rocking wall systems are
shown in Figure 3.1: (1) two mass timber wall panels connected with UFPs, which will be
referred to as “paired walls” and (2) a single mass timber wall panel connected to bounding
columns on both sides with UFPs. Note, the paired wall system shown here is sometimes
referred to as a “coupled wall” system. The term paired wall has been used in this document

because the UFPs do not actually couple the walls together the same way as traditionally
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defined in structural engineering. Although other configurations are possible, the two shown
in Figure 3.1 are emphasised as they are representative of the wall configurations utilized in
the two-story and ten-story NHERI TallWood shake table tests. Note, both configurations
in Figure 3.1 depict designs with continuous wall panels extending up the height of the
entire structure, which is consistent with the configurations used in both the two-story and

ten-story shake table tests.

TOP PT TOP PT
ANCHORAGE

ANCHORAGE

WALL TO WALL TO
DIAPHRAGM DIAPHRAGM
UFP ENERGY SHEAR SHEAR
UFP ENERGY
TRANSFER TRANSFER
DISSIPATING \ DISSIPATING
DEVICE DEVICE
MASS TIMBER
ROCKING WALL
PANELS
POST
TENSIONING
BARS
— POST MASS TIMBER
Rgéﬁﬁ\‘g“\ﬂﬁ | TENSIONING BOUNDING
I BARS COLUMNS
PANELS [ A
-
BOTTOM PT K BOTTOM PT
ANCHORAGE ANCHORAGE

(a)

(b)

Figure 3.1: Wall systems (a) paired rocking walls and (b) rocking wall with bounding columns

In both configurations shown in Figure 3.1, the system consists of a single post-tensioned
(PT) connection, meaning there is just one PT connection at the base with the PT bars
anchored to the foundation. At the top, the PT bars anchor to a steel connection attached

to the wall itself, so when the wall rocks and a gap opens at the base of the wall, the PT
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bars elongate. In the paired wall configuration, Figure 3.1a, the wall panels are connected
using UFPs for energy dissipation. In Figure 3.1b, the there is only one wall panel and
the UFPs attach to bounding columns on either side of the panel for energy dissipation.
In both configurations, the seismic mass from the rest of the structure is transferred to the
seismic force resisting walls trough a diaphragm shear transfer connection. This connection
transfers horizontal loads while accommodating vertical displacements and rotations of the

wall panels.

3.2.1 Mass Timber Wall Panel Behavior

The specific behavior and properties of different mass timber products can vary between
type of product, the wood used for the components, and the manufacturer. Additionally,
limited testing has been completed on most mass timber products, particularly post-yield
behavior testing, so properties beyond those considered in grading certification have some
uncertainty. To date, there are no universally accepted compressive constitutive relationships
for mass timber. In many studies, elastic-perfectly plastic material properties have been
assumed to represent CLT behavior when the strains are limited [Ganey, 2015]. Figure 3.2
shows one example of an assumed compressive stress-strain response for CLT that includes
material deterioration. This behavior is based on compression test results completed on DR
Johnson CLT at Oregon State University [Barbosa et al., 2018]. As shown in the figure, the
compressive behavior can be approximated as elastic, with an elastic modulus of F,,, until
the yield stress, f, q¢ is reached. After yielding, the behavior can be approximated with a
zero strain-hardening plateau until CLT splitting begins at the splitting strain, €, ;. After
splitting, the strength deteriorates until crushing occurs at approximately 25% of the yield
stress at the crushing strain, €..o:. The compressive behavior illustrated in Figure 3.2 is
used for the material response of the CLT walls in the analysis and design of the NHERI

two-story and ten-story shake table tests.
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Figure 3.2: Idealized compressive stress-strain relationship for CLT panels based on test data

from Barbosa et al. [2018]

3.2.2 UFP Energy Dissipating Devices

Initially proposed by Kelly et al. [1972], UFPs are made by bending a mild steel plate to form
a 'U’ shape. The UFPs can either be mounted between timber wall panels or between the
wall panel and bounding wall columns to provide the primary source of energy dissipation
for the system. UFPs are typically anchored to the structural elements using steel saddle
(Figure 3.3) or embedded plate connections. The UFPs are field welded or bolted to the
connection, allowing for easy replacement after large earthquakes that result in significant
UFP yielding. Figure 3.3b shows a schematic of a UFP with the typical dimensions where
t, is the thickness of the plate, b, is the width of the UFP, and D, is the average diameter
of the UFP.

UFPs dissipate energy when one end moves vertically relative to the other, changing the
radius of curvature from straight to curved along the vertical edges, causing the plate to yield
[Baird et al., 2014]. The plastic moment, M, s, is determined through basic mechanics,
assuming the entire cross section yields. Equation 3.1 defines M, s, as the product of the
yield stress, f,.fp, and the plastic section modulus of the rectangular cross section, Z. As

derived by Kelly et al. [1972], the theoretical maximum force, V, ., is estimated by equating
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Figure 3.3: UFP (a) saddle mounting connection detail and (b) typical dimensions

the shear couple, from the two ends of the UFP, to the sum of the plastic moments, M, ,¢p,
as shown in Equation 3.2. Note, the yield moment, M, ,f,, and the yield force, V,, ,sp, can
also be approximated using a similar procedure with the elastic section modulus, S, instead

of the plastic section modulus, Z. This results in a yield force that is 2/3 of the plastic force
(Vzhufp)-

1
Mp,ufp = fyZ = nybuti (3-1)
2M,  f,b.t?
Vousp = D = —;D (3.2)

When designing UFPs, the maximum strain in the UFP should be considered. Baird
et al. [2014] defines the maximum strain as the UFP thickness to Diameter ratio, as given
by Equation 3.3. Ideally, the maximum stain should be limited in design to increase the

number of cycles until fracture.

ty
mar — 1~ 3.3
o = 1 33)

u

The initial vertical stiffness of the UFPs, k,, is approximated by calculating the yield
displacement through energy methods, as shown in Equation 3.4 from [Baird et al., 2014].
E is the elastic modulus of the UFP material, typically a mild steel.
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The energy dissipated by all UFPs in a full wall assembly can be quantified using the
energy dissipation ratio, 8. For the assembly,  is calculated as the ratio of the area of the
flag-shape damping hysteresis (Figure 3.4b) to the area of the full elastic-plastic hysteresis
illustrated in terms of base-moment versus rotation in Figure 3.4a, as given by Equation 3.5
[Seo and Sause, 2005]. For the rocking systems presented, the moment contribution from the
UFPs, M, ps, is typically taken as the as the force in all the UFPs multiplied by the rocking
moment arm (typically the length of the wall). The yield force of the full assembly is defined
as M,.

5= Myrp

2M,

Yt M, L :[Mufp
// (1-2B)M,
t (S} } O

(3.5)

(a) (b)

Figure 3.4: (a) the full elastic-plastic hysteresis and (b) the flag-shaped damping hysteresis

used to represent the energy dissipation ratio [Seo and Sause, 2005]

3.2.3 Post-tensioned connections

In the rocking mass timber wall systems considered here, the walls are anchored to the

foundation using unbonded steel PT bars instead of traditional mechanical brackets that are
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used in typical timber shear walls. The bars are fixed to the foundation at the base of the
wall and run along the total height of the wall. Multiple bars can be placed symmetrically
about the center line of the wall length or just one bar can be placed in the center of the wall
thickness. Additionally, the bars may run through a pre-cut cavity in the wall or can run
externally on both sides of the walls so the system remains symmetric and balanced. Bars are
typically placed close to the center line of the wall to minimize PT strains from wall uplift.
With the systems discussed here, the bars attach to the top of the wall through a saddle-like
connection and the walls are typically balloon framed. The PT bars are initially stressed to
provide recentering capabilities for the system by initially putting the wall in compression
add developing a precompression between the wall panels and the foundation. Apart from
the PT bars, the wall is not otherwise attached directly to the foundation; however, some

form of shear transfer is needed at the base to prevent sliding.

Under small lateral loads the walls behave elastically. As the the lateral load increases, a
gap, 04qp, opens at the base of the wall. During uplift, the PT bars stretch, increasing their
tension force and the resisting moment. Figure 3.5 shows an example free body diaphragm
for a paired post-tensioned rocking wall system and a rocking wall with boundary columns
at a points beyond decompression. Upon unloading, the wall panels rock back downward.
As 0,,, decreases, the bars shorten and their initial PT force results in wall recentering. As

long as the PT bars remain elastic, the initial PT force will fully recenter the walls.

As mentioned, under small lateral loads and before rocking, the wall system is elastic.
During this phase, the lateral load is resisted fully by the elastic deformations of the wall
panels, similar to that of a fixed-base shear wall. System stiffness changes once the decom-
pression moment, My, is reached and a gap opens at the wall base. Prior to decompression,
the overturning moment is resisted by the initial PT force, T, ,;, and gravity loads, W. As-
suming a linear distribution of the mass timber compression stress along the wall base, as

shown in Figure 3.6a, the decompression moment is approximated by Equation 3.6.
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Figure 3.5: Rocking wall system behavior for (a) a paired post-tensioned rocking wall system

and (b) a rocking wall with boundary columns

Mdec =

(Tope +W)d (3.6)

In Equation 3.6, d is the distance between the the resisting timber force, C 004, and the

resultant of the initial PT force and the gravity load (75, ,; +W). The resultant of the timber

compression stress acts at the centroid of its assumed triangular distribution. If the resultant

of the initial PT force and the gravity load acts through the wall’s centroid at L, /2, where

L., is the length of the wall, then the moment arm, d, is L,,/6 at the decompression moment.
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Figure 3.6: Timber stress distribution at the base of the wall (a) at decompression, (b) when
the compression stress is less than L,,/2 and still linear, and (c¢) when the wood at the base

of the wall has yielded

Post decompression, the wall uplifts and 6,,, opens between the base of the wall and the
foundation. However, the lateral-load response is essentially linear-elastic until the portion
of the wall base in compression and in contact with the foundation, ¢, is at least less than
L, /2, elongating the PT bars. Figure 3.6b shows the stress distribution at the base of the
wall when the contact length is less than L, /2. Akbas et al. [2017] defines an effective
linear limit (ELL) which corresponds to a visible gap and reduced contact length such that
the lateral stiffness of the wall is reduced enough to exhibit significant nonlinear behavior.
This point is assumed to occur when the contact length, ¢, is approximately 3L,,/8, which
was derived from test data from Ganey [2015]. At this point, PT elongation is assumed to
be negligible. Thus, similar to Equation 3.6, the moment at the ELL, M, is calculated
assuming initial PT force, Ty, and a linear stress distribution along the contact length,

resulting in a moment arm, d, also equal to 3L,,/8.

As the wall panels rock and the mass timber deforms at the base, the portion of the

wall base in compression (also called the neutral axis depth or compression zone, ¢) changes
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constantly. The compression stress distribution of the mass timber in the compression zone
will remain linear (Figure 3.6b) until the peak strain in the timber exceeds yield. After yield
the stress distribution will follow the assumed behavior of the timber (Figure 3.6¢ shows
and example of a commonly used stress behavior for mass timber walls). The cross-sectional
analysis procedure, described in Section 3.3.1, is commonly used to solve for the constantly
changing neutral axis depth.

The contribution of the UFPs to the moment resistance has not yet been discussed. As
the walls rock, the UFPs also deform, further increasing the resisting moment, however the
contribution from the UFPs is typically small when compared to the moment generated by
the PT bars tension force and wall compression force. Typically the UFPs are assumed
to remain elastic and don’t contribute significantly to moment resistance until after the
decompression moment, but before the ELL. Note, in taller walls, UFPs near the top may
yield due to only elastic deformation. Once the UFPs deform significantly, they produce a
shear force, V,,f,, along the vertical edge of the wall (Figure 3.5). Calculating the contribution
of the UFPs to the total moment capacity of the wall will be discussed in more detail in

Section 3.3.1.

3.2.4  Cyclic behavior

The mass timber rocking wall concept and system response is similar to a hybrid system,
summarized in Figure 3.7. The PT bars, in combination with a gap opening at the base
of the wall, provide a nonlinear elastic response with zero residual rotation after unloading
(3.7a). However, with only PT bars, the system lacks damping. The hysteretic behavior of
the steel yielding energy dissipators provides the needed energy dissipation (3.7b). Adding
the response of the unbonded PT bars and the energy dissipating devices, results in the flag
shaped hysteresis for the total system show in Figure 3.7c.

The combination of the unbonded PT bars and the energy dissipators produces a sys-
tem that can undergo large inelastic deformations while assuring recentering and minimized

damage. Figure 3.8 shows a more detailed flag shaped hysteresis for mass timber rocking
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Figure 3.7: (a) Self-centering hysteresis from PT bars and (b) energy dissipating hysteresis
combined to get the (c) idealized flag-shape hysteresis loop [Stanton et al., 1997]

systems with a series of structural limit states defined by previous researchers in Akbas et al.
[2017] and Ganey et al. [2017]. Under small lateral forces, prior to decompression, the wall
remains linear and elastic with a stiffness equal to the elastic shear and flexural stiffness of
the mass timber panels. After decompression, the stiffness decreases only slightly. Notable
nonlinearity occurs after significant uplift; this point is defined as the ELL [Akbas et al.,
2017]. The UFPs typically yield in the region between decompression and ELL or just after
the ELL, depending on their strength and stiffness. With increasing lateral displacement,
significant uplift and nonlinear behavior begins. The system is designed such that the base

of the timber panels will yield, split, and crush (as shown in Figure 3.2) prior to PT yielding.



65

v, CLT splitting
/ /CLT crushing
CLT yielding___
ELI—— PT

UFP yielding—] yielding

Decompression

Or

Figure 3.8: Hysteretic behavior of rocking mass timber wall systems

3.2.5 Wall to Floor Diaphragm Shear Transfer

Different diaphragm options have been studied for structures with rocking mass timber walls.
Concrete slabs offer more rigid diaphragm behavior, a flexible diaphragm can achieved using
plain mass timber, or a combination of a mass timber diaphragm with a composite concrete
topping results in a semi-rigid diaphragm. While the response of the wall to floor diaphragm
shear transfer will be discussed, the response of the diaphragm is beyond the scope of work

presented here and will only be discussed briefly.

To minimize damage to the gravity system, diaphragms, and the walls, a connection
between the wall and diaphragm that transfers horizontal shear force while accommodating
vertical displacements is necessary. Moroder et al. [2017] tested several wall to diaphragm
connection design concepts with varying degrees of rotational and transnational deformation
decoupling. Four of the connections studied are shown in Figure 3.9. In situations where a
more flexible diaphragm is present, it was shown that more economical connections such as
the one shown in Figure 3.9a or Figure 3.9b are sufficient. With a more rigid diaphragm,
a more complicated connections such as the one shown in Figure 3.9¢ are recommended.

When rotations need to remain small, end columns can be used to transfer the shear forces
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indirectly as shown in Figure 3.9d.
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Figure 3.9: Different wall to diaphragm shear transfer connections: (a) vertical and rotational
restraint; (b) vertical restraint; (c) horizontal restraint; and (d) use of end columns for no

restrains in the walls [Moroder et al., 2017]

The majority of the work presented in this document assumes rigid diaphragm response.
As a result, more complicated connections such as the one shown in Figure 3.9c were assumed
for modeling purposes and were used for both the two-story and ten-story shake table tests.
These connections utilized vertically slotted holes in the rocking walls, with cantilevered
dowel-like connections that anchored to the diaphragm and extended through the vertically
slotted holes. These connections allowed transfer of horizontal forces without transferring

vertical forces or rotational moments.
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3.3 Formulations for Approximating the Lateral Load Response of Timber
Rocking Walls

This section presents formulations for approximating the lateral load response of rocking
mass timber walls. First, a cross-sectional analysis procedure is presented which can be used
to solve the moment-rotation response of the system. With this procedure, a gap rotation is
imposed at the base of the wall. An iterative procedure is used to solve for the PT forces,
the energy dissipator forces, and the compression force in the timber at the base of the wall
to satisfy equilibrium and determine the assembly base moment capacity. After presenting
the procedure for determining the moment-rotation response, the procedure for determining
the force-drift response from the moment-rotation procedure is presented. The concepts
presented in this section are used as the basis of the design procedures used in both the
two-story and ten-story NHERI TallWood shake table specimens, with some test specific
modifications.

This section presents the procedure for a single rocking wall panel with boundary columns
on either side, connected with UFPs (Figure 3.1b). An explanation for adapting the proce-
dure to paired walls with UFPs (Figure 3.1a) is presented after, in Section 3.3.3.

3.83.1 Cross-Sectional Analysis Design Procedure

An iterative procedure called the cross-sectional analysis procedure, has been developed to
assist in solving for the neutral axis location at the base of rocking wall panels (ie. the length
of the compression neutral axis) for any given drift after the decompression. This procedure
allows for determining the moment-rotation behavior of the system. This procedure was
originally developed by Pampanin et al. [2001b] for precast concrete frames and was then
adapted and modified by Newcombe et al. [2008] for LVL walls and Ganey [2015] for CLT
walls. The procedure here is recommended for mass timber rocking wall panels. Figure 3.10

summarizes the procedure.

As discussed previously, prior to decompression, the wall behaves as a cantilevered section.
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Figure 3.10: Summary of the cross-sectional analysis procedure for determining the moment-

rotation response of rocking timber walls

After decompression, a gap opens at the base of the wall and the following procedure can be
used to determine the moment-rotation behavior. Note, significant nonlinear behavior does
not occur until after the ELL, but this procedure can still be used prior to ELL. Figure 3.11
shows a distribution of the forces at the base of a wall panel that has UFPs on both ends of
the wall (similar to the system shown in Figure 3.1b). This figure can be referenced in the

following section for nomenclature and derivation of equations.
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Figure 3.11: Forces distributed at the base of post-tensioned rocking timber walls UFPs

connecting the wall to boundary columns

Impose Gap Rotation

The first step of the cross-sectional analysis procedure is to impose a gap rotation, 04, at
the wall base. 0y, is the rotation angle at the base of the wall that occurs after the wall has
decompressed, as shown in Figure 3.11. The imposed gap rotation is used to calculate the
total story drift, 6;,:;, by adding the rotation representative of elastic wall deformations, as
shown in Equation 3.7. Contributions from elastic deformations will be discussed in more

detail in Section 3.3.2.

A

" (3.7)

‘gtotal = egap +

Estimate Neutral Axis Depth

The next step of the cross-sectional analysis procedure is to estimate the length of the

compression zone (also called the neutral axis depth), ¢, at the wall base. This distance is
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iterated on until equilibrium is satisfied in the last step of the procedure (Section 3.3.1).

Solve for PT Tension Force

When 0, opens at the base of the wall panel, the i-th PT bar will stretch by A ;. Assuming
small angles, the change in length of the PT bars, A, ; is calculated by multiplying 04, by
the difference between the distance from the corner of the wall and the location of the PT
bars, d ;, and the neutral axis depth ¢ (Equation 3.8). The subsequent increase in PT bar
force, AT} ;, is then equal to the change in PT bar length, A, ;, multiplied by the axial
stiffness of a PT bar, k,,; (Equation 3.9). The axial stiffness of the PT bar, k,,, is equal
to the product of the tensile area of each PT bar, A, ;, and the elastic modulus of the PT
bar material, E,;, divided by the PT bar length /,; (Equation 3.10). Finally, the total force
in each bar is the sum of the initial PT force, T}, ,, and the change in PT bar force, AT}, ;
(Equation 3.11).

Apti = Ogap(dpti — €) (3.8)
ATpri = Bprikpri (3.9)
Kpti = % (3.10)
Tpti = Tpto + AT (3.11)

Solve for UFP Forces

Unless the UFPs have fully yielded, the force from the UFP on the side of the wall that is in
compression, Fyr, ., will be smaller than the UFP force on the other side of the wall panel,
Fyufpt. The compression UFP deformation, Ay, ., can be calculated as the product of 0,
and ¢ (Equation 3.12), while the tension UFP, A,y,:, can be calculated as the product of
0,ap and the difference between L,, and ¢ (Equation 3.13). Note, in both cases, the depth of

the bounding columns is neglected.
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Aytpe = Ogapc (3.12)
Augpt = Ogap(Luw — ©) (3.13)
(3.14)

Although more complicated material behaviors may be assumed, here a simple elastic-
plastic material model is assumed for the UFPs. This is reasonable because the UFPs do
not gain much additional strength after yield. Thus, as shown in Equation 3.15, the force
in the UFP on the compression side of the wall can be taken as the maximum of the the
yield force of the UFP (F, ,,, calculated according to Equation 3.2) and the product of the
UFP stiffness (k,f,, calculated according to Equation 3.4) and the deformation of the UFPs,
Ay fpe. Similarly, the force in the UFPs on the tension side can be calculated using Equation
3.16. For both sides, the number of UFPs on each wall face, n,,, must also be accounted
for. Note, constant UFP deformation, and thus force, up the height of the walls is assumed.
Although the UFPs towards the top of the wall will deform more from elastic deformation
of the wall panels, this is still a reasonable assumption because yield displacements and

post-yield stiffness are small.

/

F,

u nu
Vufpe = max pdpuly (3.15)

L KuppDugp.clugp

(

F,

aufpTluf
Vufpt = mazx P (3.16)

L FuppDupptnufp

Solve for the Compression Force in the Wood

To determine the total compression force in the wood, Cy 004, the maximum strain experienced

at the rocking corners of the wall panels is first determined using the monolithic beam
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analogy. This was originally developed by Pampanin et al. [2001b] for precast concrete
beams and later adopted by Ganey [2015] for CLT rocking walls. The goal of this analogy
is to determine a relationship between the maximum compression strain at the outermost
fiber of the wall, €,,,¢ and the neutral axis depth, ¢. The analogy relates the unbonded
rocking behavior to the behavior of a typical monolithic wall with a plastic hinge (Figure
3.12). Both wall models have the same geometry and material properties so the analogy can
relate the local unknown parameters of the walls to the equal global displacement behavior
of the walls. Note, other similar methods for determining the compression force have been
proposed (such as the revised Monolithic Beam Analogy introduced by Palermo et al. [2004]),

but the monolithic beam analogy will be used here.

Agap Ae 4 ﬂﬁe
hw
Plastic
hinge
7] Ogap region TIP
t Rocking Monolithic
Wall Wall

Figure 3.12: Monolithic beam analogy

For the monolithic beam analogy approach, equal displacements are applied to the tops
of both walls, as shown in Figure 3.12 and Equation 3.17. For both walls, a portion of the
total displacement is from elastic deformations, A.. Because the geometry and material
properties of the walls are identical, the elastic deformations are assumed to be equal. For
the rocking wall system, the remainder of the wall deformation is from rigid body rotation

due to 044,. This deformation is called Ag,,. For the monolithic wall, the reminder of the
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deformation is a result of plastic deformation, called A,. Because the total deformations are
equal (Equation 3.18), and the elastic deformations are also equal, the rigid body rotation
of the rocking wall, A,,,, must equal the plastic deformation in the monolithic wall, A,

(Equation 3.19).

Atotal(rocking) = Atoifal(Trw'rmlithic) (317)
Agap + Ae = Apl + Ae (318)
Agap = Apl (319)

The rigid body deformation of the rocking wall, Ay, is determined by multiplying the
gap rotation at the base by the height of the wall as shown in Equation 3.20.

Agap = Ogaphy (3.20)

The plastic deformation of the monolithic wall is defined using a plastic hinge analysis.
Thus, the plastic displacement is defined as the plastic rotation, 6,;, multiplied by the distance
between the top of the wall and the midpoint of the plastic hinge length as shown in Equation
3.21. The plastic rotation, 6,;, is defined as the plastic curvature, ¢,;, multiplied by the plastic
hinge length as shown in Equation 3.22. ¢,; can then be defined as the difference between the
total curvature, ¢, and the elastic curvature, ¢., as shown in Equation 3.23. Additionally,
the total curvature is determined by dividing the unknown strain in the wood, €,04, by the
neutral axis depth, ¢, as shown in Equation 3.24. Finally, elastic curvature is determined
through basic mechanics by dividing the yield moment, M,, by the modulus of elasticity,
E,, and the moment of inertia of the wall, I,,, as shown in Equation 3.25. Equation 3.26
combines the previous five equations to present an equation for the plastic deformation of

the monolithic wall in terms of €,,,,q and c.
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l

Ay =0, (hw — Ep) (3.21)
Opi = Opily (3.22)
gbpl - ¢total - ¢e (323)

€woo
(btotal - c d (324)

My
p— -2
b= i (325)
o €wood . B l_p

A= ( ° 0c) by (hw 2> (3.26)

The next step of the monolithic wall analogy procedure combines the previous equations
(Equations 3.19, 3.20, and 3.26) to get the final equation for €,,, in terms of the neutral
axis depth as shown in Equations 3.27 - 3.29. Note, other research on mass timber rocking
walls use different equations for €,,,,4. For example, the strains from elastic deformations
are not always included or the plastic hinge length is considered negligible, resulting in €004
being equal to 0,,,c/l,. However, research presented in this document has shown that elastic

deformations are not negligible and Equation 3.29 is used.

0gaphe = (6“’"‘” - qﬁe L (hw > (3.27)
€wood gap w
4, = 3.28
AR ey (3.28)
P w 2
0anhw
€wood = Ll + Qbe c (329)
bp(hw — %)

With €,004 at the outermost fiber of the timber wall panel, a linearly decreasing strain
over the neutral axis depth is assumed until the strain equals zero at the decompression
point, as shown in Figure 3.11. The stress distribution, f.(x), can be determined based on
the max strain and the assumed compression behavior of the wood. To compute the final

compression force at the base of the wall, C,,.q4, the stress curve can be integrated along the
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length of the neutral axis depth, ¢, and multiplied by the thickness of the wall, b,,, as shown
in Equation 3.30. Cy.0q¢ Will act at the centroid of the stress distribution, at a distance of
d., from the compression corner of the wall panel, as shown in Figure 3.11. Note, d. must

be calculated based on the assumed stress distribution at the current rotation.

Cwood - /OC fc(x)bwdx (330)

If the wood remains elastic, the stress distribution is triangular and the total compression
force in the wood is calculated as shown in Equation 3.31, and is located at a distance, d.,

from the corner of the wall of ¢/3.

1
Cwood = §€woodEwwa (331)

Satisfy Equilibrium

The final step of the cross-sectional analysis procedure is to check equilibrium and iterate on
the neutral axis depth, ¢ from Section 3.3.1 until equilibrium is satisfied. Again, Figure 3.11
shows a free body diagram of the wall panel. Vertical force equilibrium must be satisfied as
shown in Equation 3.32, where n, is the number of PT bar locations across the width of
the wall panel. For each gap rotation, 6,4, the corresponding neutral axis depth, c, is not

correct until the vertical equilibrium equation is satisfied.

Npt

W+ Z Tptd + Vufp,t = Cuwood + Vufp,c (332)
=1

Determine QOverturning Moment

Using the results of the cross-sectional analysis procedure, the resulting overturning moment
for each imposed gap rotation, 6,,, can be calculated through moment equilibrium about

the resultant compression force in the wood. The resulting moment of the wall assembly at
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the base, Myssembiy, is calculated as seen in Equation 3.33. Alternatively, the moment could
be taken about any other point along the base of the wall and would result in the same
value. The assembly moment can be broken down into two components: (1) the moment
contribution from the UFPs, M,, and (2) the moment contribution from the PT bars and
the compression force in the wood, My,,;. This is shown in Equation 3.34 where M, s, and
M ,qu are defined using Equations 3.35 and 3.36, respectively. The moment contribution
from the PT bars and compression in the compression force in the wall, M., is equivalent

to the moment in the wall panel (i.e., the moment that must be capacity designed for).

Ly <& Lu Lu
Massembly = (Vufp,c + Vufp,t) 7 + Z Tpt,i (dpt,i - _) + CWOOd (_ - dc> (333)
=1

2 2

Massembly - Mufp + Mwall (334)
Ly,

Mugp = Vagpe + Vagpa) = (3.35)

& Lu Ly
Mwall = Z Tpt,i (dpt,i - 7) + C’wood (7 - dg) (336)
=1

3.3.2  Force-Drift Response

Using the base assembly moment, Mssempiy, results (calculated with the moment-rotation
cross-sectional analysis procedure) and considering the distribution of earthquake forces up
the height of the wall, the total base shear force and deflection at the roof can be approxi-

mated.

Base Shear

The distribution of earthquake forces up the height of the wall is either known or can be
approximated assuming a design procedure such as the Equivalent Lateral Force (ELF) pro-
cedure in ASCE/SEI 7-16 [ASCE, 2016]. This distribution can be quantified by calculating
and effective height, h.sr. As shown in Figure 3.13, h.sy is the effective height a single equiv-

alent lateral shear force would act so the base shear and overturning moment are equivalent
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to the system with multiple story shear force. It can be calculated using Equation 3.37.
Note, hess can be calculated without knowing the total base shear or the specific values of
the applied forces at each floor, but rather with just knowing the proportion of the total

base shear at each floor.

Tp(+W ‘ TpﬁrW ‘

SF,

SF; SF,

< el
el c.f

@ (b)

Figure 3.13: Equivalent systems for calculating the effective load height, h.s¢

Z?:l Fih;

hegr = = 3.37
eSS (3.37)

The assembly moment at the base of the wall can be calculated by summing the product
of the applied force at each story, F;, and the height of each story, h;, as shown in Equation
3.39. The total base shear can be calculated by summing the applied earthquake force, F;,

for all stories, n, as shown in Equation 3.38.

Vi=> F (3.38)
i=1

Massembly = Z Fih; (339)
=1
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The base shear can be calculated as a function of only base assembly moment and h.yy,

as shown in Equation 3.40.

Massem
v, = —ossemtly (3.40)

hegs

Alternatively, if the force distribution is unknown, a triangular distribution of forces
can also be assumed as this is a common approximation for seismic applications. Given a
triangular distribution, h.s¢ can be calculated as shown in Equation 3.41 where h,, is the
height of the wall. The corresponding base shear can be calculated according to Equation

3.40.

D i (3.41)

heff = hw—

ny i
Roof Drift

The total roof displacement, A1, can be calculated by summing the displacement due to the

gap rotation at the base of the wall, A,,, the displacement due to bending deformations, Ay,

gap>
and the displacement due to shear deformations, A,. The deformations due to gap opening
at the base of the wall, A, is a result of rigid body rotation when the wall rocks while the
flexural and shear deformations are due to elastic deformations in the wall panels. Note, in
rocking wall systems with bounding columns on either side of the wall panel, the boundary
columns will contribute to the overall wall system stiffness, however, the contribution is
very small (especially for tall buildings) and often neglected. Sarti [2015] recommends only
including the contribution from boundary columns for buildings with three or less stories.
The deformation at the roof from rigid body rotation is calculated as the product of the

gap rotation at the base of the wall, 0,,,, and the the total height of the wall, h,,, as shown
in Equation 3.42.
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Agap = Ogaph (3.42)

The deformation at the roof due to flexure, Ay, can be calculated assuming the wall is
a fixed-base cantilevered wall with applied forces, F;, at each story. The total deformation
from bending can be calculated as a superposition of the force on all n floors, as shown in
Equation 3.43, where E,, is the elastic modulus of the timber wall material, and I, is the
moment of inertial of the wall cross section, bending about the strong axis. Note, each story
force, F;, can be solved knowing the vertical distribution of the earthquake forces and the

base shear, V}, calculated in Section 3.3.2.

Ap=) 1—’”(3% —hy) (3.43)

The deformation at the roof due to shear, A,, can also be calculated assuming the
wall is a fixed-base cantilevered beam with applied forces at each story. Similar to flexural
deformations, the total deformation from shear forces can be calculated as a superposition of
the forces on all n floors, as shown in Equation 3.44, where G,, is the shear modulus of the
of the timber wall material. The numerator of Equation 3.44 can be simplified to Mssempiy-

resulting in Equation 3.45.

" Fih
A, = G 3.44
2 . o)
Massembl
A, = assembly 4
G (3.45)

Adding the flexural and shear deformations together, the total elastic deformations. A.,
can be calculated as shown in Equation 3.46. The total elastic contribution to the drift at
the roof can be calculated by dividing the elastic roof displacement, A., by the total height

of the wall, h,,, as shown in Equation 3.47.
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- Ehz Massem
Ae:Ab+AS:Z6E} (Bhw—hi)—i—G—Ably (346)
A
. = — 3.47
> .47

Finally, the total deformation at the top of the wall can be calculated by adding the
elastic deformations (calculated using Equation 3.46) to the deformations from gap rotation
at the base (calculated using Equation 3.42), as shown in Equation 3.48. The total roof drift

can then be calculated using Equation 3.7.

Atotal = Aga,p + Ae (348)

3.8.83  Application to Paired Wall Systems

The cross-sectional analysis procedure for determining the moment-rotation response and
the procedure for determining the force-drift response presented above for a single wall
with boundary columns, can also be applied to a paired rocking wall system with some
modifications. Figure 3.14 shows the forces distributed at the wall bases for the paired
wall system. The forces specific to the left and right panels have 'L’ and 'R’ superscripts,
respectively.

To solve the paired wall system, it is assumed that the roof displacement at the top of
each wall panel are equal. It is also assumed that the gap rotations at the base of the walls,
0., and 6 for the left and right panels, respectively, are equal. Thus, the deformation
due to rigid body rotation, Ag,,, will also be equal for both walls and so will the elastic
deformation, A.. However, the assembly moment at the base of each wall panel will be

different because the force contribution from the UFP is different on each wall. As shown

in Figure 3.14, the UFP force on the left panel (Vupr’C) is acting upward (adding to the

compression) and the UFP force on the right panel (V) is acting downward (adding to
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Figure 3.14: Forces distributed at the bases of paired rocking timber walls with UFPs

the tension). Therefore, the wood compression force in the left panel, CZ .= will be smaller

ood)?

than the wood compression force in the right panel, C .

To perform, the cross-sectional analysis procedure for paired rocking walls, it is recom-
mend that the wall panels are separated and separate equations are written for each wall
panel. The same procedure presented in Section 3.3.1 can be used with the the following

modifications to each step:

1. Impose Gap Rotation: Impose an equal gap rotation to the base of each wall panel
with the assumption that both panels experience the same deformation from rigid

body rotation and from elastic deformation (Equation 3.49).

oL =~ (3.49)

gap gap

2. Estimate Neutral Azis Depth: Select an initial estimation for the neutral axis depth
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on the left (c*) and right (cf) wall panels. Initially, these can be equal, but with the
presence of UFPs,; they will be after iterating to satisfy equilibrium.

. Solve for PT Tension Force: The PT forces in the left wall panel (T

pt,i

) and the right

wall panel (T%.) can be solved for using the same methods described in Section 3.3.1.

ptyi

. Solve for UFP Forces: Because the UFPs are located between the walls, the defor-
mation from rotation of both walls must be calculated independently and then added
together to calculate the total force in the UFP. Referring to Figure 3.14, when the
wall rocks to the right, the UFP deformation from rotation of the left panel (AL, )
can be calculated using Equation 3.15 and the deformation from the rotation of the
right panel (Affp’t) can be calculated using Equation 3.16. The total deformation of
the UFPs for paired walls can then be calculated as the sum of both deformations, as
shown in Equation 3.50. The force in the UFP on the left wall panel, Vuwa, and the

right wall panel, Vu§p7t, can then be calculated using the total sum and thus will both

be equal, as shown in Equation 3.51

Aufp,toml - ’AfLLpr,c + Affp,t (350)
Viipe = Vilips = maz (Fyupp, kugpugpiotal) (3.51)

. Solve for the Compression in the Wood: The compression force of the wood of the left

wall panel, CZ . and of the right wall panel, C = can be calculated using the same

wood?
methods as outlined in Section 3.3.1. The compression force locations, d* and d? for

the left and right wall respectively, can also be calculated.

. Satisfy Equilibrium: Vertical Equilibrium must be satisfied for both the left and right
wall panels. The neutral axis depth (c and ¢ for the left and right panels, respectively)
should be iterated on until the equilibrium is satisfied. Equations 3.52 and 3.53 show

the vertical equilibrium equations for the left and right panels, respectively.



83

Npt

W+ Z Tp[t/ i Cﬁood + V ufp,c (352)
W+ Z pt,i Ufpt C'wood (353)

7. Determine Overturning Moment: The resulting overturning moment for the left and

and ME

assembly Ca1L be calculated as shown in Equa-

right wall panel assembly, Massembly
tion 3.54 and Equation 3.55, respectively. The total base moment, Mssempiy total, Of
the paired wall system is calculated by summing the moments from each wall panel as
shown in Equation 3.56. The moment contribution from the UFPs in the full paired

wall system is calculated as shown in Equation 3.57.

) Lo Ly Ly
Massembly ufpc 2 + Z ptyi ( pti 7) + C’lf)/OOd (7 - dé) (354)

Lw < Lu Ly,
Mf@sembly ufp, 2 + Z pt,i ( plyi 7) + Czljood (7 - df) (355)

Massembly,total = Mfssembly + M assembly (356)
Mufp,total - Vu[}p’cl/ Vufp CL (357)

To calculated the force-drift response of the paired wall system, the same procedure
may be used as presented for the single wall wight boundary columns. The base shear can
be approximated using Equation 3.40 with the total moment of the system, Mssembiy.totai-
Similarly, the roof drifts may be assessed as outlined in Section 3.3.2, but accounting for the

stiffness of both wall panels.

3.4 Summary

This chapter presented the component level behavior and system behavior of post-tensioned

rocking mass timber walls. The behavior of both paired rocking rocking walls and rocking
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wall panels with boundary columns were both discussed. In these systems, the PT connec-
tions allow for uplift of the system, resulting in a nonlinear response. The PT connections
also allow for recentering after large earthquakes. System damping comes from the UFPs.
Additionally, this chapter presented the cross-sectional analysis procedure which is a common
method for determining the moment-rotation response of rocking wall systems. A method
for determining the force-drift response was also presented. In the cross-sectional analysis
procedure, the monolithic beam analogy was used to calculate the peak wood strain at the
base of the mass timber panels. In Chapters 4 and 6, these methods were used for as the
basis for designing the lateral systems for the two-story and ten-story NHERI TallWood test

specimens, respectively.



85

Chapter 4

TESTING OF THE TWO-STORY NHERI TALLWOOD
BUILDING

This chapter has been largely adopted, with variations, from a previously published journal
paper written by the author. It is published in the Earthquake Engineering and Structural
Dynamics Journal: Wichman et al. [2022].

4.1 Overview

To better understand the performance and behavior of using rocking mass timber walls as
the seismic force-resisting lateral system in tall timber buildings, a full-scale two-story mass
timber building with CLT rocking walls was tested at the NHERIQUCSD shake table at
the University of California San Diego [Van Den Einde et al., 2021]. A key objective of this
two-story test was to generate data on the behavior of important components for calibrating
numerical models for future simulation of the ten-story test specimen. In this chapter, the
design and test setup will be discussed with emphasis on the rocking walls. Note, this chapter
is an abbreviated version of Wichman [2018]. In this section, emphasis is put on just the
rocking walls, because the remainder of the specimen was designed by project collaborators.
Additional information on the design of the diaphragms and gravity system can be found in

Barbosa et al. [2021] and Pei et al. [2019], respectively.

4.2 Design considerations

At the beginning of the NHERI TallWood project, researchers collaborated with architects
and practicing structural engineers to evaluate the potential market for tall wood buildings.

Results from this discussion showed a demand for mixed-use buildings with residential and
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commercial spaces and open floor plans that could be reconfigured with nonstructural walls.
Because of this discussion, the desire for an open floor plan drove the overall geometry for the
two-story specimen, as well as the size limitations of the shake table, and the desired aspect
ratio of the diaphragm. The aspect ratio of the diaphragm and CLT walls were selected to
be representative of a taller building.

Taking into account the design constraints, there were four key components of the test
building the research team wanted to investigate. These components included: (1) a glulam
gravity framing design tolerant of large lateral drifts without significant damage, (2) CLT
diaphragms with and without a composite concrete deck, (3) resilient post-tensioned rocking
CLT wall lateral system, and (4) a low-damage shear transfer mechanism connecting the

rocking walls to the diaphragms.

4.2.1 Shake Table Facility Details

The full-scale two-story specimen was tested at the National Hazard Education Research
Institute at University of California San Diego (NHERIQUCSD) Large High-Performance
Outdoor Shake Table (LHPOST). This laboratory hosts the largest outdoor shake table in
the world, making it ideal for conducting this one of a kind test for the mass timber building
industry. At the time of this testing, the shake table was uniaxial. The table measures 24.9
feet in the north-south direction and 40 feet in the east-west direction. The table shakes in
the east-west direction. The bare table can reach a peak acceleration of 4.2g and with a 900
kip rigid centered payload the table can reach a peak acceleration of 1.28g. The table has a
total stroke length of +/- 30 inches in the east-west direction and a vertical payload capacity

of 4,400 kips [Van Den Einde et al., 2021].
4.3 Test setup

Figure 4.1 shows a photo and schematic of the test specimen. The gravity system consisted
of glulam beams and columns, the floor and roof level diaphragms were made of CLT (the

roof diaphragm had a concrete deck topping on top of the CLT panels) and the seismic force
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resisting system included two paired rocking walls. The overall structural design configura-

tion was such that the lateral elements and the gravity systems were separated, as commonly

adopted for concrete and steel high-rise buildings.

Figure 4.1 shows the four steel gravity frame extender beams anchored to the shake

table, cantilevering off the table, perpendicular to the direction of shaking to extend the

table width. These beams supported the gravity system, allowing the structure to be larger

in the direction perpendicular to shaking. The CLT rocking walls were also placed on top

steel foundation beams to make the entire structure start at the same elevation. All steel

foundation beams were securely anchored to the shake table using PT rods.
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Figure 4.1: Two-story test building: (a) photo, (b) CLT rocking wall elevation view,

Building elevation view, (d) roof plan view, and (e) floor plan view.



38

The gravity system and diaphragms were designed assuming typical office loading with
a dead load of 64 psf and 79 psf on the floor and roof, respectively. These loads were
determined by summing the estimated as-designed self-weight of the structural elements
(assuming concrete on both levels) with a 10 psf partition load and a 14 psf miscellaneous
load for finishing items on each level. Because the CLT rocking walls were designed to be
independent of the gravity frame and engage only under lateral loads, the weight of the walls
was not included in the dead load for design of the gravity system or the diaphragms.

Because nonstructural elements were not included on the test structure and concrete was
only added to on the roof level, additional mass was added in the form of large steel trench
plates to achieve the intended design seismic mass. Twenty-two and 48 plates, each weighing
about 1.3 kips, were added and secured to the roof and floor diaphragms, respectively.
Although the intent was for the final weight of the structure to be equivalent to the design
dead load (74 kips on the floor level and 92 kips on the roof level), the actual dead load
of the floor level exceeded the design load by 14 kips and the actual dead load on the roof
level was 2 kips less than then the intended design load. Thus, the total seismic weight, not
including the weight of the CLT walls themselves, was 88 kips and 90 kips for the floor and

roof, respectively.
4.4 Gravity framing and diaphragm

The gravity frame was designed in accordance with the US 2015 National Design Specification
(NDS) for Wood Construction [AWC, 2018] and consisted of glulam beams and columns. All
structural timber for the gravity frame was provided by DR Johnson Wood Innovations. The
columns were grade L2 and the beams were either 24F-V4 or 24F-V8 grade.

As seen in Figure 4.1, eight glulam columns supported the gravity load. The four columns
closest to the center of the building (columns C1 in Figure 4.1c) were continuous through
the diaphragm, demonstrating balloon framing. The outside columns (columns C2 in Figure
4.1c) were separated by the floor diaphragm, demonstrating platform framing. The con-

nections between the beams and columns and at column bases and tops utilized vertically
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slotted details to allow free rotation and minimize damage to columns, beams, and joints
under large lateral drifts. Most connections utilized commercially available connectors with
some modifications to accommodate joint rotation during earthquakes. The connection de-
tails were completed by KPFF Consulting Engineers, an industry partner for the NHERI
TallWood Project, based on connections designed and tested for the permitted Framework
building project in Portland, Oregon [Zimmerman and McDonnell, 2018]. Note that consid-
erations for joint fire protection was not incorporated into these details. More details on the
gravity connections can be found in Pei et al. [2019] and Wichman [2018].

Also shown in Figure 4.1, the first-floor diaphragm was 3-ply CLT and was more flexible
than the roof diaphragm, which was 5-ply CLT with a 2-1/4 inch concrete composite deck.
The CLT used for the diaphragm panels was certified as Grade V1 based on APA standard
PRG320 [APA, 2019b], also provided by DR Johnson. Both diaphragms had two slots for the
CLT post-tensioned rocking wall lateral system. The spans between the beams supporting
the diaphragm were designed to satisfy deflection and vibration requirements in the CLT
floors for the design office occupancy. The floor and roof diaphragms were designed to be
damage-free under the planned seismic excitations and the differing stiffness of each level
was an intentional study parameter [Barbosa et al., 2021]. Figures 4.1d and 4.1e show the
plan views for the roof and floor diaphragms and show the orientations of the beams and

CLT diaphragm panels tested on each level.
4.5 Post-tensioned rocking CLT walls

The seismic force resisting system was designed to meet the seismic demands computed per
ASCE/SEI 7-10 [ASCE, 2010] for a class B soil site in San Francisco, California. The same
design dead load used for the gravity system and diaphragms was also used as the design
seismic weight for the walls. A seismic force reduction factor (R) of six, an importance
factor of 1.0, and an approximate period per ASCE/SEI 7-10 were used to compute equivalent
lateral force demands used in the design. The design spectral response acceleration parameter

at short periods, Spg, and at a period of 1 second, Spi, were 1.06g and 0.34g, respectively,
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and the approximate fundamental period, T, was 0.20 seconds.

The designs of the two walls were identical. As shown in Figure 4.1b, each wall consisted
of two CLT rocking wall panels coupled together with five UFP energy dissipating devices
and were post-tensioned with four bars on each wall. The 24-foot tall post-tensioned rocking
walls were balloon framed such that they extended 2 feet above the roof elevation to allow
for easy PT bar installation. The four wall panels were 5 feet wide, 5-ply grade E2-M1 CLT,
and also manufactured by DR Johnson. The walls connected to the diaphragm with a slotted
shear key connection allowing for decoupled rotational and vertical movement between the

diaphragm and rocking walls.

4.5.1 Rocking wall target performance objectives

The paired rocking wall system was designed to meet four performance objectives, each
corresponding to a different seismic demand. At each performance objective, different limit
states were targeted for major components in the CLT rocking walls, including: (1) CLT
wall panel yielding and crushing at the rocking base, (2) yielding and fracture of the PT
bars, and (3) yielding and fracture of the UFPs. These performance objectives are modified
versions of the performance objectives presented in Ganey [2015]. The target performance
objectives used for the design of the walls in the two-story test specimen, summarized in

Figure 4.2, are as follows:

e Performance objective 1: Wind loading Targets no wall decompression under

design wind load.

e Performance objective 2: Immediate occupancy Targets no required repair of
the system after a service level earthquake (SLE), defined as a 50%-in-30-year hazard
level earthquake (43-year return period). Minor UFP yielding is allowed, however, PT
bars and the CLT walls should remain elastic. In addition, SLE level earthquakes at

this performance objective should be reach peak drifts of around 1%.
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e Performance objective 3: Limited Repair Allows for major yielding of the UFPs
(with potential replacement) and full system recentring after a design based earthquake
(DBE), defined as a 10%-in-50-year hazard level earthquake (475-year return period).
After DBE level earthquakes, the UFPs can be heavily damaged and thus replaced, but
PT bars should not yield and the rocking CLT panels should only see minor crushing,
ensuring rcentering behavior with residual drifts less than 0.2%. In addition, according

code-based drift limits, the story drifts should be limited to 2%.

e Performance objective 4: Collapse prevention Targets limited overall damage
to the system for collapse prevention after a maximum considered earthquake (MCER)
from ASCE/SEI 7-10. PT bars should only experience minor yielding and CLT wall
panels can crush, but damage should still be limited to prevent any major loss of
strength or stiffness. The story drift limit for this performance objective is set at
4% based on when the PT bar strains will become large. Beyond an MCEgR level

earthquake, the building is expected to see excessive damage and large story drifts.

PO 1: PO 2: PO 3: PO 4:
NO IMMEDIATE LIMITED COLLAPSE
V‘ DECOMP. OCCUPANCY REPAIR PREVENTION
VMCER*
10/50 - First occurrence of:
- PT Yielding First occurrence of:
First dccurrence of: -Excessive PT Yielding
V0130 | _CLT wall Crushiné -Excessive Wall Crushing
v First occurrence of:
wind -Conn. Decompression
-Minor UFP yielding
t t t > A
A50/30 A1 0/50 AMCER
(1% Drift) (2% Drift) (4% Drift)

Figure 4.2: Target performance objectives used for the design of the rocking walls in the

two-story shake table test. Adopted from Ganey [2015]
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4.5.2  Post-tensioned rocking CLT walls design

The following design procedure was adopted for the post-tensioned CLT rocking wall to

achieve the performance objectives:

1. Calculate elastic seismic demands: ASCE/SEI 7-10 seismic demands were computed
using the equivalent lateral force procedure using the approximate fundamental period,

Ty, from ASCE/SEI 7-10 and an assumed seismic force reduction factor, R, of 6.

2. Determine system properties and dimensions: Initial design parameters and dimen-
sions of the rocking walls and post-tensioning bars were selected. These were adjusted

throughout the design procedure to meet performance objectives (Step 7).

3. Select UFP dimensions and desired dissipation ratio: The UFP energy dissipators were
designed to provide a minimum energy dissipation ratio, 3, of 0.3 per the recommen-
dations of Christopoulos et al. [2002]. £, was approximated as shown in Equation 4.1.
The moment contribution from the UFPs, M, ,, was approximated as the total plastic
force of all 5 UFPs, V, ., multiplied by the length of a wall panel, L,, (i.e., Equation
3.57). The yield moment for the system, M, was taken as the ELL moment, M,

calculated ignoring UFP contributions.

M, Nufp(VpufpLw
B = fo _ 2 (VouspLlow) (4.1)

2M, 2 [np(Toypt + W)d]

4. Calculate elastic moment capacity: The elastic moment capacity (taken as the moment
capacity of the paired wall system at ELL, M;) was used as the design limit state.

As shown in Equation 4.2, M., was calculated assuming a compression contact length,

3Ly

s with a linear stress distribution in the CLT, initial PT bar forces, and

¢, equal to
fully plastic UFPs. In Equation 4.2, n, is the number of panels per wall system, and
Ny fp 1s the number of UFPs. In the calculation of M, both wall panels were assumed

to have equal moment capacity.
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5. Check that capacity exceeds demand: The moment capacity of the paired walls at the
ELL, M.y, was checked to ensure it exceeded seismic demand. The system properties
and dimensions (Step 2) were adjusted and the design procedure was iterated through

until this criteria was satisfied.

6. Determine the moment-rotation response: Using the cross-sectional analysis procedure
and the monolithic beam analogy, discussed in Section 3.3.1, the full moment-rotation

behavior of the system was approximated.

7. Check performance objectives: Using the approximated moment-rotation response de-
termined from Step 6, all performance objectives from Section 4.5.1 were checked. The
system properties and dimensions (Step 2) were adjusted and the design procedure was

iterated through until the limit states were satisfied.

CLT wall panels
The four 5-ply CLT wall panels were balloon framed such that they extended 2 feet above
the roof elevation for easy PT bar installation. The final dimensions of each panel were:

e Panel thickness: b, = 12.375 in

e Panel width: L, =5 ft

e Panel height: h,, =24 ft

For design and modeling, the material properties of the CLT were based on compres-
sion tests results of 5-ply, E2-M1, DR Johnson CLT, completed at Oregon State University

[Barbosa et al., 2018]. The results from this test were used to characterize the equivalent

compression stress-strain relationship of the panels, shown in Figure 3.2. Note, exact test



94

results showed a slight increase in stiffness after yield. The behavior shown is the assumed
simplified model. In compression, the behavior can be approximated as elastic, with an elas-
tic modulus of F,,, until the yield stress, f, 4 is reached. After yielding, the behavior can be
approximated with a zero strain-hardening plateau until CLT splitting begins at the splitting
strain, €, .. After splitting, the strength deteriorates until crushing occurs at approximately
25% of the yield stress at the crushing strain, €...;. The material properties used for the

constitutive model for the design of the CLT wall panels were:

Modulus of elasticity: E,, = 1238 kst

Shear modulus: G,, = 80 kst

Yield stress: fy ¢ = 3.627 kst

Splitting strain: € 4 = 0.0056 in/in

Crushing strain: €. 4 = 0.0375 in/in

Wall to diaphragm connection

The rocking wall lateral system connected to the diaphragm using the vertically slotted shear
key connection detail shown in Figure 4.3a, and was designed by engineers at KPFF. The
concept for this connection was originally from the permitted Framework building in Port-
land, Oregon [Zimmerman and McDonnell, 2018]. The connection allows for the diaphragm
to remain level by allowing uplift of the wall panels relative to the diaphragm.

As seen in Figure 4.3a, the rounded cantilevered steel shear key (width, wg., and thick-
ness, lre,) was inserted into a vertically slotted hole in the walls to create a slotted pin
connection allowing vertical and rotational movement to decouple the diaphragm from the
rocking walls. To reduce vertical resistance at the interface, the shear key was wrapped in
a thin Teflon sheet. One end of the shear key was bolted to a steel wing plate to transfer
load from the shear key to the diaphragm. The steel wing plate connected to the CLT di-

aphragm with 45-degree timber screws (on the roof, a portion of the diaphragm did not have
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nection and out-of-plane bracing; (b) top of wall PT wall saddle connection; (c) base of

wall shear transfer, bracing, and PT hold down connection; and (d) UFP energy dissipator

connection

a concrete topping, allowing space for this connection). To transfer forces through the di-
aphragm, steel collector plates were welded to the wing plate and ran along the entire width
of the diaphragm (parallel with the walls). The other end of the shear key, sticking through
the wall, was left un-attached, creating a cantilevered design with a cantilevered length of
Ljey, measured from the centorid of the wall to the end of the wing plate. The cantilevered

design of this connection was intended to represent the worst-case loading scenario for the
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connection where the walls are placed on the exterior of the building. The connection was
designed based on the estimated rocking wall capacity of 4% drift with an additional safety
factor of 1.5. Table 4.1 summarizes the dimensions and properties for the shear keys on the

floor and roof levels.

Table 4.1: Dimensions and properties of diaphragm-to-wall shear key transfer connection

Level wWgey (in) they (in) Lyey (in) Eley (ksi)
Roof 25/8 13/4 163/8 29,000
Floor 27/8 7/8 16 3/8 29,000

At the intersection of the diaphragms with the rocking shear walls (adjacent to the shear-
transfer connection) a series of angles provided out-of-plane bracing as shown in Figure 4.3a.
The face of the angle sitting against the wall was lined with a thin stainless-steel plate,
while the portion of the wall in contact with these angles were coated with a Teflon sheet to

simulate a frictionless surface.

Post-tensioning bars

Each wall panel was post-tensioned with four bars that spanned the entire height of the wall.
The bars were Simpson Strong-Tie ATS high-strength, fully-threaded, %—inch diameter rods
(with a net tensile area, A,et ¢, of 0.334 in? and an elastic modulus, E,t, of 29,000 ksi). The
manufacturer listed yield stress and ultimate stress were 92 ksi and 120 ksi respectively. As
shown in Figure 4.3b, a fabricated steel PT saddle sat atop each CLT wall panel to anchor
the PT bars to the top of the wall. While recording the applied force using load cells, each
bar was manually tightened to an initial force, T, of 12 kips, about 40% of yield force.
At the base of the wall, steel PT hold down plate were welded to the foundation beam to

anchor the PT bars to the foundation, as seen in Figure 4.3c.
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Foundation beam set up

As mentioned previously, the CLT rocking walls sat steel on foundation beams. Figure 4.3c
shows the setup of the rocking wall foundation beam. Under lateral loads, shear forces trans-
ferred to the foundation beam through two shear transfer angles, welded to the foundation
beam both ends of the wall. Additionally, a series of out-of-plane restraint angles were welded
to the foundation beam against the faces of the walls to prevent out-of-plane movement at

the base of the walls.

UFP energy dissipation devices

Figure 4.3d shows the typical detail for the UFP energy dissipating devices and connections
used to couple the two CLT panels. The edge of each CLT panel had five pre-cut slots for
the five UFP devices, spaced approximately evenly up the height of the wall. Steel saddles
attached each UFP to the panel. The saddles anchored to the panels with 45-degree self-
tapping timber screws and washers. Bolts attached the UFPs to the saddle after the walls
were initially post-tensioned to prevent initial prestressing of the UFPs. The diameter of the
UFPs, D,, was 3 5/8 inches, the width, b,, was 4 1/2 inches, and the thickness, t¢,, was 3/8
inch. Grade 60 A572 steel was used for the UFPs with a yield stress, fy.rp, of 50 ksi, and

an elastic modulus, E,¢,, of 29,000 ksi.

4.5.3 Predicted Performance

The behavior of the CLT rocking walls was predicted using the procedure outlined in Section
4.5.2. The specimen was designed to have a response that met the performance objectives
outlined in Section 4.5.1. Table 4.2 shows the general predicted moment-drift response of

the specimen with the major events identified and Figure 4.4 shows the corresponding plot.



98

Table 4.2: Summary of predicted design moment-drift response

Roof Drift  Massembiy (k-in) V4 (k) Event
0.1% 3365 14.7 M gemand
0.2% 3731 16.3 Moy
1.0% 5805 25.3 -
1.3% 6326 27.6  Onset of CLT crushing
2.0% 7490 32.7 -
2.1% 7573 33.1 Onset of PT yielding
3.0% 7999 34.9 -
4.0% 8052 35.2 -
5.0% 8053 35.2 -
9000

7500
PT yielding
6000

< ]
S / CLT splitting
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Figure 4.4: Predicted design performance of rocking CLT wall system based on design cal-

culations

4.6 Testing program

The performance at different hazard levels was investigated by subjecting the test specimen
to fourteen total earthquake ground motions. The ground motions were chosen to represent
the three hazard levels (SLE, DBE, and MCER) used to establish the performance objectives.
Before and after each ground motion, a two-minute white noise excitation with a 0.03g peak

ground acceleration (PGA) was run to obtain the current natural period (where a change in



99

period could indicate building damage that occurred during the preceding test). The initial
white noise test results showed an approximate first mode elastic period of about 0.9 seconds.

The fourteen ground motions came from scaling four different ground motion records from
the NGA West PEER ground motion database [Ancheta et al., 2014]. Table 4.3 summarizes
the ground motion record information. Note that the normalized FEMA P-695 [NIST, 2010]
versions of the Imperial Valley, Loma Prieta, and Superstition Hills records were used. Each
of the four ground motion records were scaled to each hazard level, such that the average of
the spectra did not fall below the uniform hazard spectra or response spectra between the
period range of 0.4 seconds and 2 seconds (based on the approximate first mode fundamental

period as determined by results form the initial white noise test Wichman [2018]).

Table 4.3: Summary of PEER-NGA record information for in testing

Event Name Station Name RSN Component

Imperial Valley Delta 169 1
Loma Prieta Capitola 752 2
Superstition Hills  Poe Road 725 2
Northridge Canoga Park 959 2

Table 4.4 shows the testing sequence. The target scale factor is the scale factor that
was applied to the ground motion file, while the effective scale factor is the average ratio of
the output response spectra to the unscaled input response spectra between the periods of
0.4 seconds and 2 seconds. The difference in these two scale factors is a result of inherent
shake table error. The effective peak ground acceleration (PGA) and the effective spectral
acceleration at a period of 0.9 seconds are taken from the output ground motion files. Note,
tests 6 and 8 used the Northridge motion scaled to be slightly larger than DBE hazard and
was repeated back-to-back to demonstrate the ability of the building to withstand multiple
strong motions without the need for repair between motions. Also note that the PT bars did

not yield during any MCEg level motions, so the Northridge MCEg level motion was scaled
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by a factor of 1.2 for test 14 to study the response of the building with yielded PT bars.

Table 4.4: Ground motion testing sequence

Hazard Target Effective Effective Effective S,
Test Event Name

Level SF SF PGA (g) @ 0.9 sec (g)
1 Loma Prieta SLE 0.42 0.36 0.16 0.15
2 Loma Prieta SLE 0.44 0.38 0.18 0.16
3 Northridge SLE 0.28 0.25 0.19 0.18
4 Superstition Hills SLE 0.40 0.37 0.13 0.12
5 Northridge DBE 1.0 0.99 0.53 0.69
6 Northridge ¢ DBE+ 1.06 1.13 0.52 0.74
7 Imperial Valley SLE 0.50 0.42 0.13 0.21
8 Northridge * DBE+ 1.06 1.13 0.53 0.74
9 Loma Prieta DBE 1.21 1.16 0.52 0.49
10  Superstition Hills DBE 1.42 1.41 0.44 0.42
11 Loma Prieta MCEg 1.37 1.32 0.62 0.57
12 Northridge MCEgr 1.32 1.31 0.73 0.91
13 Superstition Hills MCEgr 1.98 2.06 0.63 0.63
14 Northridge MCEgrx1.20 1.60 1.57 0.85 1.11

“Motion was run back to back without a break.

Figure 4.5a and 4.5b show the target uniform hazard curve for the SLE and DBE hazard
levels respectively and Figure 4.5¢ shows the MCER response spectra. Each figure includes
the target response spectra and response spectra of the effective ground motions completed
during testing. Additionally, the average response spectra for the completed tests at that
hazard level is plotted. Note, in Figure 4.5b tests 6 and 8 are identical so they lay overlap
on the figure. They are not included in the calculation of the average DBE hazard level
because they are slightly above the DBE hazard level. Similarly, test 14 was not included in
the calculation of the average spectrum for motions scale to the MCER hazard level because
it was scaled to be 1.2 times the MCEg spectrum at the building’s period. Also included
is a vertical line at 0.9 seconds, the approximate first mode elastic period of the building.
As shown, the average spectral acceleration of each ground motion set at the building’s

approximate period exceeds the target hazard level spectral accelerations. This is partially
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because the ground motions executed by the shake table were slightly larger than the input

motions and because the smallest ground motion in the scaled set was not run.
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Figure 4.5: Effective spectral acceleration spectra of (a) SLE, (b) DBE, and (¢) MCEg

ground motions

4.7 Experimental observations

In general, minimal damage to the structure was observed after the fourteen ground motions
and the walls actually performed better than expected. PT bar yielding was not observed
until the MCEg x 1.2 level ground motion was run. Additionally, no major structural damage
or crushing occurred anywhere on the walls, and more specifically, the rocking corners at the
base of the wall remained damage free throughout testing. Figure 4.6a shows some minor
laminate spreading observed. Figure 4.6b shows some minor splitting of the wood at one
corner of a wall panel, likely initiated by damage during transportation or installation of
the wall panels, prior to testing. After testing, the walls were removed and a square was
put up against the corner of the panel. Figure 4.6¢ shows the little permanent deformations
that occurred. The permanent deformations measured at the wall corners ranged from 0.09
inches to 0.13 inches.

The better than expected performance could be largely attributed to the unexpected
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(@) (b) ()

Figure 4.6: Photos of CLT rocking wall base corners with minimal (a) laminate spreading

(b) crushing and (c) minimal damage at corners after the walls were removed from structure

flexibility of the foundation beams supporting the rocking walls. Figure 4.7a shows an image
of one wall panel corner; a notable gap is present between the wall corner and the foundation
beam. After removing the walls at the end of testing, it was determined that this gap
was a result of both foundation beam deformation and CLT deformation, with the former
contributing more substantially. Figure 4.7b shows an exaggerated plan view schematic
of the yielded foundation beam and Figure 4.7c shows the corresponding section view of
the foundation beam. The permanent vertical deformation at the corners of the panels,
dyp, ranged from 0.27 inches to 0.48 inches, and the length over which this deformation
occurred, [y, ranged from 8 inches to 14 inches. Welding the thick PT anchorage plates to
the foundation beam at the centerline of each wall panel effectively stiffened the foundation
beam in these locations. As a result, this portion of the foundation beam saw no permanent
deformations and elastic deformations were not observed in video footage. It is assumed
that these portions of the foundation beam remained essentially rigid while the corners were

flexible as shown in Figure 4.7b.
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Figure 4.7: Wall base and foundation beam, (a) photo of gap at base of the wall panel and
the foundation beam at the end of testing, (b) yielded foundation beam schematic plan view,

and (c) cross section view.

Although the structure was essentially undamaged after the fourteen ground motions, no
further tests were completed because the gravity frame was only designed for drifts up to

5% and the structural integrity of the gravity frame was necessary for future testing.
4.8 Experimental results and performance

Raw data from the data acquisition system (DAQ) was corrected and filtered prior to data
analysis. The data was first down sampled from the collected frequency of 240 Hz to 120
Hz. Additionally, initial offsets were removed from all instrumentation, apart from the load
cells. Finally, the accelerometer data was filtered using a band-pass butterworth filter with
a lower cutoff frequency of 0.2 Hz and a higher cutoff frequency of 25 Hz to remove random
noise. Other instrumentation was not filtered because it did not pick up as much nose. Some
sensors malfunctioned, resulting in some lost data.

The overall response of the structure was symmetric. Both paired wall systems per-
formed almost identically and displacements across the diaphragm indicated little torsion,
as intended in the design. Thus, in the following section, symmetric response was assumed,
torsional effects were neglected during analysis, and the presented results were typically an

average between the two walls. Note that the results are only discussed briefly here and a
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4.8.1 Global building response
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The data from seven accelerometers installed on each diaphragm level was averaged and

integrated twice to determine displacement histories of each floor. The maximum 1 story

and roof drift, calculated from the integrated acceleration data, is shown in Table 4.5. Figure

4.8 shows a plot of the ground motion spectral acceleration at the building’s approximate

elastic period of 0.9 seconds (representative of the relative ground motion intensity) verses the

roof drift. Only roof drift is summarized in the plot because first-mode response dominated

the behavior such that story drifts were similar, as indicated by the ratio of roof drift to first

floor drift shown in Table 4.5. Results show a clear positive trend between the increasing

spectral acceleration and increasing roof drift ratios, as expected.

Table 4.5: Peak drifts

S, at Peak Drifts Peak Floor Forces

Test Hazard 0.9 sec 15t Story Roof RoofDrift  Viteor Vioos Viase
(g) drift drift 1*StoryDrift  Viase  Viase  (kip)

1 SLE 0.15 0.7% 0.7% 0.97 0.51 0.49 199
2 SLE 0.16 0.8% 0.8% 0.97 0.53 0.47 204
3 SLE 0.18 0.5% 0.5% 0.95 0.54 0.46 16.7
4 SLE 0.12 0.4% 0.3% 0.95 0.61 0.39 13.0
5 DBE 0.69 2.5% 2.5% 1.00 0.32 0.68 404
6 DBE+ 0.74 2.5% 2.5% 0.99 021 0.79 422
7 SLE 0.21 0.9% 0.8% 1.00 0.57 043 174
8 DBE+ 0.74 2.4% 2.5% 1.02 0.57 0.43 35.0
9 DBE 0.49 1.7% 1.7% 1.02 045 0.55 26.9
10 DBE 0.42 2.0% 2.1% 1.02 0.47 0.53 33.1
11 MCERg 0.57 1.9% 2.0% 1.04 046 0.54 29.2
12 MCEg 0.91 3.0% 3.2% 1.07 0.20 0.80 39.2
13 MCERg 0.63 3.1% 3.3% 1.04 044 0.56 41.2
14 MCEgx1.2 1.11 4.6% 4.7% 1.02 0.35 0.65 464

Because many motions exceeded the target spectral acceleration of the intended hazard

level at the building’s period of 0.9 seconds, performance objectives were assessed by looking
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Figure 4.8: Peak roof drifts from experimental results

at the general trends instead of performance at each individual ground motion at it’s intended
hazard. For example, ground motions 6 and 8 were scaled to be DBE level earthquakes;
however, with a spectral acceleration of 0.74g at the building’s 0.9 second period, they are
more representative of an MCER ground motion which has a target spectral acceleration of
0.60g at 0.9 seconds. Thus, also included in Figure 4.8 are horizontal lines indicating the
three hazard level target spectral accelerations at the building’s approximate period of 0.90

seconds (0.09g for SLE, 0.42g for DBE, and 0.60g for MCER).

The design target drift ratios for SLE, DBE, and MCEgR ground motions were 1%, 2%,
and 4%, respectively. Referring to Figure 4.8, all motions with spectral accelerations near
the SLE hazard line on the plot are below 1% drift. Additionally, motions with spectral
accelerations near the DBE line are below the 2% target drift ratio and the motions with
spectral accelerations near the MCEg line are all well below the 4% target drift limit for
MCER motions. Thus, it can be concluded that the specimen met performance objectives

in terms of target drift ratio.

The performance of the specimen was also investigated by calculating the approximate

base shear and floor forces. These inertial floor forces were calculated using Newton’s second
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law and assuming a rigid diaphragm. For each of the floors, the averaged accelerometer
readings were multiplied by the approximate mass associated with that floor, and the base
shear was calculated by summing the inertial forces of both floors. Figure 4.9 shows the
calculated base shear plotted against roof drift for three of the tests, one from each ground
motion hazard. The values in these plots are representative of the shear forces in one wall
(half of the total structure). Note, the exact base shear and floor forces of the system are
unknown because of the assumptions made in calculating these forces from the acceleration

records, such as the approximate mass per floor and assuming a rigid diaphragm.
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Figure 4.9: Hysteretic response of a single paired wall from experimental results for (a) Test

1, SLE Loma Prieta, (b) Test 10, DBE Superstition Hills, and (c) Test 12, MCEg Northridge

Looking at the plots in Figure 4.9, the different responses of the specimen at the different
hazard levels is evident. The response in the SLE test in Figure 4.9a is relatively linear with
some slight nonlinear response due to minor yielding of the UFPs and some rocking of the
wall panels. The response in the DBE test in Figure 4.9b is nonlinear and some damping is
apparent in the hysteretic response. The response in the MCER test in Figure 4.9¢ shows
significant damping and nonlinear behavior, as expected.

The peak base shear per wall for each of the fourteen tests is summarized in Table 4.5.

Also included in the table are the approximate values of the floor and roof shears normalized
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to the total base shear. The vertical distribution of forces is approximately even between the
two stories, as expected because the seismic mass on each floor was very similar. Figure 4.10
shows the calculated peak base shear verse the spectral acceleration of the ground motion
at the 0.9 second approximate building period. In general, there is a clear positive trend

between base shear and spectral acceleration.
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Figure 4.10: Peak Base Shears for a single paired wall system from experimental results

4.8.2  CLT rocking wall response

The force in each PT bar was monitored using load cells. The bars were occasionally re-
tensioned between tests to account for prestress losses or gains (a tolerance of +0.3 kips
was used). The overall peak PT force recorded from each test is listed in Table 4.6 as a
ratio of peak force to expected yield force. A plot of the peak PT force for each test verses
the ground motion’s spectral acceleration at the building’s approximate first mode period is
shown in Figure 4.11. The results from test 5 are not included because load cell data from

the DAQ was lost.
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Table 4.6: Peak wall values for each ground motion

S, at PT Bars UFPs Peak Wall Base Rotation

Test Hazard 09sec , , . Aoos Uplift Compression
(g) EapectedYield A, (rad) (rad)
1 SLE 0.15 0.50 1.6 0.25 -0.09
2 SLE 0.16 0.50 1.6 0.26 -0.09
3 SLE 0.18 0.45 1.1 0.15 -0.07
4 SLE 0.12 0.42 0.7 0.08 -0.05
5 DBE 0.69 - 6.8 - -
6 DBE+ 0.74 0.88 6.6 1.08 -0.33
7 SLE 0.21 0.52 1.8 0.32 -0.18
8 DBE+ 0.74 0.89 7.0 1.10 -0.34
9 DBE 0.49 0.69 4.7 0.72 -0.27
10 DBE 0.42 0.79 5.3 0.93 -0.29
11 MCEg 0.57 0.76 5.4 0.85 -0.29
12 MCEg 0.91 1.02 8.7 1.38 -0.44
13 MCEg 0.63 1.04 9.2 1.47 -0.44
14 MCEgx1.2 1.11 1.12 11.7 2.24 -0.68
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Figure 4.11: Peak PT forces from experimental results

Figure 4.11 shows a general positive trend between the peak PT force ratio and ground
motion spectral acceleration. Two of the larger MCER level tests (tests 12 and 13) had

peak forces larger than the expected yield force, however, they did not actually result in PT



109

losses, meaning the actual yield stress was slightly larger than the specified yield stress. In
the MCEg x1.2 hazard level test, the PT bar reached forces 12% above the expected yield
force, leading to PT bar yielding and PT losses. However, the PT losses after this test
were still minor enough that the walls fully recentered after testing with minimal residual
drift. As discussed previously, to meet performance objectives, the PT bars were designed
to remain elastic during SLE and DBE earthquakes and were allowed to yield during MCEg
earthquakes. Thus, experimental results met these performance objectives.

String potentiometers measured deformation of the UFP ends relative to each other. Ta-
ble 4.6 summarizes the ratio of peak UFP displacement to the estimated yield displacement.
The expected yield displacement was determined by dividing the initial stiffness calculated
using Equation 3.4 by the plastic force calculated using Equation 3.2. These results are also
summarized in Figure 4.12 which plots the ratio of peak UFP displacement to the expected

yield displacement verses the ground motion spectral acceleration at the building’s period

for each test.
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Figure 4.12: Peak UFP yield displacement ratios from experimental results

The design performance objectives allow for initial UFP yielding under SLE earthquakes
and the UFPs can undergo large deformations beyond yield during DBE and MCEg level
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earthquakes. The intent is to replace damaged UFPs after DBE and MCEg level earthquakes
but they should not need replacement after SLE level earthquakes. The peak UFP yield
displacement ratios summarized in Figure 4.12 show that UFP criteria is met for all ground
motion tests as only one earthquake within the SLE region caused UFP yielding. These
results also show that the UFPs reach their yield displacements at very small deformations,
as expected. Figure 4.12 shows an increase in yield displacement ratio with hazard level,
meaning that the walls rocked more with larger hazard level earthquakes. This trend also
indicates an increase in energy dissipation for larger hazard earthquakes.

To meet performance objectives, the CLT at the base of the wall has to remain elas-
tic during SLE earthquakes, should only have minor damage during DBE earthquakes, and
can have repairable damage under MCEg level earthquakes. Because no CLT damage was
observed during testing, the CLT wall behavior is considered to have met performance objec-
tives. As discussed previously, more damage to the CLT wall panels was predicted, however
the foundation beam protected the walls from damage due to it’s unexpected flexibility. If
a rigid foundation was used during testing, then CLT toe crushing may have been more
extensive. This will be explored in Chapter 5.

Linear potentiometers installed at the corners of the wall panels (Figure 4.3c) were used
to investigate positive uplift rotations and negative downward rotations at the wall base.
The vertically orientated potentiometers were anchored to the portion of the foundation
beam flanges outside of the webs (the portion of the foundation beam that did not deform).
The downward deformation recorded by these potentiometers were intended to measure
compression deformations of CLT. However, because the deformations from foundation beam
flange flexibility were substantially larger, the recorded deformations were assumed to be
fully attributed to foundation beam deformations. The base rotation was approximated by
dividing the recordings by the CLT wall panel length, L,,.

Figure 4.13, shows time history base rotations, calculated from one of the corner linear
potentiometers, for three ground motions at three different hazard levels. As shown, the

downward base rotations were significant considering that the wall panels remained undam-
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aged during testing. Peak uplift rotations and downward base rotation values from each test

(from any of the four wall panels) are shown in Table 4.6. Additionally, 4.14 plots the spec-

tral acceleration at the building’s period versus the peak uplift rotations and peak downward

rotations observed in each test. For both uplift and downward base rotations, the rotations

increase with increasing earthquake hazard.
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Figure 4.13: CLT wall panel base rotation from experimental results for (a) Test 1, SLE
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4.8.8  Comparison of Results to Predicted Behavior

As discussed in Section 4.5.3, the performance of the CLT rocking walls was predicted using
the design procedure presented in Section 4.5.2. To compare the predicted design perfor-
mance to the observed and instrumented response, base shear force per wall was used. Figure
4.15 plots the measured base shear per wall at peak drift verses the peak drift for each test.
The predicted design performance from 4.5.3 is also plotted on 4.15. Calculated test results
show similar trends to the predicted design performance, but for almost all tests the observed
base shear force is lower than the design values. Again, this is most likely due to flexibility

in the foundation beam that decreased the stiffness of the structure.
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Figure 4.15: Summary of design base shear vs drift compared to observed results

4.9 Summary

Dynamic tests were performed on a full-scale two-story building with paired post-tensioned
rocking CLT shear walls as the lateral system to compare the response with the behav-

ior predicted by the performance-based design procedure. The rocking CLT shear walls
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utilized unbonded post-tensioned bar connections, UFP energy dissipation devices, and a
slotted shear key connection to transfer force between the rocking CLT walls and the CLT
diaphragm.

Overall, the test specimen performed well through the fourteen ground motion tests.
Target drift limits were met for all three earthquake hazards and all design performance
objectives with respect to CLT base crushing, PT bar yielding, and UFP yielding were also
met. The specimen performed much better than expected as more damage the the base
of the wall and larger PT forces were predicted. The difference in predicted and actual
performance is suspected to be a result of the unexpected flexibility in the foundation beams
that supported the rocking walls. These beams saw larger downward deformations and
permanent yielding below the wall panel corners. An investigation of the impact of the

flexible foundation on the overall performance is presented in Chapter 5.
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Chapter 5

NUMERICAL MODELING OF THE NHERI TALLWOOD
TWO-STORY BUILDING AND INVESTIGATION OF
FOUNDATION FLEXIBILITY

This chapter has been largely adopted, with variations, from a previously published journal
paper written by the author. It is published in the FEarthquake Engineering and Structural
Dynamics Journal: Wichman et al. [2022].

5.1 Overview

In this chapter, a numerical modeling technique for post-tensioned rocking walls suitable
for seismic performance assessment is presented and validated using results from the full-
scale two-story NHERI TallWood shake table test. The numerical models were developed
using OpenSees [Mazzoni et al., 2009] and built upon modeling techniques presented in
Ganey [2015], where distributed springs are used to simulate the rocking interface. While
the techniques presented in Ganey [2015] have been previously validated using cyclic loading
test results, this study aims to also validate them for nonlinear dynamic time history analyses
using dynamic shake table results.

The two-story specimen was tested at the University of California, San Diego outdoor
shake table as part of the NHERI TallWood project (more details on the design and per-
formance of the specimen are discussed in detail in Chapter 4). The building consisted of a
glulam gravity frame and a lateral system made of two post-tensioned rocking CLT wall pan-
els connected with UFP energy dissipating devices (i.e., two paired rocking walls). During
testing, the paired CLT rocking walls provided strength, energy dissipation, and recentering

capabilities necessary for the building to achieve the design performance objectives. Overall
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the system performed better than expected. Notably, the CLT rocking walls experienced
no damage even though CLT yielding and crushing were expected at the corners of the
wall base during MCEg scaled ground motions. The unexpected flexibility of the foundation
beams supporting the rocking walls altered the behavior of the specimen from the as-designed
case with rigid foundation boundary conditions, protecting the base of the CLT walls from
crushing.

Although the foundation flexibility observed is unique to this test and a more rigid foun-
dation would be expected in actual buildings, further investigation is important to deter-
mine it’s impact on the system performance. Additionally, it is important to determine if
design performance objectives would have still been satisfied had it been tested on a rigid
foundation. The comprehensive model presented here provides valuable information about
individual wall components including the PT bars, UFPs, and damage to the CLT at the
base of the wall. With this level of detail, the model can be used to look further at the
impact of the flexible foundation beam on the behavior of the individual wall components.

In this chapter, a numerical model that includes the flexibility of the foundation beam
is presented first, followed by a discussion on how well the model replicated results from
the shake table experiments, validating the numerical modeling technique. After, a modified
numerical model is presented that assumes a rigid foundation boundary condition. This
second model is intended to predict the as-designed response of the specimen had it been
tested with a more rigid foundation, since that is more likely to represent a realistic building.
Finally, the response of the numerical model under rigid foundation boundary conditions is
compared to the original design performance objectives for the test specimen and used to

further determine the impact of the flexible foundation.

5.2 Numerical Model of Shake Table Experiment

The presented model is two-dimensional and represents only one of the paired walls in the
test specimen, with half the gravity system and half the mass included. Figure 5.1 shows a

schematic of the numerical model intended to represent the test specimen including the flex-
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ible foundation beam. Figure 5.2 shows conceptual behaviors of various component models

used within the overall model.
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Figure 5.1: Numerical model schematic

The PT bars were modeling using corotational truss elements that spanned from a fixed
node at the base to the end of a cantilevered rigid element at the top of the wall, representing
the PT offset from the centerline of the wall. A bi-linear hysteretic material model with
damage (ElasticPPGap material in OpenSees) limited the element behavior to tension only
and allowed for damage accumulation after yielding (shown in Figure 5.2a). An initial strain
wrapper (InitStrainMaterial in OpenSees) applied an initial strain to simulate prestressing
in the elements. When the initial PT strain is applied in the model, elastic shortening of
the CLT wall reduces the apparent load in the PT bars. To correct for the wall shortening,
a higher initial PT force (T

opt) s applied in the model to ensure the target PT force (75, )

is achieved. The larger applied PT force is calculated as:
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Figure 5.2: Material models used in numerical model

* kw
opt — Topt (—kw — kpt) (5.1)

where k,, is the elastic stiffness of the wall calculated as A, E,/h, and k, is the elastic
stiffness of the PT bars calculated as A, E,:/h,,. Table 5.1 summarizes the various properties

for the PT bars.

Table 5.1: PT bar dimensions and material properties

Apt (il’lz) Ept (kSl) To,pt (klp) fy,pt (kSl) ﬁpt
0.334 29,000 12 92 0.01

As shown in Figure 5.1 and Figure 5.2b, each UFP was modeled using a zero-length spring
with a uniaxial Giuffre-Menegotto-Pinto steel material model with isotropic strain hardening
(Steel02 in OpenSees). Yield force and stiffness values were calculated using Equations 3.2

and 3.4, respectively, and properties of the UFPs from the test (summarized again in Table
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5.2 for clarity). Because the UFPs primarily impose shear forces on the walls, the UFP
springs were only allowed to deform vertically. The UFPs were located at the midpoint
between the two wall panels. Rigid elements connected each end of the UFP spring to each

of the wall element at the same vertical position.

Table 5.2: UFP dimensions and material properties

bu (in) f (i) Dy (in) Bugy (k) Jyuury (ko)
4.5 0.375  3.625 29,000 60

A series of elastic beam-column frame elements (ElasticTimoshenkoBeam element in
OpenSees) that included axial, flexure, and shear deformations modeled the elastic portion
of the CLT rocking walls. The CLT properties of the walls used in the test were used for

these elements (the values are repeated in Table 5.3 for clarity).

Table 5.3: CLT panel dimensions and assumed material properties for design and modeling

by (in) Ly, (in) hy (in) By, (ksi) Gy (ksi) fyae (ksi) €5 (in/in) € qr (in/in)
6.875 60 288 1238 80 3.63 0.0058 0.0375

The inelastic compressive deformation of the CLT and the rocking behavior at the base of
the panels were modeled using a multispring contact element, initially developed by Spieth
et al. [2004] for prestressed concrete structures with rocking beam-column connections. The
wall base multispring element consisted of 40 parallel zero-length springs distributed along
the length of the wall using a Labatto Integration method. The top of each spring was
connected to the base of the last wall beam-column element with a horizontal rigid element.
The bottom of the wall base multispring element springs within a distance of Iy from the
corners of each wall panel were connected to an additional zero-length spring modeling
the foundation beam flexibility (discussed in more detail below). The base of the remaining

springs near the centers of each wall panel were fixed, modeling the portion of the foundation
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that was assumed to be rigid, as shown in Figure 5.1. Additionally, two stiff shear transfer
springs were attached diagonally from the outer wall base multispring element springs to the
outer foundation beam multispring element springs to transfer shear without significantly
inhibiting rocking action.

Each zero-length spring at the wall base was assigned the compression-only hysteretic
material model shown in Figure 5.2c. The compression-only portion of the material model
simulated the rocking behavior while the hysteretic properties simulated the CLT compres-
sion behavior. To transform the CLT stress-strain compression behavior shown in Figure 3.2
to a force-deformation behavior needed for zero-length springs (Figure 5.2¢), a plastic hinge
length, [,, was chosen. In this model, a plastic hinge length of 2b,, (where b, is the thickness
of the wall) was assumed in accordance with recommendations in Akbas et al. [2017]. An
overall initial contact stiffness, K, was determined for the entire wall base (all multispring

elements representing the CLT) using the following equation:

 AwE,

K (5.2)

lp
where A, is the cross sectional area of the wall panel, equal to the product of b,, and L,,. Wall
dimensions and material properties can be referenced in Table 5.3. Referring to Figure 5.2c,
each individual spring stiffness, k,, was a weighted portion of the overall contact stiffness,
K, based on the spring distribution. The product of the CLT panel yield stress and the
Labbatto weighted area of each spring determined the yield strength of each spring, F, .
Similarly, the product of the respective strains, €, and e, and the plastic hinge length, ,,
determined the splitting deformation, A, and the crushing deformation, A.,.

The addition of the multispring elements representing the rocking and CLT compressive
deformation at the base of the wall increases the axial flexibility of the wall. Although
the increased axial flexibility will not likely affect the performance dramatically, a simple
truss element, spanning the length of the CLT beam-column wall elements, can be added

to essentially increase the area of the wall and compensate for the reduced stiffness. By
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increasing the area with a truss element, the flexural stiffness of the wall in not affected.
The truss element has an elastic material model, with elastic modulus E,, and an area, A}

calculated as:

P (5.3)

The foundation beam was assumed to be undamaged at the beginning of the first two
ground motions. After that, initial permanent deformation of the foundation beam was
assumed at the beginning of each ground motion from accumulated foundation beam damage.
The size of the gap decreased linearly along the flexible portions of the foundation beam (see
Figure 5.1) with the corner springs having an initial gap length of d;; and the springs located
at a distance of [; from the corners having no initial gap. A flexible foundation length (Is) of
24 inches was used for all tests. Because the gap between the wall panel and the foundation
beam increased throughout the testing sequence, dy; also increased in the model throughout
the analyses of the testing sequence. The gap values (dy;) used for each test are shown in

Table 5.4 and are based on observations made during the testing.

Table 5.4: Initial gap included in the model

Test Numbers d;; (in)

1-2 0.00
3-5 0.05
6-11 0.10
12-14 0.20

As shown in Figure 5.2¢, for the flexible foundation model, a compression only elastic-
perfectly plastic material with a gap (ElasticPPGap in OpenSees) was used to achieve the
initial stiffness of the CLT and account for the initial compression gap from permanent
damage to the base beam. Although this material model cannot capture the deterioration,

the CLT remained largely elastic during testing and during the simulations, so it did not
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affect the behavior. Note, as discussed in section 5.4.1 CLT deterioration was included in
the rigid foundation material model shown in Figure 5.2¢ since initial gaps were not present
and more damage to the CLT was expected.

The multi-linear material model (Steel01 in OpenSees) shown in Figure 5.2d was used
to model foundation beam flexibility. The initial stiffness of the foundation beam springs
was approximated by assuming the top flange of the double webbed beam shown in Figure
4.7c acted as a fixed-fixed beam between the two webs and the base of the wall imposed a
uniformly distributed load (along a length equal to the panel thickness, b,,) at the center of
the beam. The thickness of the top flange, ¢;, was 5/8 inches and the webs were spaced at
a distance, by, of 17 inches. The elastic stiffness of the beam was calculated for the flange
dimensions and loading and the yield force was approximated using plastic analysis. The
stiffness, ky, and yield force, F,;, of each spring was calculated as a weighted portion of the
total stiffness and yield force using the same Labatto Integration distribution as the rocking
wall base multispring element springs. A yield stress of 60 ksi was assumed for the steel
beam.

Because only a single paired wall system was included in the numerical model (as shown
in Figure 5.1), only half the gravity system was included. The gravity columns were modeled
with two continuous elastic beam-column elements; one on each side of the wall. The columns
had cross sectional areas representative of the continuous and platform columns and moment
of inertia’s corresponding to only the continuous, balloon framed columns. Equivalent gravity
loads and seismic masses were applied to each gravity column at each floor level. Rigid
elements connected the gravity columns to the wall panels at each floor level simulating a
rigid diaphragm. The rigid diaphragm model assumption can predict the fundamental mode
behavior and peak story drifts well, but the flexibility in the diaphragm should be included
to predict the higher frequency motion and floor accelerations.

The connection between the diaphragm and walls was modeled with a zero-length spring.
To model the elastic flexibility of the wall-to-diaphragm connection, the material properties

assigned to the horizontal degree of freedom of the zero-length spring was that of a cantilever



122

beam with the dimensions of the shear key listed in Table 5.5. The spring had zero stiffness

in the vertical and rotational degrees of freedom to allow for uplift and rocking.

Table 5.5: Dimensions and properties of diaphragm-to-wall shear key transfer connection

Level wWyey (i) trey (in) Lpgey (in) Eyey (ksi)
Roof 25/8 13/4 16 3/8 29,000
Floor 27/8 7/8 16 3/8 29,000

5.3 Comparison of Experimental and Analytical Results

In this section, a comparison of the experimental results with the numerical results is pre-
sented. The numerical model, as described above, includes the flexible foundation which
is representative of the boundary conditions in the test. Note, however, that the plots in
this section include experimental results as well as results from both the flexible foundation
model (labeled “Num Flex” in the figures and representative of the test specimen) and the
rigid foundation model (labeled as “Num Rigid” in the figures). The intention of presenting
the results of the rigid foundation model is not to validate them against the experimental
results, but to predict how the specimen would have responded with the as designed rigid
foundation boundary condition. The rigid foundation model results will be discussed in de-
tail in Section 5.4 but are presented on the same plots at the flexible foundation model for

comparison and conciseness.

5.8.1 Global building response

Lateral displacement results from the experiments were determined by averaging the record-
ings from the seven accelerometers located on each diaphragm level and integrating twice
to obtain displacements. As discussed in Chapter 4, first-mode response dominated, such
that the interstory drifts were very similar between the two stories. The numerical model

showed similar results, thus, only the roof drifts are presented and discussed here. Figure
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5.3 compares the time history roof drift response from the experimental results with the
flexible foundation numerical model for three of the tests, each at a different intensity level.
As shown, the numerical model accurately replicates the period and overall behavior, but
under predicts the peak drift values. The maximum absolute roof drift for the experimental
and numerical results for all 14 tests are summarized in Figure 5.4 which plots the spectral
acceleration of each ground motion at the approximate initial period of the building (0.9
seconds) versus the peak roof drift value. The figure shows a clear positive trend between
the increasing spectral acceleration and increasing drift ratios. It also shows that the flexible
foundation numerical model slightly underestimates the peak drifts.

Assuming a rigid diaphragm, experimental base shear results were approximated by cal-
culating the inertial force at each floor by multiplying the average of the accelerometer
readings on each story by the estimated mass on each story. Figure 5.5 shows the base shear
versus roof drift hysteretic response for the experimental and numerical results for the same
three tests shown in Figure 5.3. Relatively good agreement of the overall structure stiffness
is shown, but the base shear values are slightly underestimated with the flexible founda-
tion numerical model. Again, Figure 5.6 summarizes the peak base shear values obtained
from each test plotted against the spectral acceleration from the recorded table motion at
the building’s measured first natural period. Here, the experimental values are consistently
larger than the numerical results. Note that results for a single paired wall system are shown

in Figure 5.5 and Figure 5.6.
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Figure 5.3: Comparison of the roof drift time history response from experimental results,
the flexible foundation numerical model, and the rigid foundation numerical model for (a)
Test 1: SLE Loma Prieta, (b) Test 10: DBE Superstition Hills, and (c) Test 12: MCEg
Northridge.
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Figure 5.4: Comparison of peak roof drift values from the experimental results, the flexible

foundation numerical model, and the rigid foundation numerical model.
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Figure 5.5: Comparison of the hysteretic response from experimental results, the flexible
foundation numerical model, and the rigid foundation numerical model for (a) Test 1: SLE

Loma Prieta, (b) Test 10: DBE Superstition Hills, and (c¢) Test 12: MCEg Northridge.
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5.8.2  CLT rocking wall response

The PT bar forces were measured using load cells. Wichman [2018] showed that the response
of the two paired wall systems were almost identical due to the symmetry of the building,
thus, to compare the experimental results to the numerical results, the experimental response
history of the PT bars were averaged between the two walls. Figure 5.7 shows the PT bar
force normalized by the bar yield force (taken as the manufactures specified yield stress,
fy.pt, times the tensile area, A,;) versus roof drift for an SLE, DBE, and MCEp level ground
motion. For each test, the figure shows each of the four PT bar locations along the face of the
paired wall system (denoted by the graphic on each plot). Figure 5.7 shows that the general
behavior of the PT bars is well predicted by the numerical model, but also underestimates
peak PT force values. Figure 5.8 summarizes the peak PT force for each test versus the
ground motions spectral acceleration at the building’s period. Again, it is clear that the
peak PT force is consistently underestimated. However, underestimation of the peak PT
force values is expected because the roof drift values are also underestimated, meaning the
walls uplift of the walls is smaller in the flexible foundation model. As a result, the PT
bars do not elongate as much in the model as in the test. The flexibility of the foundation
beam also resulted in the compression toe of the walls sinking downwards, decreasing bar
elongation. This is clear with the flattened portion of the PT force versus drift response at
low drifts in Figure 5.7.

String potentiometers measured deformation of the UFP ends relative to each other,
as shown in Figure 4.3d. A ratio of UFP displacement to yield displacement was used to
quantify a measure of UFP ductility demand. Figure 5.9 shows the spectral acceleration at
the building’s period versus peak UFP yield displacement ratio for all tests. As shown in the
figure, the UFPs yielded in almost every test, resulting in increased energy dissipation with
increasing ground motion intensity. Because the numerical model with foundation flexibility

under predicts roof drift, it also under predicts the UFP yield displacement ratio.
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Results from linear potentiometers installed at the base of the rocking wall panels (shown
in Figure 4.3c) were used to investigate positive vertical uplift rotations and negative com-
pression rotations at the base of the wall (see Figure 5.10). The vertically orientated po-
tentiometers were mounted above the wall base and anchored to the portion of the foun-
dation beam flanges outside of the webs (the portion of the foundation beam that did not
deform). The downward deformation recorded by these potentiometers were intended to
measure compression deformations of CLT. However, because the deformations from foun-
dation beam flange flexibility were substantially larger the compressive deformations of the
CLT panels, the recorded deformations were assumed to be fully attributed to foundation

beam deformations.

Uplift Rotations DownwardRotations

Figure 5.10: Schematic showing the uplift and downward rotations of the rocking wall panels

Using recordings from potentiometers located at the corners of the wall panels, the base
rotation was approximated by dividing the recordings by the CLT wall panel length (L,).
Figure 5.11 plots a time history response calculated from one of the wall corner poten-
tiometers. Similarly, the peak uplift rotations and the peak rotations due to the downward
deflection of the foundation surface (downward rotation) from numerical results shown in

Figure 5.12 are calculated by dividing the displacement recorded by the top node of the out-
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ermost spring in the wall base multispring element by the length of the CLT wall panel (L,,).
Because the springs at the base of the numerical model are all zero-length, this recorded
deformation includes the uplift and deformations of the CLT wall panel and foundation

beam.
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Figure 5.11: Comparison of CLT wall panel base rotation from experimental results, the
flexible foundation numerical model, and the rigid foundation numerical model for (a) Test 1:

SLE Loma Prieta, (b) Test 10: DBE Superstition Hills, and (c¢) Test 12: MCEg Northridge.

Because the numerical model underestimates peak roof drift values, it is logical that the
rotations in Figure 5.11 are also underestimated, however, there is good agreement in the
general shape of the response. While uplift rotations are underestimated by the model, the
negative or downward deformations are slightly overestimated, indicating that the material
model used for the foundation beam flange behavior in the numerical model may have been
somewhat too flexible. Figure 5.12 summarizes the peak uplift rotations and peak downward
rotations observed in each test. Again, this figure shows that the numerical model with
foundation flexibility underestimates uplift rotations and overestimates downward rotations.
The overestimation of the downward rotations could partially explain the underestimation of
the uplift rotations (and similarly the drifts and PT forces) since the wall is settling into the
foundation beam more instead of lifting and rocking up. However, apart from peak values,

the overestimation of the downward rotations appears to be smaller than the overestimation
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Figure 5.12: Comparison of peak wall base (a) uplift rotations and (b) downward rotations
from the experimental results, the flexible foundation numerical model, and the rigid foun-

dation numerical model.

of the uplift rotations, thus only partially explaining the differences.

Due to the unforeseen flexibility in the foundation beam, instrumentation during testing
was not able to accurately measure axial deformations in the CLT at the base of the wall.
However, there was not visual damage to the base of the walls after demolition of the struc-
ture; the bases of the walls were square at the end of the testing. Similarly, in the numerical
model with foundation flexibility, the recorded deformations of the wall base multispring
element springs remained below the yield deformation (A,), calculated by dividing the yield
force of each spring (F), ;) by the stiffness of each spring (k) for all fourteen tests.

Overall, the presented numerical model including foundation flexibility does a good job
of predicting the response of the tested structure and thus similar modeling techniques can

be used to predict the response of structures with comparable rocking wall systems with

confidence.
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5.4 Investigation of the Impact of Foundation Flexibility

Because the flexibility of the foundation beam was unexpected, it is also important to inves-
tigate what the response of the structure would have been if it had been tested on a rigid
foundation, as designed. It is important to quantify impact of the foundation flexibility on
the overall behavior and to explore if the design would still meet performance objectives
with the intended foundation rigid behavior. To do so, the numerical model discussed above
was modified and the numerical results were compared to the experimental results. As men-
tioned previously, the results for the rigid foundation model discussed in this section were
included on the plots in Section 5.3 for conciseness. Those previously presented plots will be

referenced in this section.

5.4.1 Modified Rigid Foundation Model

To model the test structure with a rigid foundation and predict how results would have
differed if the foundation had preformed rigidly, the model described in Section 5.2 and
shown in Figure 5.1 was modified. First, the foundation beam multispring elements were
removed completely and the bottom nodes of the rocking wall base multispring elements
were all assigned full fixity. Additionally, the material model used in the rocking wall base
multispring element springs (shown in Figure 5.2¢) was modified. Because the foundation is
now modeled as rigid, the CLT at the base of the wall is expected to experience more damage.
Thus, the material model was modified to include deterioration and the initial gap (that was
previously modeling the accumulated permanent deformation of the foundation beam) was
removed. In the flexible foundation model, the base of the CLT wall was modeled as elastic-
perfectly plastic and because the wall saw no damage, the behavior was not affected. Apart
from removing the foundation beam multispring element and modifying the material model

for the rocking wall base multispring element springs, the model remained the same.
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5.4.2  Comparison of the Rigid Foundation Numerical Model with Experimental Results

The previously presented Figure 5.3, includes results from the rigid foundation numerical
model. Comparing experimental results and results from the flexible foundation model (that
was intended to replicate test results) with the rigid foundation model, it is clear that the
change in foundation boundary condition has a significant effect on the overall response.
The initial period shortened with the rigid foundation as a result of the increased system
stiffness. For reference, from the numerical models, the initial first mode periods of the flex-
ible foundation and rigid foundation model were 1.22 seconds and 0.74 seconds, respectively.
The initial first most period decreased by almost 40% when the rigid foundation model was
used instead of the flexible foundation model. The increased stiffness also results in smaller

overall peak roof drifts, as seen in Figure 5.4.

The impact of the stiffer rigid foundation model on the overall behavior is also clearly
shown in the hysteretic response in Figure 5.5. The idealized flag shape response of rocking
systems is more apparent in the response for the rigid foundation model. With a rigid
foundation, considerable hysteretic damping does not occur until after the ELL when the
wall begins to uplift and the UFPs experience large deformations. However, with the flexible
foundation beam, it appears that nonlinearity in the foundation occurs prior to the ELL,
resulting in increased damping. This is clear when looking at Figure 5.5a, an example of an
SLE test. For the rigid foundation model, there is minimal damping and the peak response
has just exceeded the ELL, resulting in a clear bilinear response. In comparison, with the
flexible foundation model, while the response is more linear than the comparable DBE and
MCER response (Figure 5.5b and Figure 5.5¢, respectively) there is an increase in damping
from the foundation beam deformation. Additionally, the increased system stiffness in the

rigid foundation model results in increased peak base shear values as shown in Figure 5.6.

Because the rigid foundation model has smaller drifts, a decrease in peak PT forces may
be expected, however, the rigid foundation model has larger peak PT bar forces than the

experiment or flexible foundation beam model as shown in Figure 5.8. This is because the
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point of uplift shifts towards the compression toe of the wall panels, increasing the PT bar
elongation for a given roof drift, when compared to the flexible foundation model. In the
flexible foundation model, as the walls rocked, the base of the wall sunk into the beam,
flattening the response such that PT bar forces remained constant at a relatively large range
of low drift values, as shown in Figure 5.7. Alternatively, Figure 5.7 shows that the rigid
foundation model results in higher stiffness and there is a clear increase in PT force with
increased drifts, even at low drifts.

With the rigid foundation model, the UFPs still yield during smaller hazard level earth-
quakes, as shown in Figure 5.9. However, because the drifts were smaller for the rigid
foundation model, the peak UFP deformations were also smaller. This resulted in slightly
less damping as a result of UFP behavior in the rigid foundation model.

The base rotation response histories shown in Figure 5.11 and the peak uplift rotations
summarized in Figure 5.12a indicate that the rigid foundation model has slightly higher
uplift rotations than the flexible foundation model. A decrease in drifts would typically
result in decreased uplift rotations. However, because the point of uplift of the wall shifted
towards compression toe of the wall panels in the rigid foundation model (instead of sinking
into the foundation beam), uplift rotations actually increased. The summarized downward
rotations (due to the downward deflection of the foundation surface and/or compression of
the CLT) in Figure 5.12b show a major decrease in downward base rotations in the rigid
foundation model. While the downward rotations were almost entirely a result of foundation
beam deformations in the flexible foundation model, the compression rotations in the rigid
foundation model are solely the result of deformations in the CLT.

The CLT deformations observed in the rigid foundation model resulted in predicted per-
manent damage to the CLT base. Because no CLT damage was observed in the experiments
or in the numerical model with the flexible foundation, Figure 5.13 only summarizes CLT
damage results for the rigid foundation model. Figure 5.13 plots the spectral acceleration at
the building’s approximate period versus the percentage of the panel length that experienced

each type of damage. For each damage state, the length of the panel base over which spring
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deformations exceed the respective deformation limit (A, for yielding, A, for splitting, and
A, for crushing), was recorded. Of the four wall panel corners, Figure 5.13 summarizes the
maximum length as a percentage of the total wall panel length (L,,). While the larger tests
experienced some CLT yielding and splitting, CLT crushing was not observed in any of the

ground motions with the rigid foundation model.
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Figure 5.13: Spectral acceleration at the building’s period for all tests with the rigid foun-
dation model versus the percentage of the panel length exceeding the CLT damage state of

yielding, splitting, and crushing.

5.4.83 Performance of the Rigid Foundation Numerical Model

As discussed in Section 4.8, the CLT test specimen met all design performance objectives
during testing. However, it is clear that the flexible foundation beam supporting the rocking
walls altered the performance of the specimen. Because the specimen was designed to rock
on a rigid foundation surface and realistic buildings would have stiffer foundation surfaces,
it is important to assess whether performance objectives would have still been meet had it
been tested with a more realistic base condition. The building was designed to meet three

performance objectives: (1) immediate occupancy after SLE earthquakes, (2) limited repair
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after DBE earthquakes, and (3) collapse prevention after MCEg earthquakes. To meet each
of these three performance objectives, target drifts and damage criteria had to be meet for
the UFPs, the PT bars, and the CLT at the base of the rocking wall.

To meet the drift criteria of the performance objectives, story drifts in SLE, DBE, and
MCER level earthquake should remain under 1%, 2%, and 4%, respectively. Note, for this test
specimen, since first mode response controlled, roof drifts were almost identical to story drifts
[Wichman, 2018]. As discussed in Section 4.8 with the test results, performance objectives
were assessed by looking at the general trends in relation to the hazard level target spectral
accelerations at the building’s approximate period of 0.9 seconds, as opposed to the intended
hazard level of each ground motion. Thus, the rigid foundation model results in Figure
5.4, show that for ground motions with spectral accelerations close to each target hazard
level, the predicted roof drifts all satisfy the design criteria. Interestingly, the largest ground
motion that had a spectral acceleration 85% larger than the target MCEgR ground motion
only had a peak roof drift of 3.2% using the rigid foundation model.

The design performance objectives allow for initial UFP yielding under SLE earthquakes
and the UFPs can undergo large deformations beyond yield during DBE and MCEg level
earthquakes. The intent is to replace the damaged UFPs after DBE and MCEg level earth-
quakes but replacement not be necessary after SLE level earthquakes. The peak UFP yield
displacement ratios summarized in Figure 5.9 show that the UFP criteria is meet for all
ground motions for the rigid foundation numerical model. Only one earthquake within the
SLE hazard caused UFP yielding.

The PT bars were designed to remain elastic during SLE and DBE earthquakes and were
allowed to yield during MCEg earthquakes. The rigid foundation numerical model results in
Figure 5.8 show that PT bar yield criteria was also meet for all performance objectives. It
is interesting to note that while both the rigid foundation numerical model results and the
experimental results meet PT bar performance objectives, the rigid foundation results are
closer to the limits of these performance objectives, but also are much closer to the intended

design performance.
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Finally, to meet performance objectives, the CLT at the base of the wall has to remain
elastic during SLE earthquakes, should only have some damage during DBE earthquakes,
and can have repairable damage under MCER level earthquakes. For the rigid foundation nu-
merical model, Figure 5.13 shows that ground motions at the SLE hazard level resulted in no
CLT yielding, ground motions at the DBE hazard level resulted in some yielding and a small
amount of splitting, and the ground motions in the MCEg region saw significant yielding
and minor splitting. However, no CLT crushing was observed in any of the ground motions
in the simulations with the rigid foundation model. These are all considered to be meet
performance objectives. Again, it is important to note that while performance objectives
are met for both the flexible foundation and rigid foundation case, the flexible foundation

model predicted zero damage and the rigid foundation model predicted significantly more

CLT damage.

5.5 Conclusions

This chapter presented a numerical model for the CLT rocking walls in the NHERI TallWood
two-story test specimen. Base rocking was modeled through distributed springs at the base
of the wall and the contribution of foundation surface flexibility was included in the model
through additional springs below the base rocking springs. Overall, the model showed good
agreement with the test results and offered a good prediction of the overall behavior and
period. The numerical model slightly underestimated drifts, resulting in lower PT bar forces,
lower UFP deformations, and lower base uplift rotations. Additionally, the numerical model
slightly overestimated downward base rotations due to downward deflection of the foundation
surface, indicating that the assumed foundation model was somewhat too flexible. Similar to
test results, the numerical model also resulted in no damage to the base of the CLT rocking
walls.

Because the test structure was not designed to have a flexible foundation surface and
because a typical building would not be designed with a flexible foundation surface, an

additional numerical model was created with a rigid foundation. A comparison of the rigid
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foundation numerical model and the flexible foundation numerical showed that altering the
boundary condition had a significant effect on the overall behavior of the specimen. As
expected, the rigid foundation greatly increased system stiffness, decreased the first mode
period, and decreased drifts. Although drifts decreased, the increased stiffness due to the
movement of the uplift point closer to the compression toe of the wall panels resulted in
larger PT bar forces relative to those observed in the test and predicted using the flexible
foundation model. Most importantly, the downward rotations at the base of the wall panels
decreased significantly without the foundation beam flexibility, resulting in much higher CLT
strains at the base of the wall. Under the rigid foundation boundary condition, the CLT
experienced permanent yielding and damage. As a result, it is concluded that even though
the flexible foundation beam produced larger peak drifts relative to the rigid foundation
beam model, in general, that deformation protected the base of the wall from damage and
resulted in better overall performance in terms of CLT damage.

Apart from reduced roof drifts, the numerical model with the rigid foundation did predict
somewhat poorer seismic performance as it predicted considerable CLT damage in the DBE
and MCEg ground motions; however, it still predicted the system would meet all design
performance objectives and the predicted performance was closer to the design intent. Be-
cause of the accurate prediction of overall building performance between test results and the
flexible foundation model results, the modeling approaches presented here can be used as a

good prediction for mass timber rocking wall systems.
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Chapter 6

DESIGN AND ANALYSIS OF THE TEN-STORY NHERI
TALLWOOD BUILDING

6.1 Overview

The experimental and numerical research relating to the two-story NHERI TallWood shake
table specimen shows promising results for the future of mass timber lateral systems. How-
ever, research gaps relating to the application of these ideas to tall buildings existed. With
this in mind, the NHERI TallWood Project team tested a full-scale 10-story mass timber
building with a mass timber lateral system. The prior work on the two-story test specimen,
such as the modeling work and validation of the design procedure, provided valuable insight
for work on the 10-story specimen and the development of design recommendations for future
design of tall timber buildings.

The work presented in this chapter focuses on the design, modeling, and analysis of the
mass timber lateral system in the 10-story specimen. The other components of the test such
as the gravity system, diaphragms, and nonstructural elements have been the focus of other
collaborators. From a lateral force-resisting system prospective, the overall objective of this
test was to (1) study the feasibility of designing and constructing a tall, resilient, fully mass
timber building with a post-tensioned rocking wall lateral system for a high seismic region
and (2) study the seismic performance of the structure and validate the design and modeling
methodologies for use in future buildings and to aid in the codification of this lateral system.

Resiliency was a primary emphasis for this project. For the lateral system, this meant
designing the post-tensioned rocking wall system for seismic objectives that exceed code
requirements, creating a building that could undergo a large number of high seismic ground

motions while sustaining minor damage. As will be discussed, at the MCER hazard level,
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more stringent criteria was used for interstory drift requirements as well as deformation and
force-controlled actions. The criteria at MCER was developed to ensure essentially elastic
performance apart from the deformation criteria which allowed rocking wall uplift, minor
yielding of the wood at the base of the wall, and yielding of the replaceable energy dissipating
elements. Because of the essentially elastic performance at MCEgR from the force-controlled
components, minimal design criteria were used for the lower hazard levels.

The design of the lateral system was completed by first doing a preliminary design as-
sessment using methods similar to those of a prescriptive procedure that would be used in
practice. However, because post-tensioned mass timber rocking walls are not currently rec-
ognized by US building codes, a performance-based design methodology was utilized. For
this, nonlinear response history analyses (NLRHA) were completed in OpenSees at MCEg
hazard and a series of deformation and force-controlled actions were checked to finalize and
validate the design.

The 10-story test specimen was construction by Swinerton and Timberlab. Construction
began in June of 2022 and structural construction was completed in January of 2023. After
construction instrumentation to measure building response was installed and the specimen
was prepped for testing which occurred over four weeks in May of 2023. The test building
was subjected to numerous simulated earthquakes on the shake table that far exceeded the
number and severity of earthquakes expected for any real building. The testing plan consisted
primarily of one- and two-horizontal-component acceleration inputs and some also some test
that included vertical accelerations. The input accelerations ranged from those representing

a 42-year return period hazard to those representing an MCEg hazard.
6.2 Summary of Test Specimen and timber materials

The full-scale 10-story NHERI TallWood test specimen is a fully mass timber building with
resilient post-tensioned mass timber rocking walls as the lateral force-resisting system. The
specimen is representative of a partial footprint of a building. Figures 6.1a and 6.1b show a

photo and design schematic of the test specimen, respectively.
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Figure 6.1: 10-Story test specimen (a) photo (b) schematic (courtesy of Aleesha Busch)

As shown in the 10-story elevation view in Figure 6.2b, the first story is 13-feet and all
other stories are 11-feet, resulting in a roof elevation of 112 feet. The walls are balloon framed
and extend 2.5 feet above the roof. Figure 6.2a shows a typical floor plan with the locations
of the lateral system, beams, and columns called out. While the exact details of each floor
diaphragm varied floor to floor, the geometry and general structural layout was the same
on all floors. The lateral force-resisting system is symmetric and consists of post-tensioned
rocking mass timber shear walls with two lines of resistance in each direction. The walls are
composed of CLT in the east-west direction and MPP in the north-south direction. Two

different mass timber products were chosen for the walls to study the performance of both
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materials. Each wall is post-tensioned with external threaded rods that run the full height
and are positioned near the center of each panel. At each story, UFPs connect each side of
the wall panels to laminated veneer lumber (LVL) boundary columns which support part
of the gravity loads. The reminder of the gravity framing system consists of LVL gravity
columns and beams. At the base of the walls, a shear transfer mechanism exists to transfer
shear forces from the walls into the foundation. A system of steel and concrete elements
were bolted to the shake table and serve as the foundation for the structure. A variety of

mass timber panel products make up the different floor diaphragm systems.
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Figure 6.2: 10-Story test specimen (a) typical floor plan showing beam, column, and wall

layout (b) elevation view

As shown in Figure 6.2a, each diaphragm is approximately 32 feet in the east-west di-
rection and 34.5 feet in the north-south direction. The floor plan was laid out with both

exterior and interior shear walls to study challenges and feasibility associated with the design
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and construction of both configurations. The floor plan was also designed to include four
small cantilevered diaphragms on the north and south face of the building to study their
performance.

While they will not be discussed in detail, the building specimen also included non-
structural components which were designed and studied by project collaborators at The
University of Nevada, Reno, and University of California San Diego. The nonstructural
elements included: (1) a 2-story fire-rated curtain wall subassembly, (2) cold-formed steel
framed interior partition walls with drift-compatible track connections, (3) cold-formed steel
framed exterior walls with drift-compatible connections, and (4) a resilient stair system with

drift-compatible connections located at the center of the floor plan.

6.2.1 Gravity Framing

All beams and columns used in the test specimen were grade 1.8E 2650 LVL, donated by
Boise Cascade. They were designed in accordance with AWC [2018] and account for a
two hour fire rating. A live load of 65 psf was assumed at all floors (office live loading
plus partition loading). The live load was used only for design calculations and was not
included during testing. The dead load assumed at all floors was 64.4 psf, approximated based
on the estimated building weight calculated at the time when the columns were designed.
Detailed design calculations for the gravity members can be found in Busch [2023]. All gravity
connections were designed and manufactured by engineers at Simpson Strong-Tie. Details
relating to these connections can be found in Busch [2023] The final mass approximation of
the 10-story building specimen will be discussed in Section 6.2.4. Table 6.1 summarizes the
details for the LVL beams and columns, including the important design values [APA, 2019a/,
and the member sizes. All gravity columns were orientated for strong axis bending in the
east-west direction and all boundary columns are orientated so their strong axis of bending

is perpendicular to the strong axis bending of their corresponding wall.
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Table 6.1: LVL beam and column design properties and member sizes

LVL Beam and Column Properties
Grade: 1.8E 2650
Manufacture: Boise Cascade
Design Values

Flexural Stress, F; 2650 psi
Compressive Stress, F, 3000 psi
True MOE, E 1800000 psi

Apparent MOE, E,,,qrent 1700000 psi
Member Sizes

Gravity Columns 12.25in x 11.875in
Boundary Columns 17.5in x 11.875in
Beams 12.25in x 11.875in

6.2.2 Diaphragms

Because the effects from the diaphragm were not considered in the design of the lateral
system or in the nonlinear numerical model for the building, this section will only include
a brief overview of the diaphragms. More information regarding details of the different
systems can be found in Huang [2023] and a discussion on their response can be found in
Wright [2023]. The material used for the floor diaphragms varies floor to floor to test the
performance of different mass timber products and were donated and design by different
industry and academic collaborators. The diaphragms on Levels 2 and 3 are made of CLT,
donated by Mass Timber Services LTD. The diaphragms on Levels 4 and 5 are made of glue
laminated timber (GLT), also donated by Mass Timber Services LTD. The diaphragm on
Level 6 is made of nail laminated timber (NLT) and the diaphragm on Level 7 is made of
dowel laminated timber (DLT), both donated by StructureCraft. The diaphragms on Levels
7-11 are all made of veneer laminated timber (VLT), donated by Boise Cascade. The GLT
diaphragms included orientated strand board sheathing and the NLT and DLT diaphragms
included plywood sheathing. These diaphragms required sheathing as they are one-way
systems, while the CLT and VLT floors are two-way systems.
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6.2.3 Rocking Wall Lateral System

The four post-tensioned mass timber rocking walls defined the lateral force resisting system
for the 10-story test specimen and dominated the overall response of the specimen. This
section will summarize the key components of the lateral system and list important dimen-
sions and properties of the walls, the CLT and MPP products, and the lateral connections.
These are the key values needed for modeling and characterizing the response of the lateral
system. The full and detailed design procedure for these walls and all lateral connections

can be found in Section 6.6.

CLT Rocking Walls

The CLT used for the two rocking walls was donated by Smartlam. They were 9-ply custom
made CLT panels made to resist the earthquake demands in the wall. In the major strength
direction of the CLT, the wood was MSR rated lumber, grade 2400f-2.0E. In the minor
strength direction, the wood was Southern pine, No. 1, visual grade lumber. The properties
used in design calculations were taken from AWC [2018] and are summarised in Table 6.2.
Table 6.2 also includes the total dimensions of the CLT walls including the thickness, length,
and height.

Table 6.2 also includes the additional CLT material properties needed for numerical
modeling and lateral design. Because the modulus of elasticity (MOE) of CLT differs for the
two different types of ply layers and the directions of the plys alternate, an effective MOE
for the full CLT section (E.sq:) was calculated based on Equation 6.1 which assumes that
the MOE of the lumber in the perpendicular to grain direction is 1/30 of the MOE in the
parallel to grain direction based on recommendations FPInnovations [2013]. An effective
shear modulus for the CLT, G.ffa, of 80 ksi was assumed based on test results shown in

Zimmerman and McDonnell [2017].

5ply5 X Emaj()r,clt + 4ply8 X Eminor,clt/go
Iplys

Eeff,clt = (61)
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Table 6.2: CLT wall panel dimensions, design values, and modeling properties

CLT Wall Properties
Major Strength Direction: MSR rated lumber 2400f-2.0E
Minor Strength Direction: Southern Pine, No 1, Visual grade (12”7 wide)
Manufacture: Smartlam

Wall Dimensions

Panel Thickness, by, 12.375 in
Panel Length, L., . 117.125 in
Tapered Panel Length, Ly 113.125 in
Total Wall height, Ay, i 1374 in

Design Values
Major Direction Minor Direction

Flexural Stress, Fj o 2400 1000 psi
MOE, E.; 2000000 1600000 psi
Tensile Stress, F} 1925 650 psi
Compressive Stress, F, . 1975 1400 psi
Modeling Properties
Effective MOE, Ecf¢ qx 1134.8 ksi
Shear Modulus, Gy qx 80 ksi
Yield Stress, fy 2.64 ksi
Splitting Strain, €, q; 0.0079 in/in
Crushing Strain, €., 0.0398 in/in

Properties used to define the compressive behavior of the CLT at the base of the wall
are also included in Table 6.2. Similar to the assumed behavior used for the 2-story test
(summarized in Section 4.5.2), the multilinear behavior shown in Figure 6.3a was assumed
for the compressive behavior of the CLT wall panels in the 10-story test.

This behavior and the properties were approximated based on compression test results of
5-ply E1M5 grade CLT specimens [Sinha et al., 2023]. These tests were initially completed for
the Framework project [Zimmerman and McDonnell, 2018] and were used as the reference
for the 10-story CLT walls because the CLT tested was similar to the CLT used in the
10-story building. Through additional communication with the paper authors, the results
presented in Sinha et al. [2023] were modified slightly to get the values used for the 10-story

tests. The results were extended to larger strains to capture deterioration and interpreted
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Figure 6.3: Stress-strain relationship used for design of the 10-story building for the (a) CLT
wall panels and (b) MPP wall panels

with modifications to get values that fit the desired stress-strain curve. The additional

communication with the paper authors resulted in the development of the plastic stress-strain

plastic
s,clt

plastic

and 6cr,clt

relationship tested shown in Figure 6.4 where € are the plastic compressive

strains at splitting and crushing, respectively, and f°7 ty

lt 18 the yield strain, all for the 5-ply

CLT tested. The values taken from Sinha et al. [2023] are: ei‘;fg;”c = 0.0056 in/in, eii?c‘sliic:
0.0375 in/in, and f,%)/ = 2.85 ksi.

These values were adopted to the 10-story CLT wall panels by first adjusting the yield
stress of the 5-ply CLT to an equivalent 9-ply CLT panel. This adjustment needs to be made
because in CLT the plys running in the major strength direction contribute significantly
more strength to the panel and the ratio of major plys to total plys is different between
5-ply and 9-ply CLT. This was done by first multiplying the gross yield strength of the 5
ply panel, f;’;lft’ by a ratio of 5/3 to get the projected compressive strength of the plys in
the major strength direction and then multiplying that value by a ratio of 5/9 to get the
project gross compressive yield strain of the 9-ply CLT used in the 10-story test specimen,

fy,cit, shown in Table 6.2. The total strain at splitting, €5, and crushing, €. ¢, used for

the 10-story test specimen were calculated by adding the 9-ply yield strain to the plastic
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Figure 6.4: CLT plastic compression behavior relationship from Sinha et al. [2023] referenced

for the 10-story test specimen

plastic plastic
s,clt and ecr,clt .

crushing strain results from the tests e The yield strain was calculated by

simply multiplying f, a¢ by Eefrq:e- Doing this results in the behavior shown in Figure 6.3a.

MPP Rocking Walls

The MPP used for the two MPP rocking walls was donated by Freres Lumber. They were
9” thick Grade F16 panels defined by APA [2021]. Table 6.3 summarizes the key design
values for the panels, taken from APA [2021]. The plank or flatwise orientation refers to
loading perpendicular to the glueline. The joist or edgewise orientation refers to loading
parallel to the glueline. As noted by the footnote, some design values must be modified in
accordance with APA [2021], based on different implementations. Table 6.3 also includes the
total dimensions of the MPP walls.

Table 6.3 also includes the additional MPP material properties used for numerical mod-
eling. Limited testing has been completed to characterize the compressive behavior of MPP.
Soti et al. [2021] tested MPP panels in compression and characterized the behavior until
the elastic limit. Through additional personal communication with the paper authors, the
post yield and softening behavior used for the 10-story design was defined. The resulting

stress-strain relationship show in Figure 6.3b was used.
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Table 6.3: MPP wall panel dimensions, design values, and modeling properties

MPP Wall Properties

Grade: F16
Manufacturer: Freres Lumber
Wall Dimensions

Panel Thickness, by, mpp 9.1875 in
Panel Length, Ly mpp 105.125 in
Tapered Panel Length, Lqy mpp 101.125 in
Total Wall height, hy pmpp 1374 in

Design Values
Joist Plank

Flexural stress, Fj pp® 1900 1250  psi
MOE, E,.pp 1600000 1400000 psi
Edgewise shear stress, F, ¢ 90® 255 90 psi
Compressive stress L, F,| mpp 750 500 psi
Tensile Stress, F} pmpp® 1300 psi
Compressive stress ||, Fojlmpp 2400 psi
Major Elegyp 1.385E+09 Ib-in?/ft
Major GAesyo 3420000 Ib/ft
Modeling Properties

Effective MOE, Ecf ¢ mpp 2004 ksi
Shear Modulus, G mpp 125 ksi
Yield Stress, fympp 4.8096 ksi
Splitting Stress, fsmpp 6.015 ksi
Splitting Strain, € 0.0061 in/in
Crushing Strain, €., 0.02764 in/in

“Design values need adjustment based on implementation per APA [2021].

Design Considerations for Lateral Resistance During Construction

As will be discussed in more detail in the splice design discussion in Section 6.6.3, each
rocking wall is made of three panels that are horizontally spliced together to create the
monolithic rocking wall in the final design. The rocking walls are in three sections due to
manufacturing, transportation, and construction limitations. For construction, the gravity

system and diaphragms for a few floors were erected, followed by the installation of a rocking
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wall segment and the lateral connections. This procedure was repeated for the three wall
panel segments until the full building was constructed. In the final design, each monolithic
rocking wall is post-tensioned from the top of the wall which compresses the walls and
creates the primary lateral resistance for the building. To provide lateral resistance during
construction, prior to the erection of the upper stories of the walls and final post-tensioning,
a temporary construction PT connection, located at mid-height of the second story was
used. A cutout at the second story provided an anchorage location for the temporary PT
connection. Bars spanning from this temporary connection to the base of the walls were
post-tensioned and provided lateral resistance for the structure during construction. It was
designed to resist overturning moments from the design wind loads in the area. This was done
by approximating the moment-rotation behavior of the full wall system with the temporary
construction PT, using the cross-sectional analysis procedure (similar to the preliminary
design analysis used for seismic design, outlined in Section 6.6.2). Because this situation is
unique to this project and other solutions would most likely be used in a real building, the

full design procedure will not be presented in detail in this document.

Figure 6.5a shows a phase of the construction sequence when the first segments of the wall
panels were installed and lateral resistance was provided through the temporary construction
PT connection. On the floors where the gravity system and diaphragms were installed prior
to the lateral system, a temporary bracing system, designed by the contractor, were installed
(also shown in Figure 6.5a). Figures 6.5b and 6.5¢ show photos of the temporary construction
PT connections for the CLT and MPP walls, respectively. The connection consists primarily
of a wind saddle that acts in bearing. However, for the CLT walls, additional drag straps
were included as the compression strength of the CLT was less than that of the MPP and
all load could not be carried through bearing. Also shown in Figures 6.5b and 6.5c are the
custom PT jacking hardware pieces used to post-tension all the bars. After post-tensioning,
this jacking hardware was released and did not serve any additional purpose. Once the 10-
story walls were fully constructed, additional bars were added, connecting the tops of the

bars at the temporary construction connection to the primary anchorage saddle system at
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the top of the walls (discussed in the next section). The wall was then post-tensioned from
the top and the temporary construction connection was released such that it provided no
anchorage after construction. The design calculations completed for these temporary PT
components will also not be presented in detail in this document as they are unique to this

project and most likely wouldn’t need to be referenced.

Temporary Drag Straps
Brace Angleg

Connection

Figure 6.5: Lateral resistance during construction photos (a) temporary post-tensioning of
the first wall segment and temporary brace angles and temporary construction PT connec-

tions for the (b) CLT walls and (c) MPP walls

Post-tensioning bars

The PT rods were ATS high-strength, fully-threaded rods supplied by Simpson Strong-Tie.
Because the bar length during construction was so much shorter, larger diameter bars had to
be used over this length. For the first one and a half stories of the building, 2 inch diameter
rods were used. For the remainder of the building height, 1-1/4 inch diameter rods were

used. The manufacturer listed yield stress, F), ,;, and ultimate stress, F,, ,;, are 105 ksi and
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125 ksi, respectively. High-strength coupling nuts, compatible with the PT rods, connected
the larger lower rods to the smaller upper rods. Similar coupling nuts were used to connect
12 foot long rod segments to make the full PT rods.

Figure 6.6 shows the primary anchorage saddle system located at the tops of the walls.
These were similar for both the CLT and MPP walls and acted in bearing at the tops of the
walls. Similar to the temporary construction PT connection, the bars were post-tensioned
using the fabricated jacking hardware piece also shown in Figure 6.6. This piece remained
during testing to re-tension the bars, if necessary, without the use of a crane. At the base of
the walls, the PT bars were anchored into the foundation beam. Each bar was post-tensioned
to 50 kips, equivalent to 21% of the yield force for the lower bars and 55% of the yield force
for the upper bars. Table 6.4 summarizes the properties for the PT bars. Section 6.6.3

describes these components from a design standpoint.

s ———

Jacking
: / Hardwarejggs

Figure 6.6: Top of wall PT wall saddle connection details
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Table 6.4: Dimensions and properties of the PT bars in the 10-story test specimen

PT Bar Properties

MOE, E,, 29000 ksi

Yield Stress, F), 105 ksi

Ultimate Stress, F,, p 125 ksi

Initial PT force, T, , 50 kip
Lower Upper

Bar length,Ly 1, Lpeu 18 96.5 ft

Net Tensile Area, Ayetprr, Anetpr,v 2.5 0.969 in?

UFP Energy Dissipating Devices

The UFPs act as the primary energy dissipating devices in the 10-story building. At every
story, a UFP assembly existed on either side of each rocking wall, spanning the gap between
the rocking wall edges and the boundary columns. Figure 6.7 shows a typical detail for
the UFPs and their connections. Notches in the walls were cut to fit the UFPs so that the
gap between the walls and the columns could be small. The UFPs were anchored to the
timber using an embedded pi plate connection with steel dowels that acted in bearing. This
connection was designed by project collaborators, Sumitomo Forestry at Tsukuba Research
Institute, who conducted a payload project in which the demands on these connections are
significantly larger that then forces produced by the UFPs. The UFPs connect to the em-
bedded knife plate connections using bolts. Section 6.6.3 describes these bolted connections
in more detail and presents design calculations.

The 10-story building had two different UFP designs. The bottom three stories had
larger UFPs with two UFPs per location (Figure 6.7a) and the upper seven stories had
smaller UFPs with only one UFP per location (Figure 6.7b). While the primary purpose
of the UFPs is to provide damping, they also contribute to some of the total wall moment
resistance. As mentioned in Section 6.2.3, the lower wall panel that spanned the first three
stories was post-tensioned at the beginning of construction and provided all lateral resistance

during construction. Thus, the denser UFP layout and larger UFPs were used on the lower
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Figure 6.7: UFP energy dissipator connection details for (a) the lower UFPs and (b) the
upper UFPs

stories was done to aid in resisting the overturning moment demands during construction.
All UFPs were made of A572 Grade 50 Steel. Table 6.5 summarizes the dimensions and
properties of the UFPs in the 10-story test specimen. Note, the table lists the center-to-
center diameters that the UFPs were designed and manufactured for (D, ;, and D, ;s for the
lower and upper UFPs, respectively). However, due to larger than expected construction
tolerances, the gap in which each UFP was installed varied throughout the building. Each
UFP was either compressed or expanded so that it would fit in each location. For the lower
UFPs, the as-built bend diameters ranged from about 5.75 inches to 6.375 inches with an
average of 6 inches. For the upper UFPs, the as-built bend diameters ranged from about
5.75 inches to 7.1875 inches with an average of 6.3125 inches. In general, the lower UFPs
were closer to their design values and smaller than designed. On average, the upper UFPs
also had a smaller bend diameter than designed, but closer to the design value than the lower

UFPs. The upper UFPs also had a larger range in variability in the as-built diameter sizes.
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Table 6.5: Dimensions and properties of the UFPs in the 10-story test specimen

UFP Properties

MOE, Ep, 29000 ksi
Yield Stress, fyufp 50 ksi
Ultimate Stress, fuufp 65 ksi
Lower Upper
UFP width, b, 1, b, 8 8 in
UFP thickness, t, 1, tuu 0.5 0.375 in

UFP diameter, D, 1% D,y® 6.25 6.375 in

2As-built bend diameters vary from design values, see text.

Wall to Diaphragm Shear Connection

The rocking wall lateral system connected to the diaphragms using a vertically slotted shear
key connection that was anchored to the diaphragm using a wing plate system. All floors used
the same slotted shear key design presented here, however, the wing plate design presented in
this document and shown in Figures 6.8a and 6.8b for the CLT and MPP walls respectively,
was only used on floors 2-3 (with the CLT diaphragms) and 8-11 (with the VLT diaphragms).
These are the two-way diaphragm systems that do not require sheathing. The remaining
floors: 4-5, 6, and 7 with GLT, NLT, and DLT diaphragms are all one-way diaphragm systems
that require sheathing. Thus, an alternative wing plate system, designed by engineers at
MKA and StructureCraft, was used on these floors. These are shown in Figure 6.8c and will
not be presented in detail in this document. The alternate wing plate system was designed

to engage the sheathing and spread the loads out further.

The concept for these connections comes from the permitted Framework building in Port-
land, Oregon [Zimmerman and McDonnell, 2018], designed by KPFF Consulting Engineers.
A nearly identical design was also used in the NHERI TallWood 2-story test and performed
successfully. See Section 4.5.2 for a conceptual discussion on how the connection transfers

forces. One change for this connection between the 2 and 10-story tests was that the shear
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Figure 6.8: Wall-to-diaphragm shear transfer connections for (a) the CLT walls on non-
sheathed floors, (b) the MPP walls on non-sheathed floors, and (c) the walls on sheathed

floors

key plate was welded to the wing plate instead of bolted to ease construction and make the
connection stiffer. Additionally, the Teflon to create a friction-less surface in the slotted
hole was pre-installed on the embedded steel plates in the vertically slotted hole, also easing
construction and making a more resilient surface. As shown in Figures 6.8a and 6.8b, the
wing plates for the CLT and MPP were slightly different. The MPP wing plate were more
narrow to spread out the moment arm to accommodate the diaphragm splice on the VLT

floors that runs across the middle of the splice plate.
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Table 6.6 summarizes the dimensions and properties of the diaphragm-to-wall shear key
transfer connection. Note, while the wing plate is different on some floors, the properties in
this table relate to the shear key itself which are the same on all floors. Some floors had larger
design demands than others so different shear key sizes could have been used on the different
floors, creating a more optimized design, however, the same design was used on all floors
to ease construction. The height of the slotted hole was calculated to very conservatively
account for the peak wall uplift at the wall center and also account for wall shortening during

wall post-tensioning.

Table 6.6: Dimensions and properties of the diaphragm-to-wall shear key transfer connections

in the 10-story test specimen

Shear Key Properties
MOE, Eje, 29000 ksi
thickness, tgey, 2 in
width, wey 7 in
length, Ly, 9.5 in

Wall out-of-plane Brace Connections

At the intersection of the diaphragms and the rocking shear walls, out-of-plane wall braces
were installed to prevent wall compression buckling. A unique design that could accom-
modate both the wall rotations and uplifts at the diaphragms and could work for both the
interior and exterior wall configurations was designed and manufactured by engineers at
Simpson Strong-Tie. The resulting connection is shown in Figure 6.9.

On one face of each wall, two out-of-plane wall brace connections are installed at a
distance doop.cit and doop mpp for the CLT and MPP walls, respectively (Figure 6.9a). Each
out-of-plane brace connection consists of two legs that are anchored to the diaphragm with
a small wing plate and then cantilever over the collector straps, connecting to a fabricated

steel vertically slotted pin connection mounted to the walls. The legs are connected to
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Figure 6.9: Wall out-of-plane bracing connection photos (a) full view of braces and walls and

(b) close up of vertically slotted pin connection on wall

the vertically slotted hole using a bolt that was hand-tightened such that it was free to
move vertically in the slot during wall uplift (Figure 6.9b). The steel fabricated vertically
slotted pin connection mounted on the wall face allows the connection to prevent buckling
in both directions even though it is only mounted on one face, making it compatible for
both interior and exterior walls. The vertically slotted hole allows for vertical rocking wall
movement without locking within the connection. Table 6.7 summarizes the key dimensions
and properties of the out-of-plane braces. The distance over which the legs span, Loop,
measured from the face of the wing plate to the center of the bolt hole is also included in

the table (Figure 6.9b).
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Table 6.7: Dimensions and properties of the wall out-of-plane brace connections in the 10-

story test specimen

Wall Out-of-Plane Brace Properties

MOE, Eo 29000 ksi
leg thickness, £ 0.38 in
leg height, gy 3 in
leg length, Lo, 13.6875 in
CLT Walls MPP Walls
Brace distance, doop,cit; Qoop,mpp 98.625 97.625 in

6.2.4 Approximation of the 10-Story Building Mass

The total weight of the 10-story building specimen was approximated for design and mod-
eling purposes. The summation of the approximate weight of the mass timber members,
nonstructural walls, the stair system, and the major steel connections were used to calculate
the approximate total weight of the building. For the timber members, density recommen-
dations with typical moisture content from each supplier were used. For the sheathed di-
aphragms, the weight of the sheathing was included. The weights of the diaphragms, beams,
and columns were all multiplied by a factor of 1.06 to account for additional hardware weight
and the weight of the gravity connections. The additional 1.06 factor was not applied to the
walls because instead the small cutouts in the walls for the UFPs, shear keys, etc. were also
not accounted for to be conservative for the additional hardware and other components not
included in the total weight calculation. Approximate weights of the nonstructural walls and
the stair system were provided by project collaborators. The weight of the steel connections
was approximated using material take off lists from the steel fabricator shop drawings. This
weight accounted for all lateral connections. Table 6.8 summaries the approximate break-
down of seismic weight on each floor used for design and modeling. Figure 6.10 represents
the contributions of seismic weight on each floor in a plot. As seen in the table and figure,

the timber products make up majority of the seismic weight. Additionally, the weight of the
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steel connections is not negligible. Note, the weight presented here is approximate and could
vary significantly due to increased water content in the wood as there were large amounts
of rain in San Diego during construction. Controller data from the shake table should be

investigated to validate the total building weight.

Table 6.8: Summary of mass contributions per floor for the 10-story building specimen

Floor Diaphragm Beams Columns CLT Walls MPP Walls NS Walls Stairs Steel Total

- kip kip kip kip kip kip kip  kip kip
2 16.9 44 7.6 8.7 6.0 14.8 6.7 11.2 76.3
3 16.9 44 7.0 8.0 5.5 11.3 8.0 6.0 67.0
4 14.4 44 7.0 8.0 5.5 13.1 8.0 15.6 758
) 14.4 44 7.0 8.0 5.5 2.3 7.9 6.0 554
6 14.1 44 7.0 8.0 5.5 2.0 7.8 6.0 54.8
7 14.0 44 7.0 8.0 5.5 0.0 7.8 6.0 52.6
8 17.2 5.2 7.0 8.0 5.5 0.0 7.8 156 66.2
9 17.2 5.2 7.0 8.0 5.5 0.0 6.3 6.0 55.2
10 17.2 5.2 7.0 8.0 5.5 0.0 6.0 6.0 54.9
11 17.2 5.2 6.0 5.8 4.0 0.0 3.6 109 527
Total 159.6 47.1 69.5 78.3 53.9 43.4 69.9 89.3 611.0
80
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Figure 6.10: Summary of the mass contributions per floor for the 10-story building specimen
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Calculating and quantifying distribution of seismic weight on each floor was also impor-
tant to determine the center of mass (X,,; and Y;,;) and rotational mass moment of inertia
(I,;) on each floor for nonlinear numerical modeling. All components listed in Table 6.8
were accounted for in these calculations. The tributary mass of the walls at each floor were
calculated and lumped with the mass of the rocking wall steel connections also tributary to
that floor (including the UFP embedded pi plate connections in the walls at each story, the
assemblies for the temporary PT connection at Level two, the assemblies for the primary PT
connection on the roof, and the splice plate connections at floors 4 and 8). For each floor this
lumped wall mass was treated as point masses at the center of each wall. The nonstructural
walls were also treated as point masses acting at the center of each individual wall section
for these calculations. The mass of the stairs at each floor was evenly distributed over the
stair opening and treated as a thin plate for these calculations. The mass of the remaining
components including the diaphragms, beams, columns, and any fabricated steel connections
not attached to the walls (including the shear keys at each floor, the wing plates at each
floor, the diaphragm collectors at each floor, the UFPs at each story, and UFP embedded pi
plate connections in the columns at each story) were assumed to be uniformly distributed
over the diaphragm. An effective density was calculated using the mass and the approximate
area of each floor (900 ft?). The diaphragm was treated as thin plate sections by splitting
the diaphragm into rectangular shapes and using superposition to account for the true dis-
tribution of the floor area. The results for these calculations are shown in Table 6.9 under
the “Total Properties per Floor”. Note, the distances are all measured from the center of
the most north-west column in the floor plan where the positive x direction is east and the
positive y direction is north. Also included in Table 6.9 is the center of rotation, calculated
based on wall stiffness and remains the same at all floors and the eccentricity on each floor.

As shown, the eccentricity is minimal for all floors but is slightly larger in the y direction.
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Table 6.9 also includes a “Modeling Parameters per Floor” section. These are the adjusted
parameters used for modeling. As will be discussed in Section 6.5.4, the mass of the walls
were modeled on the wall elements and the remainder of the mass was applied at the center
of mass. Thus, the center of mass and rotational MOI in this section were calculated again
using the same assumptions listed previously, but without accounting for the mass of the
walls or the mass of the steel wall connections. In the model, the mass without the walls,
m;, and the rotational MOI, I,;, were applied to the center of mass on the diaphragm (X,
and Y,;). The per floor mass of the CLT wall, m; s, and the MPP wall, m; ,,,,,, were then

applied on the wall elements at each floor.

6.3 Site Location and Seismic Demands

The building specimen was designed for a location in the Capitol Hill neighborhood of Seattle,
Washington (Coordinates: 47.6156, -122.3197) with site class C soil. Because the specimen
was designed to represent a mixed-use building, it was classified as a risk Category II building.
This location was chosen because, at the time of this test, the Pacific Northwest is a hot
spot for mass timber construction and the Capital Hill neighborhood is a growing area where
mid-rise mixed-use buildings are in demand. The site seismic parameters were obtained from
the Applied Technology Council (ATC) Hazards by Location tool [ATC, 2016] with reference
to ASCE/SEI 7-16 and are summarized below:

e Importance factor: I.=1.0

Seismic design category: SDC =D

Mapped spectral acceleration parameters: Sg=1.378 g, S; =048 ¢

Site coefficients: F,=12 F,=15

MCEpR spectral acceleration parameters: Sys =1.654 g, Sy =0.72 g

As mentioned and discussed more in Section 6.6, the building was designed using performance-

based seismic design methodologies and nonlinear response history analysis. Thus in accor-
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dance with ASCE/SEI 7-16, the design was finalized at MCEg, but additional earthquake
hazard levels were also selected to assess performance. The earthquake hazard levels identi-

fied for this project were as follows:

43-year return period (50% in 30 years)

225-year return period (20% in 50 years)

475-year return period (10% in 50 years)

975-year return period (5% in 50 years)

2475-year return period (2% in 50 years)

4975-year return period (1% in 50 years)

Site specific Risk-Targeted Maximum Considered Earthquake (MCER)

As seen in the list above, all hazard levels except MCEgR, which will be discussed in
more detail in the following paragraphs, are defined using return periods (RP). For these six
return periods, the target hazard curves were defined using Uniform Hazard Spectra (UHS)
curves, developed for the 10-story site location. By definition, these curves are developed
by performing probabilistic seismic hazard analysis (PSHA) calculations at multiple periods.
The UHS curves were obtained referencing the 2014 US earthquake source model [USGS,
2017a] and generated for a site with a time-averaged shear-wave velocity to 30 meters depth
(Vss0) equal to 500 m/s (using USGS, 2017b). The plotted hazard curves are shown in
Figure 6.11 and the tabulated values are shown in Table 6.10. Note, for the hazard levels
represented by return period, geometric mean spectra are shown.

The last earthquake hazard level is the probabilistic site specific Risk-Targeted Maxi-
mum Considered Earthquake (MCEg), defined in accordance with ASCE/SEI 7-16 Section
21.2.1.1. The target curve for MCER is defined as the spectral response accelerations in
the direction of maximum horizontal response for the 2475-year unified hazard spectra (rep-

resentative of a 2% in 50 year ground motion exceedance probability) adjusted for risk of
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collapse using the ASCE/SEI 7-16 risk coefficients (Cr). Thus, to get the site specific MCEg
curves show in Figure 6.11 and tabulated in Table 6.10, the 2475-year return period UHS

—_ 43-year RP
=0 225-year RP
§ —— 475-year RP
§ 975-year RP
i) — 2475-year RP
§ —— 4975-year RP
< Site Specific MCE
E — MCE,

13}

e — 2/3 MCE,

« — — Period Range

Period (sec)

Figure 6.11: Earthquake Hazard Level Curves used for the 10-story test specimen

Table 6.10: Tabulated Uniform Hazard Spectra curves for the different earthquake hazard

levels used to design and assess the 10-story building performance

Period Earthquake Hazard Level
(sec) 43-yr RP 225-yr RP 475-yr RP 975-yr RP 2475-yr RP 4975-yr RP MCER
0 0.082 0.255 0.376 0.518 0.730 0.919 0.792
0.1 0.167 0.520 0.764 1.022 1.446 1.948 1.561
0.2 0.189 0.602 0.893 1.258 1.827 2.181 2.015
0.3 0.165 0.522 0.778 1.067 1.526 2.022 1.681
0.5 0.110 0.359 0.543 0.763 1.124 1.414 1.251
0.75 0.072 0.242 0.373 0.536 0.805 0.997 0.901
1 0.051 0.178 0.275 0.403 0.609 0.819 0.677
2 0.019 0.076 0.123 0.186 0.286 0.398 0.312
3 0.010 0.043 0.074 0.115 0.183 0.254 0.199
4 0.007 0.029 0.051 0.081 0.130 0.181 0.140
) 0.004 0.020 0.036 0.058 0.102 0.141 0.114
7.5 0.003 0.011 0.022 0.037 0.072 0.107 0.082

10 0.003 0.007 0.014 0.027 0.055 0.085 0.064
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curve (shown in Table 6.10), which is representative of the geometric mean, was multiplied
by the S@rotp100 [Sap,.pso factors recommended by Shahi and Baker [2014] to get a curve rep-
resentative of maximum direction spectra. The curve was then multiplied by the ASCE/SEI
7-16 C'r factors to adjust for risk. Note, Sar.pioo is the spectral acceleration of the ground
motion components in the orientation that corresponds to the 100" percentile (maximum
spectral) response (maximum direction spectra). Sagrypso is the spectral acceleration of
the ground motion components in the orientation that corresponds to the 50" percentile
value spectral response and is a good representation of the geometric mean (Sageometriciean)
spectral response of the two horizontal ground motion components. Because Sag.pso is an
approximation of the geometric mean, the S@rotpi00/Sap,,ps, factors do not produce an exact
conversion between maximum direction spectra and geometric mean spectra, however, based
on Shahi and Baker [2014], it was deemed an appropriate conversion for this project.

As discussed in Section 6.4, for design and shake table testing, ground motion suites
were selected and scaled for the hazard levels shown in Figure 6.11. Note, there are two
MCER curves shown. The first is the site specific MCER curve developed from the 2475-year
return period curve. This is the curve that was used for design and ground motion selection
at the MCER hazard level. The second curve is the more commonly seen version of this
curve, defined in accordance with Chapter 11 of ASCE/SEI 7-16. They are both versions
of the same curve, the site specific MCER curve however has more period definition than
the traditional MCER curve. Throughout this document, when referencing MCEg, the site
specific MCEpg is being referenced unless noted otherwise.

While ASCE/SEI 7-16 also allows the use of conditional mean spectra (CMS) for design,
which may be more representative of true hazard, UHS was used for this project because it

is more conservative, meaning the hazard may be larger at some periods.
6.4 Ground Motions

Suites of ground motions were selected and scaled for the Seattle, Washington site to repre-

sent the earthquake hazard presented previously in 6.3. These ground motions were first used
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to complete nonlinear response history analyses to assess the performance of the 10-story
building specimen for design. Then, a subset of the design ground motions were used for
testing on the shake table. This section will present the ground motion selection and scaling
procedures used to obtain these ground motion suites. Then, a summary of all the selected
and scaled ground motions will be presented. Section 7.2 will describe the procedure for
selecting the subset of ground motions used for shake table testing, including the procedure
for scaling the vertical ground motion components. Note ground motion selection and scaling

was completed with assistance from Nasser Marafi from Risk Management Solutions, Inc.

6.4.1 Ground Motion Selection and Scaling Procedures for Design Suite Motions

For design, suites of eleven two-component ground motions were selected and scaled to the
target hazard curves presented in Section 6.3: The 5%-damped target UHS curves for each
hazard curve are presented in Figure 6.11 and Table 6.10. As described in this section,
motions were carefully selected to be consistent with the earthquake hazard in Seattle and
were scaled to meet current code recommendations.

The seismic hazard in Seattle is unique in that it can be characterized by three different
types of earthquakes from different sources. The first type of earthquake that can occur is
the crustal earthquake that comes from shallow crustal faults such as the Seattle fault. The
second and third types of earthquakes that can occur are the deep intraslab earthquakes and
the shallower interface earthquakes that can both result from the Cascadia Subduction Zone,
the subduction of the Juan de Fuca plate beneath the North American Plate [Marafi, 2018].
To properly capture this hazard for design and shake table testing of the 10-story specimen,
which has a design site location within Seattle, the ground motions were selected from
three different ground motion repositories that each contain motions for the three different
earthquake sources in Seattle: crustal, intraslab, and interface. The suites of ground motions
were selected such that at each of the seven hazard levels, there were ground motions from all
three sources. The crustal earthquakes were obtained from the NGA West-2 PEER Ground

Motion Database [Ancheta et al., 2014]. The interface earthquakes were obtained from the
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Strong-motion Seismograph Networks KiK-net and K-NET database [NIBS, 2018]. The
intraslab earthquakes were obtained from the NGA-Subduction Flatfile dataset [Mazzoni
et al., 2021].

For the MCER hazard, the ground motions were scaled in accordance with ASCE/SEI 7-
16, Chapter 16. Utilizing amplitude scaling methods, maximum direction spectra (Sagotpio0)
were created for each horizontal ground motion pair and scaled. Identical scale factors were
applied to both horizontal components. Upper and lower bounds of 5.0 and 0.1, respectively,
were placed on the scale factors to ensure that the ground motions would be reasonably
representative of the original ground motion magnitude. The ground motions were scaled
such that the maximum-direction spectra matched or exceeded the MCER target response
spectra (which is also representative of the maximum direction spectra) over a period range
from 0.14 seconds to 3.4 seconds. This period range is based on ASCE/SEI 7-16 requirements.
The upper bound is defined by twice the first-mode period and the lower bound is defined
to ensure that the range includes at least the number of elastic modes necessary to achieve
90% mass participation in each principal horizontal direction. A period of 1.7 seconds was
assumed for for the first mode and 90% mass participation was achieved by the 8 elastic
mode, corresponding to a period of about 0.14 seconds. Note, ground motion selection and
scaling occurred prior to developing the final nonlinear numerical model. Thus, as shown
in Section 6.5.5, the final approximate first mode period and period to achieve 90% mass
participation are slightly different, but still within an appropriate range. Figure 6.12 shows
the scaled maximum direction spectra for all eleven MCEg motions, the suite mean of the
scaled ground motions, the target hazard curve at MCEg, and the period range over which
the ground motions were scaled. Note, 5% damped acceleration spectra were used for ground
motion selection and scaling.

While the ground motion scaling procedures in Chapter 16 of ASCE/SEI 7-16 are speci-
fied for the MCER hazard only, the same methods were applied to the other six hazard levels
with a one modification: geometric mean spectra (Sageometricaean) for each horizontal ground

motion pair was used in lieu of the maximum direction spectra. This modification is consis-
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Figure 6.12: Target design spectra and scaled ground motions for MCEg earthquake hazard

tent with the previously defined target spectra since the MCER target UHS is representative
of the maximum direction spectra while the other target UHS curves are representative of the
geometric mean spectra. Figure 6.13 shows the scaled Sageometrichrean Spectra for all eleven
ground motions, the suite mean of the scaled ground motions, the target hazard curve, and
the period range over which the ground motions were scaled for the six remaining hazard
levels that are defined using return periods.

Section 16.2.4 of ASCE/SEI 7-16 was referenced to check the application of ground motion
orientations to the structural model for the nonlinear numerical analyses. This check is
performed to minimize issues related to directionality, insuring the larger ground motion
component isn’t applied in one orthogonal building direction more than the other. Each pair
of ground motion components were applied at orthogonal orientations such that the average
of the component response spectrum for the records applied in each direction is within +10%
of the component mean response spectra of all records applied for the period range specified
previously. Figure 6.14 shows an example of this check for the MCER earthquake hazard.

This check was satisfied for all hazard levels.
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Figure 6.13: Target design spectra and scaled ground motions for each design earthquake

hazard.
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Figure 6.14: Ground motion direction application for the MCER earthquake hazard

6.4.2 Summary of Selected and Scaled Ground Motions

The ground motion selection and scaling procedures presented above were used to develop the
suites of eleven ground motions at each of the seven hazard levels. Table 6.11 summarizes
the ground motion information for the selected and scaled ground motions at the MCEg
hazard level. Table 6.12 summarizes the ground motion information for the six other hazard
levels. In both tables, the assigned design suite ground motion number, the earthquake
source, earthquake name, earthquake year, and scale factor for the design suite are listed.
Additionally, the information needed to look up the original ground motion file from the
original sources, including Motion ID and the recording station, are listed. For the crustal
and intraslab earthquakes, the motion ID corresponds to the RSN number in the original
ground motion repositories. For the interface earthquakes, the motion ID corresponds to
an ID generated by KiK-net and K-NET database based on the station, date, and time of
the earthquake. Finally, the directionality for which the ground motion was applied in the
nonlinear numerical model is presented in the EW Comp. and NS Comp. columns of the
table. The inputs listed for these two columns is consistent with the naming scheme present

in the ground motion repositories from which they were obtained.
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6.5 Nonlinear Numerical Model of the 10-Story Test Specimen

This section presents the three-dimensional nonlinear numerical model of the NHERI 10-
story test specimen used for design of the lateral system. The model was developed in
OpenSees [Mazzoni et al., 2009] and includes a detailed representation of the post-tensioned
rocking wall lateral system and the lateral connections. It assumes a rigid diaphragm and
includes the boundary and gravity columns. The building was designed such that the re-
sponse is controlled by the post-tensioned rocking walls and contributions from the stairs
and nonstructural elements are minimal. Thus, they were not included in this model. While
this model focused primarily on the lateral system and its design, force and deformation
demands results were also used to inform and aid in the design of other key building compo-
nents including the diaphragms, stairs, and nonstructural walls. This model uses 2% Rayleigh
damping on the 1st and 9th mode (i.e., capturing the first three modes x, y, and torsional
modes, see Section 6.5.5) and uses the elements’ current stiffness matrix. The modeling
methodologies presented in this section built upon two-dimensional techniques presented in
Ganey [2015] and Wichman et al. [2022] (Chapter 5) which validated the techniques using
cyclic and dynamic loading tests, respectively. This model was not developed to study the

response of vertical input motions.

6.5.1 Rocking Wall Lateral System Modeling

A schematic of the post-tensioned rocking wall OpenSees model is shown in Figure 6.15.
With these lateral systems, the walls remain elastic up the height of the wall and all inelastic
behavior of the wall system occurs at the base through uplift and compressive deformations.
The elastic portion of the rocking wall is modeled using a series of force beam column
elements with a rectangular fiber cross section. The fiber cross section is equivalent to the
size of the wall panels (b,, by L,,) and consisted of 348 fibers (a 58 by 6 patch) for the CLT
walls and 208 fibers (a 52 by 4 patch) for the MPP walls. An elastic material model, with

stiffness equal to the effective MOE, E.;;, was assigned to the wall fiber section to model
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flexural stiffness. The section aggregator command in OpenSees was used to account for
shear deformations, which are significant for these walls. An elastic material model with
slope equal to Grs x ks x A, was used for shear flexibility, where Gy is the effective shear
modulus, k; is the shear shape factor equal to 5/6 for a rectangular cross section, and A, is
the cross sectional area of the wall. This material was then aggregated to the elastic fiber
section in both in-plane shear directions. Reference Tables 6.2 and 6.3 for the model input

parameters used for the CLT and MPP walls, respectively.
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Figure 6.15: Post-tensioned rocking wall numerical model schematic for the 10-story building

specimen

The inelastic compressive deformation of the wall base and the rocking behavior was

modeling using a multispring contact element, initially developed by Spieth et al. [2004] for



179

prestressed concrete structures and utilized in two-dimensions by Ganey [2015], Wichman
et al. [2022] (Section 5.2), and others. For the 10-story model, this multispring element
methodology was extrapolated to develop a three-dimensional multispring element that can
capture rocking in both the in-plane direction and out-of-plane direction. In the 3D mul-
tispring contact element, vertically orientated zero-length springs are distributed along the
base using a Labatto Integration method in both directions, such that there is a higher
concentration of springs at the rocking corners. The distribution used here consisted of 30
springs along the length of each wall base and 7 rows of springs through the thickness of
each panel. Figure 6.15 includes a simplified illustration of this multispring element. The
top of each spring connected to the base of the bottom wall element using a horizontal elastic
beam column element with a high MOE to represent a rigid connection. The bottom of each
spring was fixed. To transfer shear at the wall base, the tops of the zero length springs in

the four corners of the multispring element were restrained in both horizontal directions.

Presented previously, Figure 6.3 shows the target compressive stress-strain behavior this
model aims to capture for the bases of the CLT and MPP walls. An assumed plastic hinge
length, [,, is used to transform the desired stress-strain behavior to the compression only
force-deformation behavior needed for the zero length springs in the multispring element. In
this model, a plastic hinge length of 2b,, was assumed in accordance with recommendations
in Akbas et al. [2017] and validated in Wichman et al. [2022] (Chapter 5). Similar to the
two-story OpenSees model presented in Chapter 5, the plastic hinge length was utilized
by calculating an overall contact stiffness of the multispring element, K, using Equation
6.2. This stiffness was then proportionally scaled based on the Labatto Integration method
to determine the stiffness of each zero-length spring, k. For each spring, the product of
the wall yield stress, fyc: Or fympp, and the Labatto weighted area determines each yield
strength, F, 4, and F), ,,p, (similarly, fs ., is used to calculate Fj ,y,, for the wood splitting
point in the MPP behavior). Using the same logic, the product of the respective strains,
€s and €., and the plastic hinge length, [,, determine the splitting deformation, A, and

the crushing deformation, A, for all the springs in the element. Tables 6.2 and 6.3 can be



180

referenced for the model input parameters used for the CLT and MPP walls, respectively.
Figure 6.16a and 6.16b show the resulting force-deformation constitutive model assigned to

the zero-length springs in the multispring element of the CLT and MPP walls, respectively.

byL,E
K, = %@ff (6.2)
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Figure 6.16: Material models used in the post-tensioned rocking wall numerical model for

the 10-story building specimen

To combat the increased axial flexibility of the wall that results from the addition of the
multispring element, a truss element, spanning from the top of the wall panel to the top of
the multispring element, is added to increase the area of the wall. The truss element has an
elastic material model, with an elastic modulus equal to the wall, F.ss, and an area, A,x*,
calculated as show in Equation 6.3. Again, reference Tables 6.2 and 6.3 for the model input

parameters used for the CLT and MPP walls, respectively.
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The PT bars are modeled using corotational truss elements that connect a fixed node
at the wall base elevation to the end of a cantilevered rigid element at the top of the wall
representing the PT offset from the centerline of the wall. A tension-only bilinear hysteretic
material model that allows for damage accumulation after yielding was used for the PT ele-
ments (show in Figure 6.16d). The initial post-tensioning of the PT elements was simulated
by applying an initial strain wrapper in OpenSees. For simplicity in the model, the 1 1/4”
diameter bars (the upper bars) were assumed for the entire height of the walls. Because the
length of the larger lower bars is short in comparison to the whole building, this approxi-

mation will not have a significant effect on the overall performance of the model. A higher

initial PT force, T

opts 1 applied to the bars to correct for the initial elastic wall shortening

from the initial PT force and ensure the target PT force (T}, ) is achieved. This larger force
is calculated in accordance with Equation 6.4 where k,, is the elastic stiffness of the wall
calculated using Equation 6.5 and k, is the elastic stiffness of the PT bars calculated using
Equation 6.6. Reference Table 6.4 for the PT properties used (use the upper bar size) and
Tables 6.2 and 6.3 for the properties of the CLT and MPP walls, respectively.

k
:,pt = Topt (k_pt + 1) (6.4)
bwLwEeff
ky = ———— :
! (65
A E
b = = (6.6)

The boundary and gravity columns were modeled using continuous elastic beam column
elements with pinned bases. The geometric and material properties shown in Table 6.1 were
referenced for model input properties. The true MOE, E, shown in Table 6.1 was used and

an effective shear modulus, Gy, of 35 ksi was assumed for the column model. Note, because
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contributions from the gravity connections were designed to be small, they were not included
in this model.

Each UFP is modeled as a zero-length spring element located at the midpoint between
the wall edge and the respective boundary columns. Note, the UFP wall cutouts are not
accounted for in the location offset, but are not expected affect the results. Based on recom-
mendations by Ganey [2015] and Wichman [2018], a Giuffre-Menegotto-Pinto steel material
model with isotropic strain hardening is used for the vertical direction of the zero-length
spring to model the UFP behavior (Figure 6.16¢). A yield force and stiffness are calculated
in accordance with Equations 3.2 and 3.4, respectively. Properties from Table 6.5 were used
for modeling. Note, for the lower UFPs, the input stiffness and yield forces values were
multiplied by two because there were two UFPs at each location. The assigned stiffness in
all remaining degrees of freedom is near-zero to represent no contribution. In the model, the

UFP locations were assumed to be at mid-height of every story.

6.5.2  Diaphragm-to-Wall Shear Key Connection and Out-of-Plane Wall Bracing Modeling

The connection between the diaphragms and walls (shear key) and the out-of-plane braces
were modeled by adding a second node at each wall and floor intersection and connecting
the two nodes with a zero length spring. Different elastic stiffness values were applied to
the different directions of the zero length springs to model the flexibility from the shear key
and the out-of-plane braces. The free end of the spring was incorporated into the diaphragm
model as discussed in the next section. A schematic showing the stiffness in each direction
of this spring is included in Figure 6.15.

The flexibility of the cantilevered shear key (Figure 6.8) was modeled by assigning an
elastic material model to the horizontal in-plane wall translational direction of the zero

length spring. The stiffness for this degree of freedom, kiey inpine, accounted for both flexural
f

stiffness, ki, inplanes

and shear stiffness, kj,, ;,,10ne, and was calculated using Equation 6.9.
Properties and dimensions for these equations are found in Table 6.6. The shear modulus of

the shear key, Gy, was calculated using poisons ratio for steel. While shear contributions
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were included in the cantilevered flexibility of the shear key, it is not expected to effect
the stiffness significantly. The zero length spring had zero stiffness in the vertical degree of

freedom to allow for uplift of the rocking walls.

f o 3Ek8y (wieytk59/12)
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To model the axial flexibility from the cantilevered out-of-plane brace legs (Figure 6.9),
an elastic material model was assigned to the zero length spring in the horizontal degree
of freedom that is perpendicular to the face of the walls. The stiffness for this degree of
freedom, Koop aziat, Was calculated using Equation 6.10 and referencing values in Table 6.7.
In the equation, the 4 legs per wall is divided by 2 because the legs are pin-connected to the

walls.

toophoopEo 4legs
koo Jazxial = 2ob _oob oo X (610)
P Loop 2

The rotational stiffness from the two wall out-of-plane braces at each wall on each floor
level (Figure 6.9) is modeled by assigning an elastic material model to the out-of-plane
wall rotational degree of freedom in the zero length spring. The stiffness of this spring
was calculated using Equation 6.11 and referencing Table 6.7 for the input values. In this
equation the number of legs is divided by 2 because the full moment arm length, d,,, was
used. The other two rotational degrees of freedom for this zero length spring were assigned

negligible stiffness to allow uplift and rocking of the post-tensioned walls.

tOO hOO EOO 4 l
koop,?"ot = pL & P x ;gs X doop (6.11)
oop
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6.5.3 Diaphragm Modeling

Diaphragms were modeled using a rigid diaphragm constraint. Because the spans in the di-
aphragms are relatively short in this building, their flexibly is assumed to be small, justifying
this assumption. The rigid diaphragm model was implemented by first adding a node at the
calculated approximate center of mass (COM) location (X,,;,Yi), shown in Table 6.9 under
the “modeling parameters per floor” section. The rigid diaphragm command in OpenSees
was then utilized by assigning the new COM node as the retained node. The constrained
nodes were the four free end nodes of the diaphragm-to-wall shear transfer spring on each
floor and the fourteen column nodes on each floor (See the red nodes in Figure 6.17). The

vertical direction was defined as the direction perpendicular to the rigid plane.

North
v or
X
v
o
[>e oo
Xmi Ymi
/COM node
Diaphragm girders
e
2 ~ Diaphragm beams o Node
¢ o Rigid diaphragm - constrained nodes
e Rigid diaphragm - restrained node
O Pin connection
/A Modeled shear key connection
— Rigid element

Figure 6.17: Schematic of the diaphragm model used in the 10-story OpenSees model on

each floor
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As shown in Figure 6.17, an assembly of beams and girders were modeled to support
the new COM node. With the rigid diaphragm assumption, the real beams in the building
would not contribute to the response of the structure. These added beams and girders
are not representative of the real beams in the model, but were only added to the model
to support the new COM node and allow appropriate transfer of vertical gravity loads to
the diaphragm and distribute into the columns. The diaphragm beam and girder assembly
was constructed in the stair opening because the COM modeling node falls within this
bay for all floors. Diaphragm girder elements spanned in the north-south direction and a
diaphragm beam element spanned across the girders. Fully pinned rotational springs were
added at intersections. The beam and girder elements were modeled with elastic beam
column elements with a high MOE to model a rigid member. Figure 6.18 shows a schematic
of the full 10-story building OpenSees model. Note, Wright [2023] developed a numerical
model for each of the diaphragm types and studied the vertical response of the systems

during shake table testing.

6.5.4 Application of Seismic Mass and Gravity Loads

The seismic mass of the wall panels and the mass of any significant lateral connections on
the walls (as described in Section 6.2.4) was distributed up the height of the wall panels.
The mass per floor for the CLT, m; 4, and MPP, m; ,,,, walls can be found in Table 6.9.
These mass values were evenly distributed and assigned to nodes spaced at quarter-points of
each story. The mass was assigned to the two horizontal degrees of freedom. The remainder
of the mass on each story, m;, and the approximate rotational MOI, I,;, from the “modeling
parameters per floor” section of Table 6.9 were applied to the COM node on each diaphragm.
The mass, Mmi, was applied to the two horizontal degrees of freedom and the rotational
MOI, 1,;, was applied to the rotational degree of freedom about the vertical axis. For the
gravity loading analysis, vertical loads equivalent to the seismic masses were applied to the
structure. For the walls, equivalent load wall applied, but lumped at floor levels instead of

at quarter points. The remaining gravity load was applied to the COM node.
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Figure 6.18: Schematic of the full OpenSees model of the 10-story test specimen

6.5.5 Linear Model and Figenvalue Analysis

A linear model of the 10-story building was also developed in OpenSees. Because base
rocking is not part of the linear analysis, a fixed base was used. Additionally, the PT bars
were neglected in the linear model because their contributions to initial stiffness (pre-uplift)
is small compared to that of the mass timber panel. While it is sometimes recommended to
also neglect the UFPs in the linear model [Busch et al., 2022], it was determined that their
contribution to the initial stiffness is not negligible and thus, elastic UFP springs were kept

in the linear model.

An eigenvalue analysis was performed on the linear model to characterize the modal

properties of the 10-story building specimen. The resulting periods for the first 9 modes
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of the building are summarized in Table 6.13 and schematics of the corresponding mode
shapes are shown in Figure 6.19. These first 9 building modes capture the first three x-
direction (east-west) modes, the first three y-direction (north-south) modes, and the first
three torsional (6,) modes. Note, while the results from the eigenvalue analysis of the
linear OpenSees model is presented here, performing an eigenvalue analysis on the nonlinear

OpenSees model yields nearly identical results.

Table 6.13: Building periods from an eigenvalue analysis of the linear 10-story test building

OpenSees model

Period (sec)

Mode T, T, Ty
1 1.68 1.74 1.22
2 0.34 035 0.25
3 0.15 0.15 0.11

Table 6.14 summarizes the modal participation masses. In this table the modes are
listed in order of descending periods. As shown from the mode shape plots and the modal
participation masses, each mode is dominated by one primary degree of freedom, as expected.
However, the x-direction dominated modes have some torsional component as well. The first
three modes in each direction are discussed as these capture 90% modal mass participation

for the horizontal degrees of freedom, a common benchmark used in ASCE/SEI 7-16.
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Table 6.14: Mass participation values from an eigenvalue analysis of the OpenSees model for

the 10-story test building

Period = Modal Participation Cumulative Modal
Mode  (sec) Masses (%) Participation Masses (%)

T M, M, M, M, M, M,

Y, 1.74 0.0 634 0.0 0.0 634 0.0
X4 1.68 63.2 0.0 0.4 63.2 634 0.4
0.1 1.22 0.5 0.0 41.3 63.7 63.4 41.6
Yy 0.35 0.0 225 0.0 63.7 85.9 41.6
Xy 0.34 222 0.0 0.2 85.9 85.9 41.8
0.2 0.25 0.3 0.0 16.5  86.2 85.9 58.3
X3 0.15 7.0 0.4 0.1 93.2 86.4 58.4
Y3 0.15 04 7.2 0.0 93.6 93.5 58.4
0.3 0.11 0.1 0.0 8.2 93.7 93.5 66.6
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Figure 6.19: Mode shapes from and eigenvalue analysis on the 10-story test specimen

OpenSees model



190

Mode 3 - X Mode 3-Y Mode 3 - Torsion
T =0.15 sec T =0.15 sec T =0.11 sec
112 4 112 112
101} § 101 101
90 90 90
79 79 79
T 68 < 68 < 68
=) e} =)
S 57 S 57 S 57
S 46 S 46 S 46
2 2 2
m 35 m 35 M 35
24 | 24 24
13 13 13
0 0 0

(c) Mode 3

Figure 6.19: Mode shapes from and eigenvalue analysis on the 10-story test specimen
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6.6 Lateral Design of the 10-Story Building Specimen

This section will present the performance-based design methodology and nonlinear response
history analyses completed for the design of the resilient post-tensioned rocking wall lateral
force resisting system used in the NHERI TallWood 10-story mass timber building. The
intent of this design process was to be reflective of the procedure that would be done in
practice for a lateral system not recognized by the codes, but does target performance that
exceeds code requirements. Many of the design philosophies presented here were inspired
by the design of the Framework building [Engineers, 2017]. Note, the design of this lateral
system under wind loads is not presented in this document.

While mass timber lateral force-resisting systems are gaining popularity in research, they
are not fully recognized in the US building code and design standards. Thus, performance-
based seismic design methodologies were used for the 10-story lateral system. In other
words, lateral force-resisting systems included in Table 12.2-1 of ASCE/SEI 7-16 can be
designed for earthquake loads using prescriptive provisions in ASCE/SEI 7-16, however,
systems not included in the table are still permitted, but must follow performance-based
design procedures of ASCE/SEI 7-16 Section 1.3.1.3. The limits used on both local and
global acceptance criteria are consistent with current performance-based design guidelines
(Chapter 16 ASCE/SEI 7-16 and 2014 LATBSDC). For design, the following codes and

references were applied:

e 2018 International Building Code

e Minimum Design Loads and Associated Criteria for Buildings and Other Structures

ASCE/SEI 7-16, American Society of Civil Engineers, Structural Engineering Institute.

e National Design Specification for Wood Construction, 2018 Edition, American Wood

Council.

e Seismic Performance Assessment of Buildings, Volume 1 - Methodology, FEMA P-58-1,

Federal Emergency Management Agency.
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e Special Design Provisions for Wind and Seismic, 2015 Edition, American Wood Coun-

cil.

e Specification for Structural Steel Buildings, ANSI/ AISC 360-16, American Institute

of Steel Construction.

The overall design of the post-tensioned rocking wall lateral system for the NHERI Tall-
Wood building can be summarized into three phases as shown in Figure 6.20. The first
phase of the design procedure was to perform a modal response spectrum analysis (MRSA)
in accordance with ASCE/SEI 7-16 on a linear OpenSees model to check preliminary drift
limits and establish preliminary rotation design demands for a Design Basis Earthquake and
an MCEgR earthquake. For the second phase of the design procedure, the rotation demands
were used to perform a cross-sectional analysis procedure (outlined in Section 3.3.1) and
determine a preliminary design. The preliminary design was iterated on until a series of
limit state checks (based on modified recommendations in Busch et al. [2022]) were satisfied.

The third and final phase of the design procedure was to finalize the design using the
MCER seismic design criteria summarized in Table 6.15. Nonlinear response history analysis
(NLRHA) was performed in OpenSees on a suite of eleven two-component ground motions
selected and scaled to the 5% damped MCER spectrum. These results were assessed at suite
mean demand and suite maximum demand. Suite mean demand is defined as the geometric
mean over all earthquakes of the maximum demand for each earthquake. Geometric mean
was used to account for dispersion of the peak values. Suite maximum demand is defined
as the maximum over all earthquakes of the maximum demand for each earthquake. Using
the suite mean and suite maximum results, stringent criteria for ISD limits, force-controlled
actions, and deformation-controlled actions were enforced to validate and finalize the design.
Details for the 2.25% ISD limit check will be discussed Section 6.6.3 and force and deforma-
tion criteria checks will be discussed in Sections 6.6.3 and 6.6.3, respectively. Note, checks
for residual drifts will not be checked directly, however, code requirements are assumed to

be met if PT bars do not yield, allowing the structure to fully re-center.
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Figure 6.20: Summarized design procedure used for the 10-story test specimen

The stringent criteria used at MCER results in essentially elastic performance apart from
the deformation criteria which allows rocking wall uplift, minor yielding of the wood at the
base of the wall, and yielding of the replaceable energy dissipating elements. Because of
the essentially elastic performance at MCER from the force-controlled components, minimal

criteria performance criteria are enforced at the lower hazard levels.
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Table 6.15: MCER seismic hazard criteria

Criteria Value

Analysis Procedure Nonlinear Response History
Software ~ OpenSees
Risk Category I
Seismic Design Category D
P-A Effects ~ Consideed
~ Eleven two-component ground motions scaled to the 5%

Earthquake Hazard damped MCEg spectrum. Note, no vertical ground motions

will be applied for design.

Inherent Damping 2%
Accidental Torsion ~ Not Considered
‘Analysis Load Combination D+E,
‘Peak ISD Limit ~ 2.25% for suite mean

Force-Controlled
Actions

Deformation-Controlled
eformation-Controlle See Table 6.33

Actions

6.6.1 MRSA and Preliminary Design Demands

The first phase of the lateral design procedure (Figure 6.20) used for the 10-story specimen
was to complete a modal response spectrum analysis (MRSA) using a linear OpenSees model
for preliminary drift checks and develop preliminary design demands. This phase of the

design procedure was inspired by recommendations in Busch et al. [2022].

Architectural Design

The floor plan of the 10-story specimen and the schematic architectural design of the walls
was initially selected based on architectural constraints such as shake table size, desired

building floor plan, and desired building period. In this phase of planning, collaborators
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from architectural and structural design firms were included for additional input based on
what they commonly see in floor plans of real building designs.

Initial wall widths and locations were selected based on desired columns spacing for the
building so that all columns and walls would sit directly on the shake table, as opposed
to sitting on a portion of the foundation cantilevered off the shake table. Additionally, to
study the conductibility of using both interior and exterior lateral walls in the building, the
South rocking wall was placed inside the floor plan and the remaining walls were all exterior
walls. Cantilevered portions of the diaphragm were incorporated at all four corners to study
the design challenges and response associated with with different mass timber diaphragms
configurations. Referring to the final floor plan shown in Figure 6.2a, only minor floor plan
changes such as small wall length adjustments and the shapes of the cantilevered portions

of the diaphragms were changed from the architectural phase to the final floor plan.

Linear OpenSees Model

The three-dimensional linear OpenSees model presented in Section 6.5.5 was used for this
portion of the design procedure. As discussed in the following two sections, this model
was used to calculate preliminary deformation demands to be used in the cross-sectional
analysis procedure. Thus, a response modification coefficient (R) was needed. Because this
has not been established for mass timber rocking walls, a value of 6 was used based on
recommendations in Busch et al. [2022]. The value of 6 was recommended because ACI
ITG 5.1 and 5.2 permit the use of the same R as the equivalent concrete system (listed
as “Building Frame Systems - Special Reinforced Concrete Shear Walls” in ASCE/SEI 7-
16) for post-tensioned precast rocking walls and the behavior of concrete and mass timber

post-tensioned systems is similar [Zimmerman and McDonnell, 2017].

Modal Response Spectrum Analysis (MRSA) and Drift Check

A MRSA was conducted on the linear OpenSees model to complete a preliminary drift

analysis. For the MRSA the design parameters of interest (story drift values in this case) were
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computed using properties of each mode and the design basis earthquake (DBE) response
spectra demands for the design site, divided by the quantity £/r. (in accordance with Section
12.9.1.2 of ASCE/SEI 7-16). Per ASCE/SEI 7-16, the story drifts for the various modes were
multiplied by the quantity ¢a/r. and combined using the square root of the sum of the squares
method. The deflection amplification factor, Cy, was set equal to R per recommendations in
Busch et al. [2022]. The story drifts were checked to ensure they were less than the allowable
story drifts of 2% based on ASCE/SEI 7-16 Table 12.12-1. The wall dimensions and locations
were then refined and the MRSA was repeated until this drift check was satisfied. Figure
6.21a shows the distribution of story drifts under the DBE event. As shown, the maximum
drift response does not exceed the 2% limit state check in either building direction. Figure

6.21b shows the floor displacements used for this check (d,).
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Figure 6.21: Results from the linear OpenSees analyses for preliminary design purposes

showing (a) story drifts and (b) floor displacements
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Gap Opening Demands at DBE and MCFEg

The rocking wall rotation demands at DBE and MCEgR were approximated using the proce-
dure outlined by Busch et al. [2022]. These values are calculated by subtracting the elastic
deformation at the top of the wall that corresponds to yielding at the base of the wall (04 )
from the total deflection at the top of the wall and dividing by the total height of the wall
(hyw) as show in Equations 6.12 and 6.13. At DBE, the total deflection at the top of the
wall is defined as the deflection at the top of the wall from the linear MRSA, 4., (same
value from the linear drift analysis check in the previous section) multiplied by the inelas-
tic displacement amplification factor (C) taken in accordance with ASCE 41-17 (equal to
1.0). At MCEg, the total deflection at the top of the wall is assumed to be 1.5 times DBE.
The elastic deflection at the top of the wall, d,.,, was calculated using strength-level design
earthquake forces that correspond to the base shear calculated using the equivalent lateral

force procedure (ELF) defined in ASCE/SEI 7-16.

C 5:): - 61‘6
1.5C10; — dze
Oncpy = =) ——* (6.13)

Figure 6.21a shows the floor displacement results from the linear analyses used to calculate
Oppr and Opcg,. The resulting rotation demands used for the preliminary design of the
post-tensioned rocking wall lateral system for the 10-story building specimen are shown in
Table 6.16. Wall shear and wall moment values from the MRSA using strength-level design
earthquake forces that correspond to the base shear calculated using the ELF procedure were
also obtained and are shown in Figure 6.22. These figures will be used for discussion later
on in this document. The peak wall shear and wall moment are summarized in Table 6.17

(tabulated for a single wall).
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Table 6.16: Rotation demangs gsqsh (or prelinipprydesignel the 10-story specimen
OpBE 0.0064 0.0067 rad
HMCER 0.0108 0.0113 rad

Table 6.17: Maximum story shear and moment from the MRSA of the 10-story lateral system

CLT Direction MPP Direction

M, 12827 12381 kip-in
V. 27.04 25.7 kip
112 112
101 + — —North Wall | | 101 + — — North Wall
— — South Wall — — South Wall

90 — —Sum EW Dir. | | 90 1 — —Sum EW Dir. | |

79 t — West Wall 1 79 t — West Wall
g — East Wall g 63 — East Wall
\; 68 | —— Sum NS Dir. ; —— Sum NS Dir.
S 57t g 577
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% 46} % 46|
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Wall Shear (k) Wall Moment (k-in) x 10*
(a) Wall shear (b) Wall moment

Figure 6.22: Wall (a) shear and (b) moment results from the MRSA on the OpenSees model

of the 10-story test specimen

6.6.2 Preliminary Design and Capacity Analysis

As shown in Figure 6.20, the second phase of the design procedure used to design the lateral
system for the 10-story test building was to determine the preliminary design using an

iterative procedure involving the cross-sectional analysis procedure with component level
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and overall moment capacity checks. In this phase the rotation demands from phase 1 were
input into the cross-sectional analysis procedure to determine component forces and overall
moment capacity. Different input parameters for the UFPs and the PT bars were iterated
on until component level checks and the global moment capacity check were satisfied. For
this phase, recommendations for component level checks were taken from Busch et al. [2022]

with some modifications.

Cross-Sectional Analysis Design Procedure

A modified version of the cross-sectional analysis procedure presented in Section 3.3.1 was
then performed using the DBE and MCER base rotations from above. For clarity, the cross-
sectional analysis procedure is summarized again below and the key modifications made to
the previously presented procedure are identified. Figure 6.23 shows a free-body diagram
with the forces on the 10-story rocking wall system. The results from this procedure at DBE
and MCEg are shown in Table 6.18.

Vuﬁ?,t, upper ‘

'W
V..
Vu]}), t,lower ‘ T f ufp,c,upper

pt2
Cy Cr C3 Cy
V
ufp,c,lower

|

wood, ]

wood,3

l ‘Cwood, 4
C
Cwood, 2

Figure 6.23: Force diagram at wall base used for preliminary 10-story lateral system design
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Table 6.18: Preliminary moment capacity calculation values for the design of the lateral

system of the 10-story test specimen

CLT MPP
Design Level DBE MCEr DBE MCER Units
0.0064 0.0108 0.0067 0.0113 rad

Inputs 0 0 0 0 kip
DT Barg 701 115 126 115 126 kip
T, 110 119 110 119 kip

Vifptiower 4800 68.64 48.00 68.64 kip
Vifptupper 30.88 4416 30.88 44.16 kip

UEPs oy ower 1152 68.64 875 68.64 kip
Vifpeumper 534 4416 406 44.16 kip
Cwood 0.0030 0.0050 0.0030 0.0049 in/in
¢ 1339 1024 971 721 in
" 917 543 658 390 in
Cowa: 1493 885 1454 862 kip
e 423 481 313 330 in
Wood o 2 1377 1568 1454 1581 kip
C3 0 0 0 0 in
Cluoodss 0 0 0 0 kip
Cq 0 0 0 0 in
Coooda 0 0 0 0 kip
Mar, 5416 5885 4636 4926 kip-in
Moment My 14886 15476 13738 14439 kip-in
Capacity Mgy, 20302 21361 18374 19365 kip-in
oM, 18272 - 16537 -  kip-in

e Impose Gap Rotation
The imposed gap rotation, 0,4, was set equal to Oppr and 0y, for the two rotation

checks performed.

e Estimate Neutral Axis Depth
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e Solve for PT Tension Force
The PT bar forces were solved for using Equations 3.8 through 3.11 as presented
previously. The effects of the two different PT bars sizes were accounted for in the
stiffness calculation by assuming two springs in series. Note, with these calculations,
each PT bar force, T} ;, is representative of two PT bars, one from either face of the
wall. For the 10-story test building, the horizontal spacing of the PT bars was 14.25

inches.

e Solve for the UFP Forces
The UFP forces on the compression and tension face of the walls were calculated using
Equations 3.12 and 3.13 as presented previously. Because there were two types of
UFPs up the height of the specimen, two force values were calculated on each face:
Vausp.edower a0d Vi gp c upper for the compression face UFPs and Vi, ¢p ¢ iower a0d Vigp. t upper

for the tension face UFPs.

e Solve for the Compression Force in the Wood
The peak compressive strain in the wood, €,,04, Was calculated using Equation 3.29,
where the elastic yield moment, M, was set equal to the moment at ELL, M;. M.y, was
calculated as specified by Equation 3.6 with a distance, d, equal to 3Lw /g. The stress-
strain behavior shown in Figure 6.3 was then used to calculate the total compression
force in the wood. As shown in Figure 6.23, this was done by assuming four compression
regions each with a corresponding compression length, ¢;, and equivalent compression
force Clyooa,i- If the peak strain in the wood €004 did not exceed a limit on the stress-
curve, then those remaining were zero. For example, as shown in Table 6.18, at DBE
for the CLT wall, the peak strain in the wood is 0.0035 in/in. Because this does not
exceed the splitting strain, €, ¢, of 0.0049 in/in, c3, ¢4, Cuood,3, a0d Ciyood.a, Were equal

to zero and c1, ¢2, Cyood,1, and Cyood,2, Were calculated accordingly.
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e Satisfy Equilibrium

e Determine Overturning Moment
The resulting moment capacity of the rocking wall assembly, Mssempiy, Was calculated
using Equation 3.33. With this equation, the multiple types of UFPs were accounted
for as well as all four compression regions of the wood. The final results are included
in Table 6.18. The moment contribution from the UFPs, M,;,, and the moment
contribution from the PT bars and wood compression, M,.;, are also shown in the
table (calculated per Equations 3.34, 3.35, and 3.36). Recall, M, is the moment in

the wall panels that must be capacity designed to.

Check Limait States

The results from the cross-sectional analysis procedure completed at DBE and MCEg rota-
tion demands were then used to check preliminary component level design limit states, prior
to using the designed wall in the NLRHA. The checks used at this phase are listed below, if
any of the checks are not satisfied, then the PT and UFP properties were redefined and the
cross-sectional analysis procedure was repeated. The results from all four limit state checks

are summarized in Table 6.19.

Table 6.19: Summary of preliminary design limit state checks for the lateral system of the

10-story test specimen

Limit State Checks

CLT MPP
Restoring Ratio > 1.0 0.89 0.89
Energy Dissipation Ratio, 5 > 0.125 0.13 0.13
DCRyood at DBE < 1.0 0.53 0.29

DCR ¢ yietd at MCEg < 1.0 0.69 0.69
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e Restoring Ratio:
The restoring ratio was checked to ensure that the restoring force from the initial post-
tensioning was large enough to exceed the maximum resistance force from the UFPs.
This was calculated as shown in Equation 6.14. Where F},; is the total initial force in
the PT bars and V,, s, is the ultimate force in the UFP calculated as the plastic UFP
force using the ultimate steel force, f,. This equation is derived by approximating
the ratio of the moment contribution of the initial PT bar force (moment arm length
equal to Lw/2 if summing moments at the compression corner of the wall) to the the
moment contribution of the ultimate force of the UFPs on the tension face (moment
arm length equal to L,, if summing moments at the compression corner of the wall).
For this calculation the total initial PT force of the walls was equal to 100 kips and

the ultimate force from both the lower and upper UFPs were accounted for.

i S (6.14)

wufp
Results from this limit state check are shown in Table 6.19. The ratios are slightly less
than 1.0, however, this was determined to be acceptable because this restoring ratio
check is very conservative. It is conservative because the PT bars will likely have a
larger force than their initial PT force when the UFPs are all at their ultimate force.
Additionally, there would be inertial energy in the system that would help the system

re-center.

e Energy Dissipation Ratio:
The energy dissipation ratio, calculated using Equation 6.15, was checked to ensure
that it exceeded 0.125 (per recommendations in ACI [2009] and Busch et al. [2022]).
This equation is derived based on Equation 3.5, where M,y, is the approximate mo-
ment contribution from the UFPs (Equation 3.35) and and M, was taken as the full
assembly moment, M, from Table 6.18. For this check, both terms (M,s, and M,)
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were calculated under DBE demands. The results from this limit state check are shown

in Table 6.19.

(VUfp,t + VUfp,C) Lw/2
2M,,

> 0.125 (6.15)

Limited Wood Damage at DBE:

Using Equation 6.16, the peak strain at the base of the wall panels, €,,,4, under DBE
demands was checked to ensure that it was less than the splitting strain (e, o for the
CLT panels and €, prpp for the MPP panels). A resistance factor ¢ of 0.9 was included
in this check. The splitting strain was used as opposed to the yield strain because
the yield strain for mass timber panels can vary greatly and conservative values were
assumed for yield. Additionally, for the material model used here, major damage to
the wood does not occur until the crushing point (reference Figure 6.3 for limit states).

The results from this limit state check are shown in Table 6.19.

Cwood 1 (6.16)

Pes

No PT Yielding at MCER:

The PT bars were checked to ensure that yielding does not occur during MCEg ground
motions. While yielding under MCEg would be allowed in design of a typical building
[Busch et al., 2022], MCEg was used as the limit for this test since the building will
be subjected to many MCER ground motions throughout the testing sequence and all
the payload projects. This check was completed using Equation 6.17. The maximum
in the numerator of the equation is to use the bar with the largest force for this check.
A resistance factor ¢ of 0.9 was included in this check. For the 10-story building, the
upper PT bars (with the smaller net tensile area) were used as they would yield first.

The results from this limit state check are shown in Table 6.19.
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max (T ;)
— 27 1.0 6.17
¢Aptfy,pt o ( )

Check Flexural Demand verses Capacity

With the completion of local component checks, the last step of the preliminary design phase
was to check the overall moment capacity of the rocking mechanism in accordance with
Equation 6.18. The resistance factor ¢ is 0.9, defined by the AWC [2018] for compression
parallel to wood grain and M,,, the factored design strength, was taken as the capacity of the
wall assembly Mssempiy at DBE design rotations. See Table 6.18 for the tabulated values.
The moment demand for the wall, M,, was taken from the MRSA procedure with the base
shear scaled to be equal to the base shear calculated from ELF. See Table 6.17 for tabulated
values of M,. Table 6.20 shows the final preliminary design ratio for the CLT and MPP

direction.

M, < oM, (6.18)

Table 6.20: Summary of moment capacity checks for the preliminary design of the lateral

system for the 10-story test specimen

Moment Capacity Checks
CLT MPP
Mufor, < 1.0 0.70 0.75

6.6.3 NLRHA and Final Design Demands

The third and final phase of the 10-story building specimen lateral system design procedure
(Figure 6.20) was to finalize the design using NLRHA and complete key, ISD, force-controlled,
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and deformation-controlled limit state checks at MCER. Again, this phase was completed to
meet requirements of a performance-based design procedure since mass timber post-tensioned
rocking wall lateral systems are not currently accepted by code. Results from phase 2 of the
design procedure were used to create the nonlinear OpenSees model of the 10-story building.
If component level checks were not meet using the result of the NLRHA, then PT and UFP
properties were modified and the full design procedure was repeated, starting at phase 1 (as
shown in Figure 6.20). This procedure was iterated until all component level checks using

NLRHA results were satisfied (unless otherwise noted in this section).

Nonlinear OpenSees Model

For this step of the design procedure, the nonlinear three-dimensional OpenSees model pre-
sented in Section 6.5 was used. PT bar and UFP properties from phase 2 of the design

procedure were used.

Nonlinear Response History Analysis at MCFER

The next step of the design procedure was to complete a NLRHA using a suite of eleven two-
component ground motions selected and scaled to MCER and the nonlinear numerical model
developed in OpenSees. Key demand values from the analyses were recorded and saved
for the component level design checks discussed in the following sections. As mentioned
previously, results were assessed at suite mean demand and suite maximum demand. Suite
mean demand is defined as the geometric mean over all earthquakes of the maximum demand
for each earthquake. Geometric mean was used to account for dispersion of the peak values.
Suite maximum demand is defined as the maximum over all earthquakes of the maximum
demand for each earthquake.

Figure 6.24 shows the peak absolute floor accelerations at MCEg for both the east-west
(CLT wall) direction and the north-south (MPP wall direction). In the plot, the light gray
lines represent the peak results from each of the 11 MCER design suite ground motions.

The solid black line shows the geometric mean of the results from the suite of 11 ground
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motions at each floor and the max values are highlighted using the thick, black dashed
line. The horizontal grid lines are positioned at each floor level. Note, this plot format will
be consistent for many of the results summarized in this section. As shown by the figure,
the building has some whipping action, resulting in high accelerations at the roof. This is
common for taller buildings. Table 6.21 summarizes the suite geometric mean and suite

maximum peak floor accelerations for each floor, in each direction.
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Figure 6.24: Peak absolute floor acceleration from NLRHA at MCER hazard level



Table 6.21: Peak absolute floor acceleration from NLRHA at MCEg hazard level

Peak MCER Absolute Floor Accelerations (g)

Elevation East-West Dir.

North-South Dir.

Floor (ft) Meang., Max Meang, Max
Ground (pga) 0 0.55 079  0.57 0.90
2 13 0.98 1.38 1.02 1.44

3 24 1.27 1.74 1.29 2.00

4 35 1.29 1.89 1.33 2.15

5 46 1.21 1.85 1.25 1.94

6 57 1.25 1.64 1.22 1.65

7 68 1.17 1.77 1.16 1.73

8 79 1.03 1.57 1.02 1.62

9 90 0.70 1.04 0.69 0.99

10 101 0.86 1.19 0.89 1.32
11/Roof 112 1.87 2.71 1.92 3.10
Overall - 1.87 271  1.92  3.10
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Figure 6.25 shows the peak inter-story drift (ISD) values at MCER for the two directions.

The peak values for each story and each direction are tabulated in Table 6.21. As discussed

previously (and summarized in Table 6.15), suite mean ISD limits were restricted to 2.25%

for the design of this system. This limit is based on 1.5 x 1.5% design-basis earthquake ISD

limit. The 1.5 factor is to account for the ratio between MCER hazard and the design-basis

earthquake hazard. The 1.5% drift is for enhanced resiliency, as compared to the 2% required
by ASCE/SEI 7-16 Table 12.12-1. As summarized in Table 6.22, the suite mean ISD ratio
for the CLT and MPP building directions are 1.87% and 1.92%, respectively. Both satisfying

the resilient design criteria for ISD.
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Figure 6.25: Peak ISDs from NLRHA at MCEgR hazard level

Table 6.22: Peak ISDs from NLRHA at MCER hazard level

Peak ISD (%)

Peak MCER ISD (%)

East-West Dir.

North-South Dir.

Story Meang, Max Meang, Max
1 1.23 1.79 1.26 1.83
2 1.30 1.88 1.30 1.92
3 1.33 1.99 1.26 1.96
4 1.30 2.01 1.24 1.98
5 1.40 2.12 1.33 1.97
6 1.53 2.21 1.47 2.02
7 1.59 2.28 1.58 2.08
8 1.64 2.30 1.68 2.11
9 1.68 2.31 1.75 2.12
10 1.66 2.30 1.76 2.12
Overall  1.68 2.31 1.76 2.12
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Figure 6.26 summarizes the peak wall shear values at MCEg for the for walls and also

summarizes the suite geometric mean values and suite maximum values.

Note, the title
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of each plot for the wall location. The plots on the left are the CLT walls running in the
est-west, direction while the plots on the right are the MPP walls running in the north-south
direction. The similarity of plot shapes for the walls running in the same direction indicate
little torsion in the building. These plots can also be compared to the wall shear force
plots from the MRSA shown in Figure 6.22a. While the MRSA plots have a shape similar
to that of a simple cantilever, results from NLRHA at MCEgR indicate that higher mode
effects greatly affect the performance of these walls and should be accounted for in a future
prescriptive design procedure. Table 6.23 summarizes the peak values per story. Note, this
table is summarized by direction instead of individual walls, however, the reported value is

still for a single wall.

Table 6.23: Peak wall shear forces from NLRHA at MCEg hazard level

Peak MCEgR Story Shears (kip) - per wall
East-West Dir. North-South Dir.

Story Meang, Max Meang, Max

Base Shear 125.7 1785 125.7 165.6

1 125.7 1785 125.7 165.6

2 98.5 132.2 101.3 137.3

3 75.1  106.1  76.2 99.6

4 61.3 81.6 56.5 71.4
5 54.9 71.4 52.9 75.1
6
7
8
9

598.5 74.6 27.5 81.8
61.4 83.9 60.3 91.1
68.3 93.0 70.7 100.5
70.1 94.2 71.4 108.5
10 50.7 73.9 52.2 81.4

Overall 125.7 1785 125.7 165.6
Splice 61.4 83.9 60.3 91.1

Table 6.25 also includes overall maximum values at the bottom of the table. These are
the values that will be used for capacity checks of the wall system in Section 6.6.3. The

table also includes overall splice demands, for the splices located at stories 4 and 7. The
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Figure 6.26: Peak wall shear forces from NLRHA at MCEg hazard level

table splice values were taken as the maximum of the values at stories 4 and 7. These are

the values that the splice was designed for, as discussed in Section 6.6.3.

The peak assembly moment values at MCEgR are summarized in Figure 6.27. Recall, the
assembly moment accounts for the contribution of the wall panels, the UFPs, and the PT
bars. This plot can be compared to the wall moment plots calculated from MRSA shown in

Figure 6.22b. The shape of the two diagrams is vastly different. The results from the NLRHA
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show a defined “bubble” on the moment diagram, a result of higher mode effects common
for taller buildings. However, this dramatic of a “bubble” is not typically seen equivalent
concrete or steel buildings until much taller and this may be a result of the relatively long
period for the building. This indicates that the effects of higher mode effects are important to
consider for the design of tall post-tensioned rocking wall lateral systems. Note, the moment
at the base of the walls is limited by the moment capacity of the rocking connection. Table
6.24 includes tabulated values of these results. The table shows results for a single wall, but
just shows peak values for each direction. Note, the peak values provided in this plot are
larger than the values needed to check the moment capacity of the wall panels (the moment

in just the wall panel are shown next in Figure 6.28 and Table 6.25).

Table 6.24: Peak assembly moment values from NLRHA at MCEg hazard level

Peak MCER Story Assembly Moments (kip-in) - per wall

East-West Dir. North-South Dir.

Story Meang.,, Max Meang, Max
Base Moment 24353 25852 21701 22978
1 25465 28721 24211 26599

2 31572 38680 30496 33466

3 34271 44649 34021 44590

4 34271 44726 34759 46360

5 33297 44726 34759 46360

6 31943 44205 33761 44921

7 29088 39908 30461 43588

8 23648 31823 24250 36962

9 15139 21318 15771 24608
10 6218 9152 6546 10373

Overall 34271 44726 34759 46360
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Figure 6.27: Peak wall assembly moment values from NLRHA at MCEgR hazard level

The peak wall moment values at MCER are summarized in Figure 6.28. In the plot,

the increased moment demands at the middle floors from higher mode effects are also clear.

Table 6.25 includes tabulated values of these results. The table shows results for a single

wall, but just shows peak values for each direction. Table 6.25 also includes overall maximum

values at the bottom of the table. These are the values that will be used for capacity checks

of the wall system in Section 6.6.3. The table also includes overall splice demands, for the
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splices located at stories 4 and 7. The table splice values were taken as the maximum of the

values at stories 4 and 7. These are the values that the splice was designed for, as discussed

in Section 6.6.3.
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Figure 6.28: Peak wall moment values from NLRHA at MCEg hazard level



Table 6.25: Peak wall moment values from NLRHA at MCEgR hazard level

Peak MCER Story Wall Moments (kip-in) - per wall

East-West Dir.

North-South Dir.

Story Meang,, Max Meang, Max
Base Moment 16737 17532 15330 16344
1 20424 23757 19547 21859

2 27364 35098 26812 31080

3 30903 41331 31178 41849

4 30903 42594 32511 43776

5 30515 42594 32511 43776

6 29866 42300 31816 43134

7 27253 38328 28886 41740

8 22248 30656 23056 35566

9 14300 20306 14924 23694
10 5905 8644 6199 9915
Overall 30903 42594 32511 43776
Splice 30903 42594 32511 43776
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Figure 6.29 shows the peak diaphragm floor forces transferred from the diaphragm into

each wall at each floor level at the MCER hazard. These plots summarize the forces that the

diaphragm-to-wall shear keys transfer. Similar to the peak floor acceleration plots in Figure

6.24, there is a clear whipping action in the building, resulting in high force demands at

the roof. Like the wall shear plots in Figure 6.26, the similarity of plot shapes for the walls

running in the same direction indicates that torsion is likely negligible. Table 6.26 summarizes

the peak values. Note, the table is summarized by direction instead of individual wall such

that each value is the maximum geometric mean or the largest maximum value of the walls

in the same direction (the reported value is still on a per wall basis).
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Figure 6.29: Peak diaphragm floor forces from NLRHA at MCEg hazard level
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Table 6.26: Peak diaphragm floor forces from NLRHA at MCER hazard level

Peak MCER Diaphragm Floor Forces (kip) - per wall

Elevation East-West Dir.

North-South Dir.

Floor (ft) Meang., Max Meang,, Max
2 13 34.2 49.4 33.5 48.1

3 24 38.4 52.6 40.5 58.2

4 35 40.2 57.9 42.7 65.2

5 46 29.7 44.3 32.2 48.6

6 57 29.2 40.1 294 38.9

7 68 26.5 41.7 27.9 40.9

8 79 25.9 39.9 28.2 42.1

9 90 16.6 24.0 16.9 24.5

10 101 19.4 27.3 21.2 30.1
11/Roof 112 41.4 60.4 44.1 69.7
Overall B A14 604 441 697
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Figure 6.30 shows the peak wood strain distributions at the base of each wall panel from
the suite of eleven MCER ground motions. On these plots, the key strain limit states are
called out. As shown, at MCEgR, the base of the wall panels have reached their expected
yield strengths, however, only a few ground motions reach the splitting strain. Table 6.27
summarizes the peak strains for each direction and Table 6.28 summarizes suite geometric
mean and suite maximum values for the percentage of the wall base that has reached each

strain limit state.
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Figure 6.30: Peak wood strain distributions at the base of the wall panels from NLRHA at

MCER hazard level

Table 6.27: Peak wood strains at wall panel bases from NLRHA at MCER hazard level

Peak MCEgR Wood Strain (in/in)
East-West Dir. North-South Dir.
Meang, Max Meang,, Max

Base 0.0076 0.0125 0.0072 0.0131
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Table 6.28: Proportion of damaged wall length from NLRHA at MCEgR hazard level

MCEg Proportion of Damaged Wall Base (%)
East-West Dir. North-South Dir.

Strain Reached Meany, Max Mean,, Max

Yield 15.7 22.3 9.1 18.1

Splitting 0.0 5.0 0.0 7.6

Table 6.29 summarizes the suite geometric mean and suite maximum for the PT bars for
the walls in the either direction. The reported values were taken from the maximum bar
force from a bar on either wall in each direction. The values are reported in terms of ratio
of peak force to yield force. As shown, these yield force ratios are well below 1.0 and thus,
the bars are not expected to yield. This also means that the building should re-center after

an MCER level earthquake and residual drift requirements should be satisfied.

Table 6.29: Peak PT bar forces from NLRHA at MCEgr hazard level

Peak MCEg PT Force/Yield Force (kip/kip)
East-West Dir.  North-South Dir.
Meang, Max Meang., Max

Overall  0.61 0.68 0.62 0.67

Table 6.30 shows results of the peak joint rotations at the base of the walls at MCEg
hazard level. These results can be compared to the MCER joint rotation design values

calculated from MRSA and shown in Table 6.16. As shown, the geometric suite mean results

from the NLRHA are slightly larger than the ones calculated from MRSA.



220

Table 6.30: Peak joint rotations at the wall base from NLRHA at MCEgR hazard level

Peak MCER Base Rotation (rad)
East-West Dir. North-South Dir.
Meang.,, Max Meang,, Max

Base 0.0116 0.0173 0.0123 0.0181

Table 6.31 shows the peak UFP deformations at MCER hazard level. In design, these

values are used to check the UFP deformation compatibility of the connections.

Table 6.31: Peak UFP deformations from NLRHA at MCEgR hazard level

Peak MCER UFP Deformations (in)
Meang, Max
Overall — 1.46 1.90

Design Criteria for Force-Controlled Actions

With the ISD limitations satisfied, the design of the wall system was finalized using the
results from NLRHA at MCER and checking a set of force and deformation-controlled action
limit states. The force-controlled actions that were checked are summarized in Table 6.32.
As shown, the design criteria for many components were checked at both suite mean and
suite maximum demands. This section includes a brief discussion of the force evaluation
procedures and a discussion on each performed check. If any of the following checks were
not satisfied, then the dimensions of the PT bars and UFPs were modified (and if necessary
the wall panel dimensions) and the design procedure was repeated as shown in Figure 6.20.
Tabulated suite mean and suite maximum values in Section 6.6.3 were used for these checks.

The force-controlled actions are those which are intended to remain essentially elastic
during a seismic event. The force-controlled actions were assessed following Equation 6.19

which was inspired by the force-controlled actions check equation from ASCE/SEI 7-16
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Section 16.4.2.1 for nonlinear response history analyses. In this equation, the load factor, 7 is
taken in accordance with Table 6.32, I, is the earthquake importance factor, @,, is the demand
parameter taken as either suite mean or suite maximum, Qys anaiysis i the demand parameter

from the nonseismic loads included in the analysis, Qs design 1S the demand parameter from

Table 6.32: Criteria for force-controlled actions under MCEg seismic hazard

Criteria
C t Acti
omponen ction Suite Mean ¢ Suite Maximum °
CLT Wall Axial-Flexure v ) 3 v 0
¢ per material standard ¢=1.0
Panels (except 13 _ 10
at base) Shear 7= 7=
¢ per material standard ¢=1.0
. v=1.3 v=1.0
MPP Wall Axial-Flexure .
¢ per material standard ¢=1.0
Panels (except
at base) Shear
¢ per material standard ¢=1.0
. v=13 v=1.0
Axial-F1
CLT Wall aexre ¢ per material standard ¢=1.0
S 1. S = 1. = 1.
plices Shear 0% .1 3 v=1.0
¢ per material standard ¢=1.0
. v=13 v=1.0
Axial-Fl
MPP Wall XALLEIOXUE 4 per material standard =10
Spli =1. =1.
plices Shear 0% .1 3 v=1.0
¢ per material standard ¢=1.0
- v=13 v=1.0
lid t B h
Sliding at Base  Shear ¢ per material standard ¢=1.0
UFP All Capacity-Based Design
Connections ¢ per material standard
Diaphragm-to- All =13 v=1.0
Wall Connection ¢ per material standard ¢=1.0
=1.
PT bars Axial N/A ; _ 1.8
PT Bar All Capacity-Based Design
Connections ¢ per material standard

%Suite mean demand is calculated as the mean over all ground motion records of the peak
demand for each record

bSuite maximum demand is calculated as the maximum over all ground motion records of the
peak demand for each record



222

the nonseismic loads in the design load combinations, ¢ is the strength reduction factor
taken in accordance with Table 6.32, and @),, is the nominal component strength taken in

accordance with the applicable material standard.

’yle(Qu - Qns,analysis) + Qns,design S ngn (619)

Because elastic behavior is targeted with these checks, most force-controlled actions for
this building (and buildings that could be designed similarly) also achieve the collapse and
repairability performance objectives at the other analyzed hazard levels. This section will
describe each of the force-controlled checks completed for the design of the post-tensioned
rocking wall lateral system in the 10-story building specimen. Note, the design of the bound-
ary columns (including the splices and base connections), the diaphragms and collectors, and

the foundation beams and connections are not included in the scope of work presented here.

Mass Timber Wall Panels - Except at wall Base

The mass timber wall panels, at all locations between splices, were designed to remain
elastic in shear and combined axial-flexure (except at the base of the walls). This section will
conceptually describe these checks. Full design calculations and final values for the 10-story
test can be found in Appendix A, Section A.2 and Section A.3 for the CLT and MPP walls
respectively.

To check for shear, a parabolic shear stress distribution was assumed over the wall length
with a maximum value occurring at the center of the wall with a value of 1.5 times the
average over the wall. Thus, the maximum shear demand was calculated by taking the ratio
of 1.5 times the peak wall shear force to the shear area of the wall panels [Zimmerman and
McDonnell, 2018]. To check the walls for combined axial-flexure in compression, Section
3.9.2 of the NDS [AWC, 2018] was used with modifications. To check the walls for combined
axial-flexure in tension, Section 3.9.1 of the NDS [AWC, 2018] was used with modifications.

Detailed calculations for these three checks with all modifications can be found in Sections
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A.2 and A.3 for the CLT and MPP walls, respectively.
For the 10-story building CLT walls, the final DCRs for wall capacity shear, combined

axial-flexure in compression, and combined axial-flexure in tension were 0.38, 0.77, and
0.73, respectively. These are all acceptable and reasonable DCRs for design. For the 10-
story building MPP walls, the final DCRs for wall capacity shear, combined axial-flexure in
compression, and combined axial-flexure in tension were 1.34, 1.32, and 1.11, respectively.
The greater than 1.0 values for the MPP walls are a result of many limitations inherent
to large-scale experimental work. First, the moment demands that control the DCRs are
largely a result of higher mode effects found in the nonlinear numerical model which was not
complete when key design choices had to be made. For example, ideally, the wall dimensions
would have been adjusted to meet these design checks, however, the floor plan was finalized
prior to completion of the nonlinear numerical model to ensure adequate time to procure
materials and support from donors. The floor plan, and thus the size of the wall panels
was also limited to fit the building on the shake table. Additionally, due to cost and scope
of work limitations, the length of the wall was limited to avoid the need for vertical wall
splices. Higher strength materials could have also been used for the CLT and MPP to get
the DCRs below 1.0, however, these selections were limited due to cost and donation options.
Note, at the time of this writing limited testing and research has been done on these checks
and thus they are likely conservative. In particular, the MPP flexural capacity is not well-
established as there are no tests to failure at this scale. Additionally, the bending stability
factor (which is highly dependent on the defined effective length, [,), Cf, in the NDS for
flexural strength was established for smaller sections in conventional beam applications under
sustained loading.

As discussed in Section 7.2, the issue of insufficient wall flexural capacity was addressed
during testing by limiting the simulated MCEgr ground motions. The design DCR checks
presented in this section are for the MCEgR ground motion suite. For the selection of ground
motions to be used during the shake table testing sequence, the design MCER ground motions

were assessed on an individual basis and only ground motions that resulted in individual
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DCRs that did not exceeded 1.0 were considered for testing.

Mass Timber Wall Splices

In the United States, mass timber panel dimensions are typically restricted to approxi-
mately 10 feet by 40 feet due to manufacturing, construction, and transportation constraints.
Thus, when mass timber walls are utilized in tall building applications, wall splice design
becomes an important consideration. In the initial design phase of the 10-story building,
the floor plan of the building was constrained such that the wall lengths were limited to less
than 10 feet so only horizontal splices were necessary and the need for vertical splicing was
eliminated. In the building, each shear wall had two horizontal splices up the height of the
wall such that the three wall segments from lowest to highest were 36’-6”, 44’-0”, and 34’-0”,
creating the total wall height of 114’-6”. Note, the roof top of diaphragm is at an elevation
of 112’-0” and the shear walls are balloon framed such that the wall extend 2’-6” above the
top of diaphragm.

The original design of the horizontal spice connection for the 10-story building specimen
was inspired by the splice connection developed and tested for the Framework building [Zim-
merman and McDonnell, 2018]. The connection utilizes vertically embedded and epoxied
rods in the ends of each wall panel, spanning the splice, creating an architecturally desirable
connection that is essentially hidden within the timber. This involves pre-drilling vertical
holes in the edges of the mass timber panel at the splice interface. Midway through construc-
tion it was discovered that the wall panels were unfortunately manufactured incorrectly, such
that many of the pre-drilled embedded rod holes did not line up with the mirrored holes in
the connecting wall panel. Because new panels could not be procured within time and finan-
cial limitations of this test, the connection was modified to accommodate the mis-matched
holes by adding 4” thick steel splice plates to the interface. Figure 6.31a shows an photo
of the resulting splice connection and Figures 6.31b-d show of the details for the CLT wall
splice connection. The splice details for the MPP wall are similar.

Referencing Figure 6.31, the longer rods (referred to as the tension rods) resist the com-
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Figure 6.31: Shear wall horizontal splice (a) photo showing constructed connection (b) ele-

vation view details (c) plan view details, and (d) section view details

bined axial compression and flexural demands in the walls. They are concentrated on the

outer thirds of the cross section to create the largest moment arm for in-plane wall bending.

These rods are have long embedment lengths and are fully-threaded to develop sufficient

epoxy bond development. Lower strength (F1554 Grade 36 steel) threaded rods were used

to ensure a ductile failure mode with steel yielding controlling over bond failure. Assuming
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plane sections remain plane, the stress, strain, and force diagrams shown in Figure 6.32 were
developed for the cross section. The flexural capacity of this connection was determined
through section analysis by limiting the strain in the outer most tension bar (€,,q41) to twice
the yield strain of the bars (2¢,) and satisfying axial equilibrium with a demand axial load,
P,, equal to the initial post-tensioning force of the PT bars (200 kips). Because the addition
of the splice plates results in non-continuous rods that cannot transfer compression forces
over the splice plane, the bars in compression are assumed to have zero compression capac-
ity. In the original design without the splice plate and with continuous bars, the bars in

compression could transfer compression stresses over the splice.

KgFe
WALL CROSS STRAINS FORCES &
SECTION STRESSES

Figure 6.32: Axial-flexural interaction of the shear wall splices

As shown in Figure 6.31, the inner third of the cross section contains similar embedded
epoxy rod details to transfer shear forces. These rods were shorter because only shear needs
to be transferred so long development lengths are not needed. Additionally, the rods were
only threaded 4 inches at either end for epoxy bond. They were un-threaded in the middle

for a smooth surface spanning the splice. Lab testing, specific to this test, was completed
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for these shear rods to aid in predicting the strength of this connection in shear. The tests
were completed at Oregon State University and found that each shear rod could transfer
approximately 5.5 kips of shear force for both the CLT and MPP walls. These values were
used in design because yield limit equations for the lateral design of dowel type fasteners are

not yet well known for dowels in the ends of mass timber panels.

As shown in Figure 6.31, the large steel splice plates were only added for the tension rods.
Because the transfer of shear forces through relays primarily on bearing and not on bond
between the epoxy, rods, and wood, the tension rod holes were over-drilled to accommodate
the errors from pre-drilling of the holes. Additionally, the drilled shear rod holes had minor
errors in comparison to the tension holes, most likely because they had shorter embedment
lengths. Unique splice plates were custom made for each of the 32 splice plate locations using
precise as-built measurements of the hole locations. As shown in Figure 6.31d, at each rod
location, a through hole was drilled along with a recessed hole for a washer and nut. Each
rod was then epoxied into place using the procedure outlined below. This created a bond
between the splice plates, rods, and the wall panels at each corner of the wall panels. Once
the splice plates were attached to the ends of all the wall panels, the walls were lifted into
the building and the two splice plates at each corner were then bolted together to create a

monolithic wall panel.

The splice connection was installed by first coating all the holes (both shear and tension
rod holes) with a thin layer of the epoxy to seal any large voids in the wood. Then, the large
splice plates were clamped onto the corners of the panels. The splice plates were installed
in the vertical orientation for the bottom panels of the splice and installed in the horizontal
orientation for the top panels of the splice, as shown in Figures 6.33a and 6.33b respectively.
With the plates clamped on, each hole was carefully filled with a calculated amount of epoxy,
then rods with attached nuts and washers were lowered into each hole while spinning the rod
clockwise to fully coat the rod and reduce air pockets (Figure 6.33b). This epoxy procedure
was tested at Simpson Strong-Tie labs prior to construction and cross sections were taken

to ensure that the procedure resulted in limited air pockets and full epoxy coverage. The
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epoxy was then allowed to cure for a minimum 24 hours. The shear rods were then placed
into their respective holes of the lower panel and the upper wall panel was lowered into the
building in place (Figure 6.33c). On both ends, the exterior nuts, bolts, and washers were
installed in the large steel splice plates, clamping the walls pieces together. Cracks between
and around the splice plates were filled with epoxy to create an even contact surface (Figure
6.33d). At the center splice rods, epoxy was injected into the holes using the fill and weep
holes shown in the detailed drawings in Appendix B (Figure 6.33¢). Finally, the confining
screws detailed in Figure 6.31c were installed. Note, the offset arrow pattern and staggering
lengths of the tension rods in the CLT and MPP splices and the shear rods in the MPP
splice was to allow for use of fill and weep holes for epoxy injection that the contractor was
comfortable using. In the end, the fill and weep holes were not drilled for the tension rods
because of the splice plate addition.

Detailed design equations for the design of the the CLT and MPP splices are included
in Appendix A, Section A.4. For the axial-flexural interaction check, the DCRs for the CLT
and MPP splices were 1.07 and 1.13, respectively. For shear capacity check for the CLT and
MPP walls, the DCRs were 0.91 and 0.69, respectively. The greater than 1.0 DCR ratios for
the axial-flexural interaction checks for both the CLT and MPP walls are a result of many
limitations inherent to the large-scale experimental work and previously discussed with the
wall capacity checks. As previously mentioned, the issue of insufficient splice flexural capacity
was addressed during testing by limiting the simulated MCEgR ground motions. The design
of the large steel splice plates was checked by Simpson Strong-Tie, using a finite element
model to ensure the plates remain elastic under suite maximum demands.

Note, while there were significant construction issues with this connection, they were a
result of errors made by the wall fabricators and is not reflective of the construction feasibility
of the design. Similar epoxy rod connections have been design and constructed successfully
at a smaller scale in other projects. Notably, similar connections exist in the five-story mass

timber Catalyst building in Spokane, Washington [Zimmerman et al., 2020].
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Figure 6.33: Shear wall splice installation procedure: (a) horizontal installation of splice
plates on upper wall panels, (b) vertical installation of splice plates on lower wall panels and
rod epoxying, (c) lowering of upper wall panel, (d) final tension rod and splice plates, and

(e) final shear rods

Wall Panels Sliding at Base

At the base of the rocking wall panels, the force due to friction is not large enough to
prevent sliding of the panels, thus, a shear shoe (shown in Figure 6.34) was designed to
transfer the remaining force from the wall panel into the foundation. At both ends of the
wall panel, a shear shoe was welded to the foundation beam and wrapped around the corners
to keep the wall in place. The demand for this connection was determined using the wall base

shear results (V},) from the NLRHA at MCEg minus the approximate force due to friction.
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The force due to friction was calculated using the initial post-tensioning force (Fj ;) as the
normal force and an assumed coefficient of friction (u) of 0.3. Note, using the initial post-
tensioning force as the normal force is conservative since peak base shear is likely to occur
when the walls are rocking and the PT bars are stretched producing a larger force. This

conservative approach was used to simplify calculations.
ST ) SRR
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Figure 6.34: Shear shoe and wall armor detail located at the base of the post-tensioned

rocking walls

Figure 6.34 also shows the wall armor. Because the base corners of the wall panels are
expected to sustain some damage with the large number of earthquakes this specimen will
experience, the armor was included to protect and reinforce the corners of the panels. The
wall armor wraps around the corner of the wall and is anchored to the wall using Simpson
Strong-Tie SDS wood screws. The shear shoe then wraps around the wall armor, but is
welded to the foundation beam instead of connected to the wall panel. The shear force in
the wall is first transferred to the wall armor through bearing. Then transfer to the shear
shoe through bearing along its height. The load is then transferred to the foundation through
shear along the weld between the shear shoe and the foundation beam.

Detailed calculations for this design can be found in Appendix A, Section A.5. The DCRs
for all checks on the MPP walls were below 1.0. For the CLT walls, there was one DCRs that
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exceeded 1.0. The DCR for the bending check of shear wall armor end plate was 1.30. It
was determined that this would be okay since the elastic section modulus was used, making

the check relatively conservative.

UFP Connections

The UFPs span between the post-tensioned rocking walls and the boundary columns
(Figure 6.7). As discussed in Section 6.2.3, an embedded pi plate mount with steel dowels
(designed by project collaborators) is attached to the edges of the walls and the columns. The
portion of the UFP connection design discussed here is the bolted connection for connecting
the UFPs to the face of the embedded UFP mounts. As shown in Figure 6.35, one face of
the UFP has two slotted holes and the other face has two non-slotted holes. The face of the
UFP mounts have drilled and tapped holes for the bolts. The UFPs were installed by first
connecting the side of the UFPs with the round holes to the column face. The side with the
slotted holes was then bolted down with the addition of a rectangular weld washer. Because
of construction tolerances, slotted holes and weld washers were used for easier installation
of the UFPs. After all the bolts were tightened, the weld washers were welded to the UFPs.
Note, the intent was for UFP weld washer welding to occur after post-tensioning the rocking
walls. With this method, the walls would compress slightly during pre-stressing and the bolts
would be able to slide in the slotted holes, resulting in un-stressed UFPs for the beginning of
testing. However, due to construction sequence timing, the weld washers were welded prior
to post-tensioning of the walls, resulting in minor UFP loading at the beginning of testing.

As noted in Table 6.32, the UFPs connections were capacity designed so the ultimate
force in the UFP was used as the demand force. For ease of construction, the weld washer
and bolt design was constant up the height of the building. Because the lower UFPs are
larger and thus have a larger ultimate force, they were used for the demand calculations.

Detailed calculations for the design of the UFP to UFP mount connections can be found
in Appendix A, Section A.6. As shown in Figure 6.35, the weld washers on the upper UFP
are rotated 90 degrees from the weld washers on the bottom UFP. At this location, the
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Figure 6.35: Connection details for the UFPs to the UFP mounts

lower UFP has the original as-designed orientation of the weld washers. However, during
construction, there were more tolerance errors than expected and the UFPs did not fit into
the building as expected. Thus, the slotted holes had to be enlarged and the weld washers
at some locations had to be rotated in order to span the enlarged holes. The capacity of the
welds and failure of the weld washer was checked for the rotated weld washer orientation as
this is the controlling case. The resulting DCRs for all the checks for this connection were

below 1.0, satisfying all design criteria.

Diaphragm-to-Wall Connections

As discussed in Section 6.2.3, this document only contains a discussion of the diaphragm
to wall connections located on the CLT and VLT diaphragms (two-way systems that are not
sheathed). The diaphragm to wall connections located on the other floors were designed by
project collaborators. Figure 6.36 shows a schematic of the connection design that will be

discussed here, with the distribution of designed forces. The demand used to design this



233

connection was taken as the peak floor forces, calculated from the NLRHA in the OpenSees

model.
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Figure 6.36: Schematic of the diaphragm to wall shear transfer connections showing the

transfer of forces

This connection is designed to transfer shear load from the diaphragm to the walls without
transferring moment. A shear key is inserted into a vertically slotted hole in the wall to allow
for the wall panels to uplift while the floor diaphragms remain level. As shown in Figure
6.36, the collector plates transfer shear force into the shear key assembly and then force
is transferred to the shear wall through bearing of the shear key on the inside of the wall
panel. Because these forces are spaced at an eccentricity (e), a moment is formed as shown
in Figure 6.36. The moment is resisted by introducing a wing plate that is anchored to the
diaphragm using four screw groups that have 45-degree angled washers to resist moment.
These screws result in forces R, (spaced at a distance y) shown in Figure 6.36. The two
screw groups closest to the wall are angled towards the wall panel, while the other two screw
groups are angled away from the wall panel so the wing plate can resist moment in both
directions. Installing the screws at 45-degrees results in a stronger and stiffer connection since
the screws can resist forces through withdrawal instead of shear. The 45 degree screws used

in this connection were supplied by Simpson Strong-Tie and were designed in accordance
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the manufacture recommendations. Traditional screws were also installed in the wing plate,
along the face of the diaphragm and along the shear key weld. These were installed to
prevent uplift from small uplift and bending forces in the wing plates. The portion of the
shear key inserted in the wall slot has rounded corners to allow the wall to rock up without
getting jammed or stuck.

Detailed calculations for the design of these diaphragm to wall connections can be found
in Appendix A, Section A.7. The DCRs for all the connection calculations on the CLT walls
were less than 1.0, satisfying design criteria. Two DCRs for the MPP wall direction slightly
exceeded 1.0. The DCR for bearing of the shear key on the inside of the wall was 1.05 and
the DCR for withdrawal of the screws in the wing plate was 1.03. These DCRs are only

slightly above 1.0 so they were deemed acceptable.

PT Bars

The PT bars were designed such that they do not yield under MCEg loading. As shown
in Table 6.32 the design check was performed using just the suite maximum PT force value.
In a typical design, the ultimate PT bar force would be used, however, for this project, the
yield force was used to ensure a more resilient building that could withstand multiple MCEg
during the testing sequence. Limiting PT bar yielding becomes easier for taller buildings.
As the bars get longer, the strains spread out along the length. The capacity of the PT
bars was calculated using ANSI/AISC 360-16. The PT bar force results from the nonlinear
OpenSees model are shown in Table 6.29. Because the specified v and ¢ factors are both
equal to 1.0, these tabulated values represent the final DCR for the axial capacity of the PT
bars. As shown, the DCR is equal to 0.68, meaning the peak PT forces are well below the
yield force, satisfying this design check.

PT Bar Connections

The PT bars attached to the top of the walls using the PT saddle connection shown in

Figure 6.6. As indicated by Table 6.32, this connection was also capacity designed. Detailed
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calculations for the design of the PT saddle are included in Appendix A, Section A.8. For
the PT saddle, the ultimate force in the PT bars were used for the demand calculations.
This is highly conservative as NLRHA results indicated that the bars are not expected to
exceed 70% of their yield strength.

To aid in applying the initial post-tensioning force to the bars, the additional jacking
hardware piece shown in Figure 6.6 was also designed. This piece was designed so all four
bars could be stressed at the same time. The hydraulic jack was placed between the two
pieces while the bars were initially anchored to the top of the jacking hardware piece. Once
the initial force in the PT bars was achieved, the bars were anchored to the PT saddle and
the jack and the hardware was removed. For the design of the jacking hardware, the initial
PT bar force was used to make the connection more economical. This piece was only used
during initial post-tensioning of the bars so it should not experience forces larger than that.

Detailed calculations for the PT jacking hardware design are also included in Appendix A,
Section A.8. For these connection assemblies, the DCR values were all below 1.0, satisfying
design checks, except for one check on the CLT and MPP walls. DCRs for longitudinal bend-
ing of the PT saddles exceeded 1.0. However, as explained in the Appendix, this check was
considered conservative because beam approximations were used with the hand calculations,

as opposed to developing an FEM model.

Design Criteria for Deformation-Controlled Actions

In addition to the force-controlled action limit states checked in Section 6.6.3, a series of
deformation-controlled action limit states were also checked to finalize the design. These
checks were performed using results from NLRHA at MCER seismic hazard. The deformation-
controlled actions that were checked are summarized in Table 6.33. Similar to the force
criteria, the components were checked at both suite mean and suite maximum demands.
This section includes a brief discussion of each deformation check performed. If any of the
following checks were not satisfied, then the dimensions of the PT bars and UFPs were mod-

ified (and if necessary the wall panel dimensions) and the design procedure was repeated as
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shown in Figure 6.20. The limited number of deformation-controlled action checks elude to

the resilient performance capabilities of the post-tensioned rocking wall system.

Table 6.33: Criteria for deformation-controlled actions under MCER seismic hazard

Component Action Criteria

Suite Mean ¢ Suite Maximum °
CLT Wall Panels Axial-Flexure €wood < €s,CLT €wood < €cr CLT
(at base) woo s, woo er,
MPP Wall Pan- Axial-Flexure  €wpood < €s. M PP €wood < €cr MPP
els (at base) woo s, woo er,
UFPs Axial Ay < 0.75Aimit Ay < Dt

%Suite mean demand is calculated as the mean over all ground motion records of the peak
demand for each record

bSuite maximum demand is calculated as the maximum over all ground motion records of the
peak demand for each record

Mass Timber Wall Panels - at Base

As shown in Table 6.6.3, the axial-flexure capacity of the wall panels at the base was
checked by comparing the suite mean of the peak strain demands from the rocking multi-
spring elements in the OpenSees models (€004, values found in Table 6.27) to the design
splitting strains for the CLT (escrr in Table 6.2) and MPP (e; ppp in Table 6.3). This
was also checked by comparing the suite maximum of the peak strain demands from the
rocking multi-spring elements (also found in Table 6.27) in the OpenSees models to the
design crushing strains for the CLT (e..crr in Table 6.2) and MPP (e ppp in Table 6.3).

Compression yielding at the base of the walls were permitted under this check to allow
these structures to be more economical. If yielding was not permitted, then the wall designs
would have to be very large and not feasible for a real building. Additionally, the failure
mode for the wood at the base of the walls is gradual and not catastrophic. Once part of the
wall yields and even splits, it can redistribute load to adjacent fibers. As discussed in Section
6.6.3, developing a design that prevents PT bar yielding can be achieved easily. Additionally,

as discussed in the following check for the axial deformation of UFPs, UFP are designed to
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be replaceable. Thus, controlling the failure of the wood at the wall bases is the primary

concern for collapse prevention of these systems [Zimmerman and McDonnell, 2018].

Table 6.34 summarizes the resulting DCRs. As shown, the check is well satisfied for
the CLT walls. The MPP walls have an overall DCR greater than 1.0. However, this was
determined to be acceptable because this came from the suite mean check which is fairly

conservative in limiting to splitting strain. The suite maximum check is well below 1.0.

Table 6.34: DCR summary for the wood strain at the base of the wall panels

Wall Base Strain DCR Summary

Mean, Max
CLT Walls  0.96 0.31
MPP Walls  1.19 0.47

UFPs

The deformation capacity of the UFP connections were checked as shown in Table 6.33.
The maximum deformation of the UFPs from the NLRHA at MCEg (results summarized in
Table 6.31) were compared to 0.75A;m: and Ay for the suite mean and suite maximum,
respectively. Ay is defined as the distance from the nearest bolt to point of tangency
for the bend in the UFP (5.25 inches for both the upper and lower UFPs). This is to
ensure that the UFPs will not rip out of their connections due to too large of deformations.
The resulting DCR values are summarized in Table 6.35. The 0.75 value is taken from
ASCE/SEI 7-16 Section 7.6.3 for collapse prevention performance of primary components.
Collapse prevention was used as opposed to a higher performance objective because the UFP
connections can be design for easy replacement after a large earthquake. However, during

10-story testing, repeated use of the same UFPs did appear to be acceptable.
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Table 6.35: DCR summary for the deformation capacities of the UFP connections

Wall Base Strain DCR Summary
Meang, Max
Overall  0.37 0.36

Final Design Complete

After completing all checks outlined in Tables 6.15, 6.32, and 6.33, all requirements for
NLRHA with performance-based design methodologies, were satisfied and the final design
of the post-tensioned rocking wall lateral system was complete. This procedure focused on
performance at MCEgR hazard and the limit states were developed to achieve essentially
elastic and better than code required performance. No direct limit states were checked at
the lower hazard levels. The general performance of the structural at the other hazard levels

were investigated qualitatively, as discussed in the next section.
6.7 Predicted Performance

Full ground motion design suites were run at all seven hazard levels to predict the perfor-
mance and assess the resiliency of the structure at various hazard levels. The design suites
of eleven two-component ground motions presented in Section 6.4 were used for these pre-
dictions. The following section will present plots summarizing the predicted performance at
each hazard level. For this study, only peak response values are presented. In each plot,
the geometric mean spectral acceleration (S,rorpso) for each ground motion at the buildings
approximate first mode period is plotted versus the peak response parameter. A period of
1.74 seconds was used for these plots. The suite mean response for each hazard level is also
included on the plot. Summaries for the peak global response will be presented first, followed
by the response of the timber material at the wall base (arguably, the most critical portion

of the design), and then the other key structural components (forces in the shear keys and

PT bar forces).



239

6.7.1 Global Building Response

Figures 6.37, 6.38, and 6.39 summarize the peak floor accelerations, ISDs, and roof drifts,
respectively. As shown, these peak values increase with increasing hazard level and cor-
responding ground motion intensity (represented by Syrepso at the buildings first elastic
period). Although not explicitly defined for this design, the 43-year return period earth-
quake is commonly used to assess service-level seismic performance criteria. At this hazard
level, the OpenSees model predicts very minimal drift, likely resulting in little to no structural
or nonstructural damage. Additionally, the 475-year return period earthquake is commonly
used to study repairability seismic performance criteria. However, the procedure used for the
10-story building results in structural repairability at the MCEg hazard level. Suite mean

ISDs at the 475-year return period hazard level are approximately 1%.
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Figure 6.37: Peak absolute floor acceleration predictions from NLRHA at all design hazard

levels
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Figure 6.39: Peak roof drift predictions from NLRHA at all design hazard levels

Figures 6.40 and 6.41 show the OpenSees NLRHA predictions for peak uplift rotation at
the base of the rocking walls and peak elastic rotation of the full walls, respectively. The
peak joint rotations were recorded from rotations of the node at the base of the rocking
walls. The elastic rotation was then calculated as the rotation at the roof (i.e., the roof
drift ratio) minus the joint rotation at the base of the wall. The joint rotation values are
intended to represent the rotation of the walls from uplift and the elastic rotations represent
the deformation rotations from elastic cantilever rotation of the walls. As shown, the joint
rotations at the base of the wall are essentially zero for the 43-year return period earthquake,
indicating no wall uplift and all deformation coming from elastic cantilever action. As the
hazard level increases, the amount of rotation from elastic deformations tappers off while

the rotations from joint uplift continue to increase.
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Figure 6.40: Peak uplift rotation at the base of the rocking walls from NLRHA at all design

hazard levels
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Peak wall shear and wall moment values (M,q;) are summarized in Figures 6.42 and 6.43,

respectively. The similar shapes of the plots for the walls running in the east-west direction

(CLT walls on the left side of the plots) and the north-south direction (MPP walls on the

right side of the plots) indicate minimal torsion in the building.
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Figure 6.42: Peak wall shear predictions from NLRHA at all design hazard levels

Referring back to Table 6.18, the calculated moment in the wall panels, M,,q;, at the base

of the walls, were 14886 kip-in and 13738 kip-in at DBE demands for the CLT and MPP walls,

respectively (note, per Figure 6.11, the uniform hazard response spectrum for the 975-year
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return period most closely represents 2/3MCFER). At MCEg, they were 15476 kip-in and

14439 kip-in for the CLT and MPP walls, respectively. For both of these benchmarks, the

peak moment values from NLRHA far exceed the approximate wall base moment capacity

calculated from the cross-sectional analysis procedure. This indicates that increased moment

demands from higher mode effects are significant.
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Figure 6.43: Peak wall moment predictions from NLRHA at all design hazard levels

Figure 6.44 summarizes the peak strain at the base of the walls. These are the strains

occurring at the outer most corners of the wall panels where stresses are the largest. Recall,

Tables 6.2 and 6.3 summarize the strain limits states. Vertical lines on these plots indicate

the limits as well. As shown, the wall bases remain essentially elastic in compression through
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the 225-year return period hazard level. Splitting does not occur until MCEgR, and crushing
(which indicates extreme damage at the base of the wall) does not occur until well beyond
MCEg. As shown, it is challenging to avoid yielding of the base of the walls in compression.
However, more subassembly testing still needs to be done to better characterize the behavior
of mass timber under large combined axial and bending loads. Additional testing could aid
in better understanding of the strain limits and material modeling, especially as needed to

model such buildings through collapse in FEMA P-695 type analyses.
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Figures 6.45 and 6.46 show the peak percentage of wall base that reaches yield and
splitting limit states, respectively. These lengths are calculated for one corner of the wall
panel. While a decent percentage of the wall panels reach yield at larger hazard levels, an

almost irrelevant proportion of the wall base reaches splitting strain at MCEg. A crushing

plot is not show because the wall panels do not exceed the crushing strain.
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Figure 6.45: Proportion of the base of the rocking wall reaching yield strains from NLRHA

at all design hazard levels
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Figure 6.46: Proportion of the base of the rocking wall reaching splitting strains from NLRHA

at all design hazard levels

6.7.3 Rocking Wall Structural Component Response

Figure 6.29 summarizes the peak floor diaphragm values at each hazard level. These are
the force predictions for the shear key wall-to-diaphragm connections. The similarity of plot

shapes for the walls running the same orthogonal directions indicate little torsion in the

building.
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Figure 6.47: Peak floor diaphragm forces from NLRHA at all design hazard levels
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Figure 6.48 shows the peak PT force for all hazard levels. As shown, the PT forces are

similar to their initial prestressing force for the lower hazard levels because wall uplift is

small. The peak PT forces at the larger hazard levels have increased beyond their initial

prestressing force, however, they are not near yield. Indicating that the walls will re-center

after even large earthquakes and residual drifts will be small.
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Figure 6.48: Peak PT bar forces from NLRHA at all design hazard levels
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Chapter 7

NHERI TALLWOOD TEN-STORY BUILDING TESTING,
PERFORMANCE, AND COMPARISON OF EXPERIMENTAL
AND ANALYTICAL RESULTS

7.1 Overview

The performance-based design procedure and nonlinear numerical modeling methodology
used to design the 10-story NHERI TallWood post-tensioned mass timber rocking wall lateral
system was tested and validated at the NHERIQUCSD outdoor shake table facility. An
extensive testing program was developed that tested the building using earthquake recordings
representative of three earthquake sources (crustal, interface, and intraslab) scaled to five
hazard levels ranging from a 43-year return period hazard to MCEgR hazard. The testing
plan consisted primarily of one- and two-horizontal-component acceleration inputs and some

tests also included vertical accelerations.

In this chapter, the testing plan will be presented, followed by a presentation of the
minimal visual damage observed on the lateral system during testing. Next, a discussion
of the instrumentation used for data processing in this document will be presented. The
filtering and double integration procedures used for the accelerometer recordings will be
discussed in detail. After, a short study on building damping will be presented. Lastly,
a comparison of predicted building response from the nonlinear numerical model used for
design will be compared to the experimental building performance. This discussion includes
a discussion on the performance of the lateral system and the validation of the nonlinear

numerical modeling methodology used for design.
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7.1.1 Shake Table Facility Details

The 10-story specimen was tested at the NHERIQUCSD outdoor shake table, the same
facility used for the 2-story shake table test discussed in Chapter 4. Between the 2-story and
10-story tests, testing facility underwent a large upgrade and expansion to improve the table’s
capabilities of producing more realistic earthquake ground motions. During the 2-story test,
the shake table could only move uniaxially in the east-west direction. For the 10-story
test, the upgraded shake table (now called LHPOST6) could move in six degrees of freedom
(DOF): east-west, north-south, vertically, and rotations about those three axes. While the
10-story testing plan did not utilize the three rotational degrees of freedom, the shake table
may have inherently produced some rotations due to the large overturning moment from the
shaking of the building. The size of the shake table did not change during the upgrade. With
the upgrades the bare table can reach peak accelerations of 5.9g, 4.6g, and 4.7g in the east-
west, north-south, and vertical DOFs respectively. With a 1,100 kip rigid centered payload
the table can reach peak accelerations of 1.6g, 1.2g, and 2.0g in the east-west, north-south,
and vertical DOF's respectively. The table has stroke lengths of +/- 35 inches, 15 inches, and
5 inches in the east-west, north-south, and vertical DOFs respectively. The vertical payload

capacity of the upgraded table is 4,500 kips [Van Den Einde et al., 2021].

7.2 'Testing program

Due to the magnitude of this project, the test specimen was used for additional pay-load
projects after the completion of the testing discussed in this chapter (referred to as phase
1). For each pay-load project, the specimen was modified and tested again. This resulted
in more economical testing phases and allowed for more scientific studies to come out of
this ground breaking project and one of a kind test-specimen. Because the testing described
within was for phase 1, the building could not be tested until collapse and the major structural
components of the building, including the lateral system, could not be significantly damaged.

Keeping this in mind, the performance of the test specimen was investigated using ground
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motions at five of the seven hazard levels discussed in Section 6.3: 43-year return period,
225-year return period, 475-year return period, 975-year return period, and MCEgR. The
largest two hazard levels - 2475-year return period and 4975-year return period - were not

tested and limited tests were completed at MCER to keep damage minimal.

The ground motions selected for testing on the shake table were chosen from the design
suites of ground motions summarized in Tables 6.11 and 6.12, with the exception of the
43-year return period motions which are discussed in the following paragraph. Table 7.1
summarizes the ground motions selected and used for testing and Figure 7.1 shows the
target response spectra for each ground motion (keeping in mind that there is some error in
ground motion execution with the shake table). Tables 6.11 and 6.12 can be referenced for
more details regarding the exact records used. Note, Table 7.1 includes the target vertical
scale factors which are discussed in detail in Section 7.2.1. As shown, at each hazard level
at least one ground motion from each earthquake source type was selected. In general, the
ground motions with predicted response near the suite mean response from the OpenSees
model at each hazard level were selected. However, as discussed in Section 6.6, the capacities
of the rocking walls in combined axial compression and bending and the splice connections in
the rocking walls were critical at the MCER design criteria. Thus, at MCEg smaller motions
in the suite were selected to ensure predicted wall demands from the OpenSees model did

not exceed calculated wall and splice capacity.

Table 7.1 shows the directions for which the table was tuned, where X is the east-west
direction, Y is the north-south direction, and Z is the vertical direction. Shake table tuning
is an iterative process completed by the shake table facility to determine the acceleration
parameters needed to input such that the shake table produces a ground motion near the
target acceleration time history, accounting for the for and moment feedback from the re-
sponse of the building. As shown, at the 475-year return period, 975-year return period,
and at MCEg, the interface motions were only tuned for the X direction. This is because
the interface motions have large ground displacements and the shake table has a smaller

stroke capacity in the Y direction so the shake table was not able to execute these ground



Table 7.1: Ground motions selected for shake table testing

Hazard  Tuned

Target Scale Factor

Level Directions EQ Source  Event Name  Suite # Horiz. Vert.
XYZ Crustal Niigata, Japan 3¢ 0.246 0.246
43 XYZ Interface Tohoku 6¢ 0.253 0.075
XYZ Intraslab Ferndale 11¢ 0.525 0.525
XYZ Crustal Niigata, Japan 3 0.790 0.790
295 XYZ Interface Tohoku 6 0.812 0.240°
XYZ Intraslab Ferndale 11 1.684 1.684
XYZ Crustal Chi-Chi 3 4.323 1.400
475 X Interface Tohoku 6 1.215 -
XY7Z Intraslab Ferndale 11 2.524 2.524
XYZ Crustal  Victoria, Mexico 2 4.999 4.000
XYZ Crustal Northridge-01 4 3.931 3.931
975 X Interface Tohoku 5 1.696 -
X Interface Tokachi 6 3.462 -
XY7Z Intraslab Ferndale2 11 3.356 1.257
XYZ Crustal Loma Prieta 5 3.957 1.720°
MCEg X Interface Tohoku 7 2.298 -
XYZ Intraslab Ferndale2 11 4.538 2.250

*Ground motion not taken from design suite, instead scaled down from 225-year hazard.

bVertical scale factor limited by table stroke capacity.
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motions in the Y direction at the larger hazard levels. The stroke limitations as well as

the oil capacities of the shake table had to be considered in the selection of these ground

motions. As mentioned, the 43-year return period motions used for testing were not taken

from the 43-year return period design suite. This is because these ground motions were too

small for the shake table facility to successfully tune on the shake table. Thus, the suite of

225-year return period motions were scaled down to match the 43-year return period target

design spectra.

Testing for phase 1 consisted of both ground motion tests and white noise tests. The

ground motion tests were records taken from Table 7.1 and executed in either the X direction

only, the Y direction only, the X and Y directions, or the X, Y, and Z directions. The white
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noise tests were executed in either the X direction or the Y direction and consisted of small
ambient-sized ground motion accelerations, used to obtain the natural elastic period of the
building. Generally, a white noise test in the X direction and the Y direction were run at
the beginning and end of each day and between some ground motion tests. White noise
tests were run between ground motion tests when new ground motion records were run and
there was potential for damage to the structure or the nonstructural elements. Appendix C
summarizes the full testing plan for phase 1. For the purposes of this document, the official
phase 1 tests spanned 12 days and consisted of 59 ground motion tests and 70 white noise
tests. However, as discussed in more detail in Appendix C, there were some additional tests
where instrumentation data was not properly collected. Including the unofficial tests, a total
of 99 ground motion tests and 115 white noise tests were completed over a span of 19 days
during phase 1 of testing. In general, the ground motions tests were completed such that

they gradually increased in hazard level throughout the testing plan.
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Figure 7.1: Target response spectra for the ground motions used for shake table testing
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Figure 7.1: Target response spectra for the ground motions used for shake table testing
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7.2.1 Vertical Ground Motion Scaling

The 10-story NHERI TallWood specimen was tested under vertical ground motion excitations
in some cases. While the response of the lateral system to vertical excitations is not within the
scope of the work presented here, scaling the vertical ground motions fell within the overall

ground motion selection, scaling, and testing plan development and are thus presented here.

The procedure outlined in Section 11.9 of ASCE/SEI 7-16 was used to develop the target
vertical response spectra for the MCEg hazard curve. ASCE/SEI 7-16 does not include a
procedure for developing a target vertical response spectra curves for the other hazard levels
used in this test and limited literature exists for developing them. Thus, the procedure
outlined in Section 11.9 of ASCE/SEI 7-16 was modified and adopted for the remaining
hazard levels using engineering judgement. At MCEg the curve is developed based on, Sy
(referred to in this section as the spectral parameter), S, and the site class. For the other
hazard levels, the spectral acceleration of the target horizontal hazard curve at 0.1 seconds
was used in lieu of the MCER spectral parameter, Sy;s. This value can be found in Table
6.10. This spectral parameter was then divided by F;, and this value was used in lieu of Sg
which was used for the MCEgr procedure. Values for the resulting target vertical response

spectra curves, S,, are shown in Table 7.2 and visually in Figure 7.1.

The vertical ground motion components were not initially considered during ground mo-
tion selection and scaling since they were not used during the design phase. As a result, the
spectral shape of the vertical spectra do not match the shape of the target spectra as well as
the horizontal components. Vertical ground motion components were only collected for the
suite of ground motions selected for testing and were scaled independently of the horizontal
components. Because full vertical ground motion suites were not collected, each vertical
ground motion scale factor was scaled on an individual basis to roughly match the target
spectra as opposed to looking at suite mean and matching that to the target spectra. When
selecting the vertical scale factor for each ground motion, a maximum limit equal to the hor-

izontal scale factor was set. The resulting vertical scale factors for each ground motion are
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Table 7.2: Tabulated target vertical response spectra for the different earthquake hazards

used for testing of the 10-story building

Hazard Level

43-yr RP 225yr PR 475-yr RP 975-yr RP MCEg

Spectral
Parameter (g) 0.167 0.520 0.764 1.022 1.654
Cv 0.700 0.889 1.009 1.063 1.176
T (se0) S (&)

0 0.029 0.115 0.193 0.272 0.486
0.025 0.029 0.115 0.193 0.272 0.486
0.03 0.047 0.185 0.308 0.434 0.778
0.04 0.070 0.277 0.462 0.652 1.167
0.05 0.094 0.369 0.616 0.869 1.556

0.1 0.094 0.369 0.616 0.869 1.556
0.15 0.094 0.369 0.616 0.869 1.556
0.2 0.076 0.298 0.497 0.700 1.254
0.25 0.064 0.252 0.420 0.592 1.061
0.3 0.056 0.220 0.367 0.517 0.925
0.35 0.050 0.196 0.327 0.460 0.824
0.4 0.045 0.177 0.295 0.416 0.745
0.45 0.041 0.162 0.270 0.381 0.682
0.5 0.038 0.150 0.250 0.352 0.631

included in Table 7.1. Additionally, the vertical scale factors of some ground motions were

limited by the stroke capacity of the shake table (as noted in Table 7.1). Vertical response

of the building with a focus on the floor systems can be found in Wright [2023].

7.3 Visual Experimental Observations

The post-tensioned rocking wall lateral system saw very little damage during phase 1 of

testing. As discussed in Chapter 6, which details the design of the post-tensioned rock-

ing wall lateral system and the connections, the lateral system and the lateral connections

were designed to remain mostly elastic through MCER level ground motions.

The only

deformation-controlled actions that the structure was designed for at MCER demands were:
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(1) allowing inelastic behavior at the base of the wall panels and (2) yielding of the UFPs.
The remainder of the lateral system, including the PT bars, was designed to remain elastic.
The lateral system achieved and surpassed the performance objectives for which it was de-
signed. Note, drift performance will be discussed in Section 7.8. This section will summarize

the observed visual damage to the lateral system.

While strains beyond yield were allowed at the base of the post-tensioned rocking walls
during design, no visual damage to the base of the wall panels was observed. Full inspections
at the base of the walls were challenging due to the presence of the armor plates around the
corners of the wall panels, however, gaps between the foundation and the base of the armor
plates (see Figure 7.2) were present at the beginning of testing due to construction tolerances
and the gaps did not appear to close during the duration of phase 1 testing. Instrumentation
data measuring wall uplift and compressive deformation at the base of the wall panels should
be processed to confirm that no permanent deformation (that could not be identified visually)

in the form of yielding, splitting, or crushing occurred at the base of the wall panels.

Figure 7.2: Gap between wall armor and foundation beam at the base of the post-tensioned

rocking walls
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The UFP damping elements were also designed to yield during testing. While instrumen-
tation measuring UFP deformations have not yet been processed, video footage of the UFPs
during testing show significant deformations during testing, as designed. While the UFPs
most likely yielded early during the testing sequence, no damage was observed on the UFPs
at any point during testing and they appeared to work through the many ground motions.
Additionally, the bolted connection design also appeared to be undamaged.

As mentioned, observed visual damage to the post-tensioned rocking wall lateral system
was minimal. Figure 7.3 shows two minor instances of damage seen during testing. Figure
7.3a shows damage to the Teflon lining inside the shear key cutout in the post-tensioned
rocking wall. This is likely due to construction debris at the interface. This type of damage
was observed at only two or three out of the forty total shear key locations. Figure 7.3b
shows the dowels in the UFP pi plate connections. These connections were used on the wall
panels and the boundary columns. As shown by the figure, some of the dowels started to
work their way out of the holes during testing. This is likely due to the high number of cycles,
that far exceeds what any real building would experience. Once the issue was observed, they
were monitored during inspections and were pounded back into place when they started to
come out. Note, both these examples of damage are minimal and were not expected to affect
the overall performance significantly.

The other form of visual damage observed on the lateral system was sun damage to
un-protected mass timber elements. Figure 7.4 shows photos of the CLT, MPP, and LVL
material at the beginning of construction, compared to at the beginning of shake table
testing. Note, this damage is not a result of earthquake loading, but has been documented
for future reference. Figures 7.4d-f are all photos of the mass timber elements at the roof
which had high exposure to direct sunlight and rain for many months. In comparison to
the pre-construction photos (Figure 7.4a-c), the exposed mass timber shows a lot of cracks
and separations of the timber plys. Exterior structural elements showed more of this type of
damage than interior components. When mass timber is used in a real building, contractors

typically protect the elements using UV resistant or plastic coatings.
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(@) (b)

Figure 7.3: Examples of the minimal visual damage observed during phase 1 of testing (a)

Teflon damage at the shear key locations and (b) dowels at the UFP connections

Figure 7.4: Mass timber before construction for (a) CLT, (b) MPP, and (c) LVL and weather
damaged mass timber at the start of testing for (d) CLT, (e) MPP, and (f) LVL
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7.4 Ground motion subset for data processing

As mentioned, this document includes only a short preliminary analysis of the performance,
discussion of the experimental results, and comparison to the analytical results. A small
subset of the data was processed, including 17 ground motion tests. All 17 of the ground
motions were selected from the official phase 1 testing subset when the DAQ was properly
collecting data. In this study, one ground motion test of each ground motion listed in Table
7.1 was selected from the full testing plan listed in Table 4.4. The ground motion tests
selected for this analysis are shown in Table 7.3. The table includes the test ID that can
be tracked back to the testing schedule. Note from the direction column, ground motion
tests that excluded the vertical component were selected when possible. This is because the
effects of vertical excitations was outside of the scope of this work and the nonlinear OpenSees
model also did not include vertical excitations. Full three component ground motion tests

were only chosen for analysis when a two component test was not run.

Figure 7.5 shows the spectral accelerations computed using the recorded shake table
acceleration histories for the ground motion tests analyzed. These spectral accelerations
can be compared to the target spectral acceleration shown in Figure 7.1. Note, the vertical
excitations shown in the target spectra were not always used in the ground motion tests
selected for analysis. Table 7.3 notes the ratio of achieved to target spectral acceleration
(S,) ratios at the building’s approximate period. For the horizontal components a period
of 1.74 seconds from the OpenSees model is used. For the vertical component, a period of
0.05 seconds was assumed based on the approximate first mode period of the diaphragms
that have frequencies in the range of 10 to 35 Hz [Wright, 2023]. Additionally, Table 7.3
notes the ratio of effective to target scale factors in each direction. These were calculated
for each ground motion component by dividing the response spectra of the effective ground
motion executed by the shake table by the response spectra of the target ground motion
used in design and then finding the average ratio over a specified period range. The period

range used for the horizontal components was equal to the range used for horizontal ground
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Table 7.3: Ground motions selected for experimental and analytical results comparison

Achieved/Target Achieved/Target

Test ID Dir. EQ Source  Event Name  Suite #  Sa at Period Scale Factor
X Y Z X Y s
43-09 XY Crustal Niigata, Japan 3 1.05 1.13 - 1.03 1.04 -
43-06 XY Interface Tohoku 6 1.07 1.04 - 0.96 1.00 -
43-03 XY  Intraslab Ferndale 11 1.04 1.08 - 1.00 1.06 -
225-10 XY Crustal Niigata, Japan 3 1.02 1.06 - 1.08 1.06 -
225-07 XY Interface Tohoku 6 1.02 1.04 - 1.08 1.09 -
225-04 XY Intraslab Ferndale 11 0.96 1.01 - 1.00 1.10 -
475-01 XY Crustal Chi-Chi 3 0.98 0.96 - 1.15 1.04 -
475-08 X Interface Tohoku 6 0.88 - - 1.03 - -
475-06 XY Intraslab Ferndale 11 0.95 1.00 - 1.00 1.12 -
975-11 XYZ Crustal Victoria, Mexico 2 095 094 154 1.09 1.07 1.91
975-03 XY Crustal Northridge-01 4 0.97 1.00 - 0.98 1.12 -
975-04 X Interface Tohoku 5 0.88 - - 1.05 - -
975-10 X Interface Tokachi 6 0.86 - - 0.98 - -
975-07 XY Intraslab Ferndale2 11 0.98 0.98 - 1.03 1.10 -
MCER-01 XYZ  Crustal Loma Prieta 5 091 096 1.32 0.98 1.03 1.74
MCER-03 X Interface Tohoku 7 0.88 - - 1.08 - -
MCER-02 XYZ Intraslab Ferndale2 11 098 099 1.35 1.04 1.10 1.37

motion scaling, specified in Section 6.4.1. The period range used for the vertical components

was 0.01 seconds to 0.1 seconds. The ratio values for the horizontal components are all near

1.0 indicating that the shake table replicated the target ground motion with relatively good

precision in the horizontal direction. In general the scale factor ratios were slightly larger

than 1.0 and the ratios of S, at the building’s period were generally slightly less than 1.0,

especially at larger hazard levels. In the vertical direction, the the scale factor ratios and the

S, at the building’s period ratios were consistently and significantly greater than 1.0 meaning

the shake table did not replicate the vertical ground motion components as accurately as the

horizontal components.
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Figure 7.5: Response spectra for effective executed ground motions
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Figure 7.5: Response spectra for effective executed ground motions
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7.5 Instrumentation

The primary instrumentation plan for the 10-story shake table tests consisted of 733 in-
struments; a combination of MEMS-based accelerometers, linear displacement transducers,
string potentiometer displacement transducers, inclinometers, strain gauges, and load cells.
These instruments were connected to the primary data acquisition (DAQ) system at the
LHPOSTS®6 facility. The DAQ system consisted of 13 nodes, each with 64 channels, and was
newly installed with the recent facility upgrade. This DAQ, along with a series of video
cameras, were time synced to the shake table controller. Data was recorded and stored at
a frequency of 256 Hz. Busch [2023] can be referenced for detailed documentation of the
primary instrumentation plan. Additional instruments for data collection including GPS
sensors, highly-sensitive ambient vibration sensors, and a variety of video-image tracking
devices were also used during testing by project collaborators.

In this document, the response of the building was characterized using a small sub-
set of the instrumentation. This included horizontal accelerometers located on the floor
diaphragms, horizontal string potentiometers on the lower floors that measured global dis-
placements, diagonal string potentiometers that measured interstory displacements, and lin-
ear potentiometers at the wall bases that measured uplift. This section contains a brief
overview of these instruments. Busch [2023] contains descriptions and drawings of the full

instrumentation plan.

7.5.1 Horizontal Floor Accelerometers and Horizontal String Potentiometers

To measure global building accelerations and displacements, horizontal accelerometers were
added at various locations on each floor (summarized in Figure 7.6a). On every floor an
accelerometer measuring east-west (EW) and north-south (NS) accelerations were placed at
the approximate center-of-mass location (determined as discussed in Section 6.2.4), as well
as one or two additional locations on each floor (specified as shown in Figure 7.6a). Also

shown in Figure 7.6a, horizontal string potentiometers (SP) on lower floors directly measured
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global floor displacements. These potentiometers spanned horizontally from the diaphragm
edges to stationary safety towers located off the table. These string potentiometers were
only located on the lower floors (floors 2-4 on the south edge and floors 2-3 on the east edge)
because the safety towers were significantly shorter than the test specimen (see the red safety

towers located on the south side of the building in Figure 6.1a).

L Level 11
t=—Level 1C
North _ : _
/[\ | ! ! #2: NE Corner Accel. = Level 9
| | EW on Floors 2-11
i S ot
] | |
ﬂ# 1: COM Accel. ! { ——Level 7
EW on all Floors| ___ /
NS on all Floors |-/ . |East Edge SP
EW on Floors 2-
e e e = : Level 6
! #4: East Edge Accel
} EW on Floors 4-10 Level 5
i | n
o il I S Level 4
#5: South Edge Accel /
'~ INSonFloors 7-10 | [#6: SE Corner Accel. Level 3
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NS on Floors 2-11 ‘ l | [NSonFloor 11
T o
I;‘jSouth Edge SP South Edge SP J Level 2
NS on Floors 2- NS on Floors 2-
(@) ISD SP
EW on Stories 1-10

NS on Stories 1-3 & 6-1(

Figure 7.6: Global displacement instrumentation schematics (a) horizontal floor accelerom-
eters (accel.) and horizontal string potentiometers locations and (b) diagonal ISD string

potentiometer locations
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7.5.2  Diagonal String Potentiometers

Shown by the schematic in Figure 7.6b, diagonal string potentiometers were installed on
most floors to measure interstory displacements. These were installed on every story on
the north face of the building to measure displacements in the east-west direction. To
measure story displacements in the north-south direction, diagonal string potentiometers
were installed on the east face. They were installed on all stories except Stories 4 and 5
because of interference with nonstructural walls. Note, the arrows shown in Figure 7.6b are
only schematic. Orientations and exact install locations varied from floor to floor. Table
7.4 summarizes the installed locations of the diagonal string potentiometers. z,, y,, and
2z, are the coordinates of the installed string potentiometer of the origin (i.e., the start of
the string). x;, ¥, and z; are the coordinates of the installed string potentiometers of the
target (i.e., the end of the string). In the table, the locations are measured relative to an
origin located at the center of the most north-west column (same origin as shown in Figure
6.2a). The positive x direction is east, the positive y direction is north, and the positive z
direction is up. All locations in the table are rounded to the nearest quarter inch and any
small out-of-plane offsets between the origin and target were considered negligible for data

processing in this document and are thus omitted from the table.

Recordings from the diagonal string potentiometers were used to calculate horizontal in-
terstory displacements. This was done by assuming negligible vertical diaphragm movement
(i.e., the vertical z distance was constant). For the east-west string potentiometers, the hor-
izontal story displacement, Az, was calculated by subtracting the x-component of the initial
string potentiometer length, x;, from the x-component of the string potentiometer length
at any point during the ground motion, z, as shown in Equation 7.1. x; was calculated
as shown in Equation 7.2. z; was calculated as shown in Equation 7.3, where z; is the
z-component of the initial string potentiometer length that is assumed to remain constant
throughout the motion (calculated using Equation 7.4), [, is the initial length of the string
potentiometer (calculated using Equation 7.5), and A is the length change recorded by the
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Table 7.4: Diagonal string potentiometer locations

EW Measurement Direction NS Measurement Direction
Story Origin (in) Target (in) Origin (in) Target (in)

Lo Yo 2o Ty Yt <t Lo Yo 2o Ty Yt 2t
1 315.5 - 21 1 - 1615 - 43.75 2075 - -270 149
2 25.75 - 17475 384 - 2935 - -266.75 1745 -  0.25 281
3 358.5 - 306.5 0 - 42525 - =275 306.25 - -269.75 413.25
4 18.75 - 43825 384 - 55775 - - - - - -
5 357.25 - 570.25 -0.25 - 690 - - - - - -
6 27 - 702.5 387 - 822 - -267.75 7025 - -0.25 809.75
7 357.25 - 831.75 0 - 9535 - -1.25 8245 - -270.25 942
8 275 - 966.5 386.5 - 10855 - -266.25 966.5 - -0.5 1073.5
9 359 - 1098.5 -3.75 - 121725 - -3.25 1098.5 - -270.25 1205.5
10 2575 - 1230.25 385.75 - 1349.25 - -266 1230.5 - 0 1337.25

string potentiometer. In the north-south direction, an equivalent procedure was used.

Ax=x5—x; (7.1)

Ty = Xy — T, (7.2)
rr=/(l, +A)? -z (7.3)
Zi = % — Z (7.4)

l, =/2? + 2} (7.5)

7.5.83  Wall Uplift Linear Potentiometers

Linear potentiometers were installed vertically at the base of the walls to measure rocking
wall uplift and compression at the base of the wall panel. As shown in Figure 7.7a, the lower
end of the linear potentiometer was anchored to the foundation beam. The other end of the
linear potentiometer was anchored to the face of the wall panel. Figure 7.7b shows a plan

view schematic of the building with relative locations and instrument ID #s of all of the
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linear potentiometers. In this figure the rocking walls are enlarged for clarity. As shown,
each wall panel had a linear potentiometer at each of the four corners. One face of the north
and west walls had four additional linear pots along the face to measure the distribution of
uplift. On these faces, the linear pots were more concentrated towards the corners as this
is where damage was expected. To avoid interference with foundation to shake table PT
bars, the exact location of each installed linear potentiometer varied wall-to-wall. The exact
location of each linear potentiometer is provided in Table 7.5. As shown in Figure 7.7b, d; is
the distance from the nearest wall edge to the linear potentiometer location. This distance
is measured from the edge of the full panel width, not from the edge of the tapered wall

section.

North
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-+
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x linear potentiometer location and ID #

(b)

Figure 7.7: Linear potentiometers measuring wall uplift (a) example photo of instruments

and (b) schematic showing locations of all wall uplift linear potentiometers
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Table 7.5: Wall base uplift linear potentiometer locations

North Wall ~ South Wall East Wall West Wall
ID # d; (in) ID # d; (in) ID # d; (in) ID # d; (in)
596 2.5 598 275 602 2.25 588 2
590 2.25 600 11.25 604 3.75 582  3.25

991 13 - - - - 583  17.25
292 26.875 - - - - 584  30.875
993  26.5 - - - - 585 30.25
594 14.25 - - - - 586  12.75

295 2375 599 425 603 225 589 5.75
297 2 601 225 605 225 587  2.25

7.6 Accelerometer Data Processing

This section will discuss the procedures used for processing the recorded acceleration data.
First, the filtering and double integration procedure used to convert the acceleration record-
ings to displacements will be presented, followed by a validation of the procedure. Then, the
selection process for which accelerometer instruments were used for data processing will be

discussed.

7.6.1 Accelerometer Data Filtering Procedure and Validation

The recorded accelerometer signals on each floor were filtered and double integrated to get
floor displacements. As discussed, string potentiometers measuring global displacements on
floors 2, 3, and 4 were used for validation of the filtering and double integration techniques
used. The following procedure was implemented in Matlab for filtering and double integrating

the accelerometer signals to obtain displacement time history data:

1. Load raw acceleration signal.
2. Zero accelerometer signal by taking the average of the first 100 data points (equivalent

to approximately 0.4 seconds) and subtracting that from the signal.
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Add 1 second of zeros to beginning and end of signal to help with filtering.

Apply a Butterworth bandpass filter to the acceleration signal.

Integrate the acceleration signal using the cumulative trapezoid rule to get velocity.
Apply a Butterworth bandpass filter to the velocity signal.

Integration the velocity signal using the cumulative trapezoid rule to get displacement.

Apply a Butterworth bandpass filter to the displacement signal.

R A A

Remove the added 1 second of zeros at the beginning and end of the signal.

In the procedure above, the same Butterworth bandpass filter was used in steps 4, 6, and
8. The filter was created using the Butterworth filter design in Matlab. A filter order of 2n
where n was equal to 4 was used. The lower and upper cutoff frequencies were 0.1 and 50
Hz, respectively. Note, this procedure cannot be used to assess residual drifts.

The presented filtering and double integration method for determining displacement time
histories from the accelerometer data was validated by comparing calculated results from the
accelerometers to un-filtered, raw results recorded by the horizontal string potentiometers
that directly measured absolute floor displacements on the lower levels. Figures 7.8, 7.9,
and 7.10 show plots validating the procedure for three example tests (test ID indicated in
Figure caption). While results for only three tests are provided here, similar trends were
observed in the remaining tests. In each figure, plots comparing absolute floor displacement
calculations and plots comparing interstory drift (ISD) calculations in both horizontal di-
rection are shown. For this section ISDs are defined as the difference in floor displacements
above and below a story, divided by the story height. For the absolute displacement plots,
both the double integrated accelerometers and horizontal string potentiometers measured
absolute displacements directly. For the ISD plots, drift values on each story were calculated
by subtracting recordings of floor below from the recordings from the story above and then
dividing by the total height of each story. Due to height limitations of the off-table safety
towers, horizontal string potentiometers only measured absolute floor displacements on floors

2 and 3 for the east-west direction and floors 2-4 for the north-south direction. Thus, this
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accelerometer filtering and integrating procedure validation could only be done for the lower
levels. The location of the accelerometer used on each floor for these figures will be discussed

in Section 7.6.2.

Absolute floor displacement results in Figures 7.8a, 7.9a, and 7.10a show that using the
presented accelerometer filtering and double integration procedure results in floor displace-
ment data that matches relatively well with the floor displacement data recorded directly
from the horizontal string potentiometers. However, ISD results in these Figures 7.8b, 7.9b,
and 7.10b show that ISDs calculated using the presented accelerometer filtering and dou-
ble integration procedure do not match the ISDs calculated from the horizontal string po-
tentiometers as well. When calculating ISD, two floor displacement recordings from the
accelerometers are subtracted from each other. In doing so, an unexplainable, and likely
erroneous, response appears in the time history data. This response is particularly clear in
Figure 7.8b. In this figure, relatively large ISD data is visible at the very beginning of the
ground motion when floor displacements are still very small (see the corresponding figure,
Figure 7.8a). While these large oscillations are very clear at the beginning of the ground

motion, they occur throughout.

The presence of this erroneous building ISD response from the integrated accelerometer
data appears to be more dominant at smaller hazard levels (i.e., comparing the 43-year re-
turn period hazard motion response in Figure 7.8 with the MCER hazard motion response
in Figure 7.10). This is likely because whatever is causing the erroneous response is a larger
proportion of the total response for the smaller hazards. In other words, the true building
response is likely masking the contributions of the erroneous response more at larger hazards
compared to smaller hazards. The errors in accelerometer ISD calculations are also very
prominent in the 1D tests. One example is test ID 975-10, shown in Figure 7.9. In this test,
ISD values, calculated from the accelerometers recording in the direction of the building
that was not shaking (north-south direction), were relatively very large. Figure 7.9a shows
that the floor displacements on the lower levels are negligible in the north-south direction.

However, Figure 7.9b shows that these negligible displacements result in sizable ISD values
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which is not likely a real building response. While the author is not exactly sure the source
of this erroneous response, it could be a result of multiple sources including: improper orien-
tation installation of the accelerometer (i.e., the instrument was installed slightly rotated),
improper wiring of the cables, a small phase shift of the recorded instruments, or an issue
with the presented filtering and double integration procedure. Additionally, because the test
specimen was so large and because the tests were conducted outdoors over a long period
of time, the overall testing environment for the specimen was hard to control. Over the
four week testing period, accelerometers could have been bumped and instrumentation wires
could have been pulled by people walking around the test specimen. These factors could
affect the quality of the recordings.

In summary, because the presented accelerometer filtering and double integration proce-
dure resulted in floor displacements that matched closely with the horizontal string poten-
tiometer results on the lower floors, the procedure and filtering range was assumed to be
viable for all horizontal accelerometers in the building and on the upper floors. For some
ground motions, ISD time history response calculated from the accelerometer data showed
some unusual response with large peaks that were likely erroneous, especially for data from
smaller hazard ground motion recordings. These issues occur when the response from one
floor is subtracted from the other floor and are likely a result of the integration and filtering
techniques used and/or improper installation of the instrument. Thus, while the author is
confident in the floor displacement values calculated from the accelerometer data, the author

is less confident with the ISD values calculated from the accelerometer data.
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Figure 7.8: Comparison of floor movement results calculated from accelerometer data and

horizontal string potentiometers for test ID 43-09
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Figure 7.9: Comparison of floor movement results calculated from accelerometer data and

horizontal string potentiometers for test ID 975-10
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7.6.2  Accelerometer Selection for Data Processing

Ideally, the accelerometers located at the approximate center of mass (COM) location would
be used for floor displacement and ISD data processing calculations. However, it was de-
termined that some of the COM floor accelerometers did not record the most usable or
reliable data. An example of this can be seen in Figure 7.11 which plots displacement data
calculated from all accelerometers located on floor 6 from test ID 43-09. In the figure, each
accelerometer location is labeled. Location #1 is the approximate center of mass location
on each floor. Figure 7.6a can be reference for a schematic showing the locations of the
remaining accelerometers. In Figure 7.11, the plot showing the displacement data from the
accelerometers recording east-west motion (left plot), it is clear that the COM accelerometer
(labeled as #1 in the plot) is showing recorded behavior that is likely erroneous. While there
is probably some diaphragm torsion that would result in slightly different recordings from
each accelerometer, the large oscillations from accelerometer #1 in the east-west direction
plot differ significantly from the two other accelerometer readings and cannot be justified
from torsion. Additionally, it was determined that if these instruments (with the relatively
large oscillations) were used for ISD calculations, it would result in very large and unreason-
able values. Thus, it was determined that this instrument, along with others, should not be

used for data processing.

For each floor, plots similar to the ones shown in Figure 7.11 were examined and the
accelerometer producing the most reliable data was selected for all data processing in this
document. Table 7.6 summarizes the selected accelerometer location for each floor in each
horizontal direction. Note, two different east-west accelerometers were used for floor 7 de-
pending on the test 1D, as specified by the table footnote. By using recordings from ac-
celerometers located at different locations floor to floor, it is assumed that the torsional
response of the building is negligible. This is likely a reasonable assumption as the building
was symmetric and differences in accelerometer readings on the same floor are small. This

can be seen in Figure 7.12, which shows displacement data calculated from all accelerometers
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Figure 7.11: Absolute floor displacement recordings calculated from all accelerometers lo-

cated on floor 6 (from test ID: 43-09)

located on four floors from a large ground motion (test ID MCER-01). As shown, the dis-
placements from multiple accelerometers on the same floor are very similar, indicating small
amounts of torsion. This process also assumes a rigid diaphragm. This is also a reasonable

assumption because the floor spans in the test specimen were small.

Table 7.6: Accelerometer locations used for data processing of the 10-story data

) Floor
Dir Giomd 23456 7 809 10 11
EW 1 12414204 11 1 1
NS 1 13313 3 111 1

Test IDs: 43-06, 225-10, 225-07, 225-04, 475-01, 475-06, 975-11, 975-03, 975-07, MCER-01, MCER-02
bTest IDs: 43-09, 43-03, 475-08, 975-04, 975-10, MCER-03

While not using some of the most problematic accelerometer recordings likely improved
the overall results, the issues with the accelerometer recordings and the filtering and double
integration techniques indicate that these results may still vary slightly from the true per-

formance of the building. This is shown and discussed more in Section 7.8. These inaccurate
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Figure 7.12: Absolute floor displacement recordings calculated for all accelerometers located
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displacements calculated from the recorded accelerometer data is likely a result of the less-
controlled testing environment inherent to large-scale testing or indicates the need for more

sophisticated filtering and double integration techniques.
7.7 Estimated Damping Coeflicient

The damping coefficient for the building was estimated using free vibration data that was
recorded at the end of four larger ground motions that had input excitations in both horizon-
tal directions. The four test IDs used for this calculation were: 975-11, 975-03, MCER-01,
and MCER-02. For this calculation the east-west and north-south accelerometers located at
the roof’s approximate center-of-mass location were double integrated to get displacements
(using the procedure outlined in 7.6.1). Figure 7.13 shows the roof displacement plots from
the experimental data for the four test IDs that were used to estimate the damping coeffi-
cient. The dashed vertical line on each plot indicates the end of the input motion and the
start of free vibration.

Decay of motion was used to determine the damping coefficient and assuming free vibra-
tion of a single degree of freedom, linear spring mass system. For each ground motion and
direction, the local maxima and minima were identified during the free vibration range as
shown by the marked peaks in Figure 7.13. For each ground motion, the period of oscillation,
T'ree, was determined as shown in Equation 7.6. The time of the first free vibration peak
in the free vibration range, t,, was subtracted from the time of the last prominent peak in
the free vibration range, t,, and divided by the number of cycles, n (i.e., the number of
maxima/minima minus 1). The damping coefficient £ was then determined using Equation
7.7 [Chopra, 2007], where x(t,) and z(t,) are the roof displacements at the first and last
maxima/minima point in the free vibration range, respectively. Note, with this procedure,
the free vibration period and damping coefficient were calculated for the maxima and min-
ima points separately. The calculated free vibration periods and damping coefficients from
each test ID and building direction, calculated from both the maxima and minima peaks, are

shown in Table 7.7. The results in each building direction were averaged and are also shown
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Figure 7.13: 10-Story test damping calculations

in the Table. The average damping coefficient in the east-west and north-south building

directions were 9.2% and 6.0%, respectively.

Tfree =

1 x(t,)

$= )
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Table 7.7: 10-Story test damping calculations

EW Direction NS Direction
Tfree (s€C) £ Tfree (sec) &

Test ID  Peak Dir.

max 2.04 9.9% 2.17 7.3%

975-11 min 1.98 8.4% 2.11 6.3%
max 1.95 10.2% 1.91 4.8%

975-03 min 1.94 10.7% 2.10 6.2%
max 1.82 9.7% 2.18 5.9%

MCER-OL 186 100% 215  6.3%
max 1.88 9.5% 2.28 6.2%

MCER-02 188 54% 225  54%
Average - 1.92 9.2% 2.14 6.0%

7.8 Comparison of Experimental and Analytical Results

In this section, the experimental results and numerical results are compared as a means to
validate the presented nonlinear numerical modeling methodology that was used for design
of the 10-story NHERI TallWood lateral system. For this section, the nonlinear OpenSees
model for the 10-story NHERI TallWood building (presented in Section 6.5), was re-run using
the acceleration recordings for the shake table. Additionally, the damping was increased from
2% to 6% because the study presented in Section 7.7 indicates larger damping. The presented
damping study shows approximately 9.2% and 6% damping in the east-west and north-south
directions, respectively. Implementing different damping coefficients in the two building
directions was out of the scope of work, thus, the smaller damping value was assumed. Aside
from using the true table output ground motion as the OpenSees input motion and modifying
the model damping, no other changes were made from the original model that was used for
design. The scope of the comparison presented in this document was limited to the 17 ground

motion tests presented in Table 7.3.

Note, for this comparison, only the two horizontal ground motion components recorded
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from testing were input into the numerical model (for all 1D tests, both executed horizontal
components were input into the model even though one component was small). The presented
numerical model was not developed to properly model vertical ground motion effects, so they
were not included. Studying the effects of unintentional movement in the three rotational
degrees of freedom was outside the scope of this work. For this study, they were neglected,
however, even minor table rotations could affect the results. Investigating the effects of
observed table rotations is included in the recommendations for future work presented in

Section 9.4.

7.8.1 Floor Displacements

Experimental and numerical results were first compared by looking at relative floor displace-
ments. For the experimental results, floor displacements were calculated using two methods.
The first method used results from the filtered and double integrated accelerometers on each
floor (as described in Section 7.6). For this method, relative displacements were determined
by subtracting recorded table acceleration (recorded at location #1 in Figure 7.6a) from the
recordings at each floor level. The second method used unfiltered story displacement record-
ings from the diagonal string potentiometers. See Section 7.5.2 for information about these
instruments and a discussion on how they were used to calculate relative story displacements.
Total displacements on each floor were calculated by summing the story displacements from
all stories below the floor (i.e., for example, the total floor displacement of floor 3 was calcu-
lated by summing the story displacements of stories 1 and 2). Note, floor displacements in
the north-south direction, could only be calculated up to floor 4 because the diagonal string
potentiometers were not present in the north-south direction on Stories 4 and 5.

Figures 7.14, 7.15, and 7.16 show floor displacement time history comparisons of ex-
perimental and numerical results for three example tests. In these plots, the OpenSees
numerical results (Num.) are plotted as well as the experimental results calculated using
the accelerometers (Exp. AC) and the string potentiometers (Exp. SP). For conciseness

time history results are only shown for three tests and only four floors are shown for each
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ground motion, however, similar trends were present on the other floors and for the other
tests. Note, experimental string potentiometer data is missing for the upper floors in the

north-south direction due to the missing string potentiometers.

Experimental results in Figures 7.14, 7.15, and 7.16 show that relative floor displacements
calculated from the accelerometer data and the string potentiometer data match relatively
well for the larger hazard ground motions. While peak floor displacements are very small
in Figure 7.14 (showing a 43-year return period motion) the results calculated from the
string potentiometers are less than the data calculated from the accelerometers. For the
smaller ground motions, it is likely that the accelerometer data is more representative of the
true building response because the string potentiometers are measuring displacement over
a very long distance, making it more likely that the instrument is not picking up the full
movement. In summary, when comparing numerical and experimental floor displacement
results, it is recommended to use the accelerometer data for lower hazard motions, while

either accelerometers or string potentiometers can be used at larger hazards.

Referring to the experimental and numerical floor displacement result comparisons for
the three example ground motions in Figures 7.14, 7.15, and 7.16, results from the nonlinear
numerical OpenSees model used to design the 10-story NHERI TallWood building appear to
match experimental results relatively well. While the numerical prediction results are off in
some parts of the ground motion, it is a fairly good match for a full-scale 10-story building
in terms of building period and overall displacement prediction. These results show that
the nonlinear model seems to slightly over predict response in the east-west direction and
slightly under predict the response in the north-south direction. This discrepancy is likely
do to the contributions of the stairs which are not accounted for in the nonlinear model.
The stairs were designed to contribute little stiffness to the overall building, however, they
may be contributing more than expected. Based on the orientation of the stair system, they
are expected to be slightly stiffer in the east-west shaking direction. The larger stair system
contribution to the east-west building response likely results in the large observed damping in

that direction (which was also shown in the damping study in Section 7.7). Additionally, the
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Figure 7.14: Floor displacement time history comparisons of 10-story numerical and experi-

mental results for test 1D 43-09
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Figure 7.15: Floor displacement time history comparisons of 10-story numerical and experi-

mental results for test ID 975-10
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Figure 7.16: Floor displacement time history comparisons of 10-story numerical and experi-

mental results for test ID MCER-01
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gravity frames are also orientated in the east-west direction and while their contributions are
likely small, they are not included in the model. The gravity system may also contribute to
the larger observed damping in that direction. The damping coefficient applied to the model
is more representative of the calculated building damping in the north-south direction, which
could explain the numerical model’s over-prediction of floor displacements in the east-west
direction.

Peak floor displacement profile comparisons were also developed and are shown in Figure
7.17. While time history results were only shown for three ground motions, drift profiles are
presented for all 17 tests shown in Table 7.3. In this figure, experimental results calculated
from the accelerometers and the string potentiometers are both provided. Additionally, peak
positive and peak negative response is shown. In the north-south direction, peak values are
only show for floors 1 through 4 due to the missing string potentiometers on floors 4 and
5. As discussed with the time history results, the experimental results calculated from the
string potentiometers are likely less representative of the true building response at small
hazards. Overall, this figure shows that the numerical model does a relatively good job at

predicting peak floor displacement response.
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Figure 7.17: Peak floor displacement comparisons of numerical and experimental results
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293

1 EW Direction 1 NS Direction 1" EW Direction 1" NS Direction
10 10 10 10
9 9 9 9
8 8 8 8
5 7 7 5 7 7
2 6 6 2 6 6
=5 5 = s 5
4 4 4 4
3 3 3 3
2 2 2 2
1 1 1 1
-25 0 25 -25 0 25 -10 0 10 -10 0 10
Peak Floor Disp. (in)  Peak Floor Disp. (in) Peak Floor Disp. (in)  Peak Floor Disp. (in)
[— Num. — Exp. AC — Exp. SP| [— Num. — Exp. AC — Exp. SP|
(m) Test ID: 975-10 (n) Test ID: 975-07
1 EW Direction 1 NS Direction 1 EW Direction 1 NS Direction
10 10 10 10
9 9 9 9
8 8 8 8
5 7 7 5 7 7
2 6 6 2 6 6
=5 5 = s 5
4 4 4 4
3 3 3 3
2 2 2 2
1 1 1 1
-20 0 20 -20 0 20 -20 0 20 -20 0 20
Peak Floor Disp. (in)  Peak Floor Disp. (in) Peak Floor Disp. (in)  Peak Floor Disp. (in)
[— Num. — Exp. AC — Exp. SP| [— Num. — Exp. AC — Exp. SP|
(o) Test ID: MCER-01 (p) Test ID: MCER-03
1 EW Direction 1 NS Direction
10 10
9 9
8 8
5 7 7
S 6 6
=5 5
4 4
3 3
2 2
1 1

-10 0 10 -10 0 10
Peak Floor Disp. (in)  Peak Floor Disp. (in)

[— Num. — Exp. AC — Exp. SP|

(q) Test ID: MCER-02

Figure 7.17: Peak floor displacement comparisons of numerical and experimental results
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The displacement response of the building was summarized by looking at peak roof drift
for all 17 ground motions studied in this document. Figure 7.18 plots the spectral acceleration
of the ground motion component at the building’s approximate first mode period (1.74
seconds, assumed from the eigenvalue analysis in Section 6.5.5) versus the peak roof drift in
each direction. The spectral acceleration of the ground motion component was used as a way
to represent ground motion intensity. On this plot, both numerical and experimental results
are summarized for each ground motion. In addition, the mean response for each hazard level
is also shown. For the experimental results, peak values were taken from the accelerometer
results because they seem to be more representative of the true building response across all
hazards. This figure shows a relatively linear relationship between ground motion intensity
and peak roof drift. The mean roof drift values shown in the figure are summarized in Table
7.8. Note, for the 1D motions that only had east-west input excitations, the peak response
in the north-south direction was omitted for the mean hazard value shown in both the figure

and the table.
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Figure 7.18: Summary of numerical and experimental peak roof drifts

By comparing the mean peak roof drifts from each hazard level in Figure 7.18, it can be
determined that the numerical model under-predicted peak roof drift response slightly. This

comparison is more clear in Figure 7.19 which shows the peak roof drift from the numerical
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results versus the peak roof drift from the experimental accelerometer results. A 1:1 diagonal
line is also shown on the figure, representing a prefect correlation between numerical and
experimental results. This figure also shows the slight under-prediction of the numerical
peak floor displacement results compared to the experimental results. The under-prediction
is slightly more prominent in the east-west direction, again likely due to the contribution of
the stairs and gravity framing. However, overall the presented nonlinear OpenSees model

does a relatively good job at prediction building floor displacement response.

Table 7.8: Experimental and numerical mean peak roof drift results for each hazard level

Mean Peak Roof Displacement (in)
Hazard EW Direction NS Direction
Level Num. Exp. % Diff. Num. Exp. % Diff.
43-year RP 0.09 0.09 -0.9% 0.10 0.11 17.7%
225-year RP 0.28 0.34 187% 0.35 0.37 5.2%
475-year RP 0.56 0.65 15.0% 048 0.66 37.3%
975-year RP  0.81 1.07 33.3% 0.75 0.80 5.8%
MCEg 0.79 099 251% 097 1.16 19.5%

- EW Direction NS Direction
§ 2 . . - 2 . . -
&
A 15 1.5 V 43-yr RP
,§ ® @ 225-yr RP
z 1 N A 1 ¢ 475-yr RP
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Exp. Peak Roof Drift (%) Exp. Peak Roof Drift (%)

Figure 7.19: Summary comparison of numerical and experimental peak roof drifts
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7.8.2  Interstory Drifts

Experimental and numerical results were also compared in terms of interstory drifts (ISD).
Similar to the floor displacement comparison, experimental results were computed using two
methods. The first method used results from the filtered and double integrated accelerom-
eters on each floor (as described in Section 7.6). For this method, ISDs on each story were
calculated by subtracting the displacements of the floor below from the floor above and di-
viding by the story height. The second method used unfiltered recordings from the diagonal
string potentiometers. Section 7.5.2 explains how the displacements at each story were cal-
culated. These story displacements were then divided by the story height to get ISD. Note,
because of the missing string potentiometers, north-south direction ISD values could not be

calculated on Stories 4 and 5 using this method.

Figures 7.20, 7.21, and 7.22 show ISD time history comparisons of experimental and nu-
merical results for three example tests. Similar to the floor displacement plots, experimental
ISD results calculated from both the horizontal floor accelerometers and the diagonal string
potentiometers are shown in comparison to the numerical results. For conciseness, time his-
tory plots for only three of the 17 tests are presented for this discussion, however, similar
trends were found for the remaining tests. Additionally, with these plots, only four of the

ten stories are plotted for conciseness.

Looking at the experimental ISD results in Figures 7.20, 7.21, and 7.22, the two methods
for calculating ISD do not produce results that are as similar as when used for calculating the
floor displacements in Section 7.8.1. The difference in experimental ISD values calculated
using the two methods is particularly clear for smaller hazard ground motions (see example
results for a 43-year return period ground motion in Figure 7.20). At lower hazard levels,
the ISD values calculated from the accelerometers show large oscillations that are likely
erroneous because they physically do not make a lot of sense (see discussions in Section 7.6),
but also because they do not appear in the results calculated from the string potentiometers.

Similar to the floor displacement comparisons, at low hazards the results calculated from the
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Figure 7.20: ISD time history comparisons of 10-story numerical and experimental results

for test 1D 43-09
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Figure 7.21: ISD time history comparisons of 10-story numerical and experimental results

for test ID 975-10
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string potentiometers are smaller than the accelerometer results (however, at smaller hazards
all measured displacements are very small). The difference in results calculated using the
two methods is also clear with 1D motions for the values calculated in direction that the
building was not shaking. For example, see the north-south direction plots in Figure 7.21
which shows a 1D 975-year return period motion where the table only executed an east-west
excitation. As discussed in Section 7.6, ISD values calculated from the accelerometers for
these motions resulted in relatively large ISD values that are likely erroneous because the
corresponding floor displacements (see Figure 7.15) are so small. Referring to Figure 7.21,
these large oscillations are also probably erroneous because the string potentiometers are
showing near zero ISD values. At larger hazard levels (like the one shown in Figure 7.22),
the ISD values calculated from the accelerometer data and the string potentiometer data are

more similar.

In summary, there is less confidence in the experimental calculations of the ISD values
being representative of the true building performance, in comparison to the floor displacement
values. At low hazard levels, ISDs calculated from accelerometer data result in behavior
that is not representative of the observed building performance (i.e., no damage) and ISDs
calculated from string potentiometer data appears to under-estimate the true drifts. For
1D motions, ISDs calculated from the string potentiometers are more representative of the
observed building performance. At larger hazard levels, both methods produce similar time

history results.

While experimental ISD results calculated in this document may differ slightly from the
actual building behavior, the numerical and experimental results can still be compared in
the three example ground motion tests shown in Figures 7.20, 7.21, and 7.22. In general,
the numerical model was able to predict ISD behavior relatively well. Similar to the floor
displacement discussion, the numerical model seems to slightly over predict response in the
east-west direction and slightly under predict response in the north-south direction. This
discrepancy is likely because the numerical model does not include the stair system and

gravity framing contributions that are more prominent in the east-west shaking direction.
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Peak ISD profile comparison were also developed and are shown in Figure 7.23. While
time history results were only shown for three ground motions, ISD profiles are provided
for all 17 tests outlined in Table 7.3. In this figure, experimental results calculated from
both the accelerometers and the string potentiometers are provided. Additionally, peak
positive and peak negative response is shown. In the north-south direction, peak values
calculated from the string potentiometer data were not computed for Stories 4 and 5 due to
the missing string potentiometers. In the plots, a dashed line is added between story 3 and
6 results. This dashed line is intended to represent an extrapolation or prediction of what
likely occurred on those floors. In these plots, the numerical results show a much smoother
response up the height of the building. Both experimental methods (but particularly the
accelerometer calculation method) show the ISD profile up the height of the building to be
more jagged. These kinks in the profiles are likely from instrumentation recording errors or
insufficient data filtering (as discussed previously). While some of the smaller kinks could
be real building response, the larger kinks would mean the walls would have had to undergo
extreme curvature changes between stories. Most likely, this did not happen because the
rocking walls were continuous and saw no damage during testing. In general, the results
calculated from the accelerometer data are predicting larger peak response in comparison to
the string potentiometer data. Overall, these results show that the numerical model does a

relatively good job at predicting peak ISD values.
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Figure 7.23: Peak ISD comparisons of numerical and experimental results
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Figure 7.23: Peak ISD comparisons of numerical and experimental results
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Figure 7.23: Peak ISD comparisons of numerical and experimental results
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Peak ISD response of the building was summarized by looking at the peak ISD for all 17
ground motions studied in this document. Figures 7.24 and 7.25 plot the spectral acceleration
at the building’s period versus the absolute peak ISD for each component for both experimen-
tal and numerical results. In addition, the mean response for each hazard level is also shown.
Similar to Figure 7.18, the vertical axis of this plot is intended to represent earthquake in-
tensity. In Figure 7.24, experimental results were calculated using accelerometer (AC) data.
In Figure 7.25, experimental results were calculated using string potentiometer (SP) data.
For Figure 7.25, it was assumed that peak ISD values did not occur on Floors 4 or 5 in the
north-south direction because the string potentiometers here were missing. These figures
shows a relatively linear relationship between ground motion intensity and ISD. The mean
values shown in these plots are also summarized in Tables 7.9 and 7.10 for the accelerometer
and string potentiometer experimental result calculations, respectively. Note, in both the
figures and the tables, for the 1D motions (that only shook in the east-west direction), the
peak ISD results in the north-south direction were omitted from the mean calculation. At
MCER hazard, the experimental mean peak ISD, calculated from the accelerometer data
was 1.47% and 1.75% for the east-west and north-south directions, respectively. At MCEg
hazard, the experimental mean peak ISD, calculated from the string potentiometer data was
1.36% and 1.41% for the east-west and north-south directions, respectively. Recall, lateral
system design criteria aimed to limit peak ISDs to 2.25%.

Comparing mean peak ISDs for each hazard level in Figures 7.24 and 7.25 and in Ta-
bles 7.9 and 7.10, it can be determined that the numerical model generally under-predicted
peak ISD response. Note, especially for the results calculated from the accelerometer data,
part of this over-prediction could be attributed to errors in experimental ISD calculations
as discussed in this chapter. This comparison is more clear when looking at Figures 7.26
and 7.27, which plot numerical peak ISDs versus experimental peak ISDs; calculated from
the accelerometer data and string potentiometer data, respectively. A 1:1 diagonal line is
also shown in the figures, representing a perfect correlation between numerical and experi-

mental results. These figures show that experimental ISD results calculated from the string
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Figure 7.24: Summary of numerical and experimental peak interstory drifts - experimental

results calculated using accelerometer data
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Figure 7.25: Summary of numerical and experimental peak interstory drifts - experimental

results calculated using string potentiometer data

potentiometer data matched better with the numerical OpenSees data, in comparison to the
experimental results calculated from the accelerometer data. In the east-west direction, the
numerical model generally under-predicted peak ISD results, in comparison to both exper-

imental calculation methods. With the experimental results calculated from accelerometer
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Table 7.9: Experimental and numerical mean ISD results for each hazard level - experimental

results calculated using accelerometer data

Mean Peak ISD (%) - from Accelerometers

Hazard EW Direction NS Direction

Level Num. Exp. % Diff. Num. Exp. % Diff.
43-year RP  0.14 0.18 27.9% 0.16 0.20 21.4%
225-year RP 0.43 0.53 24.2% 0.59 0.65 10.6%
475-year RP 0.76 1.00 30.5% 0.82 1.00 22.8%
975-year RP  1.06 1.43 34.9% 1.11 1.32 18.7%

MCEgr 1.02 147 44.7% 1.41 1.75 24.4%

Table 7.10: Experimental and numerical mean ISD results for each hazard level - experimen-

tal results calculated using string potentiometer data

Mean Peak ISD (%) - from String Potentiometers
Hazard EW Direction NS Direction
Level Num. Exp. % Diff. Num. Exp. % Diff.
43-year RP  0.14 0.13 -6.7% 0.16 0.16 -3.8%
225-year RP 0.43 0.46 7.4% 059 0.51 -12.4%
475-year RP 0.76 0.73 -4.2% 0.82 0.73 -10.2%
975-year RP 1.06 1.36 282% 1.11 1.15 3.4%
MCER 1.02 1.36 33.8% 1.41 154 9.0%

data, the numerical OpenSees model also under-predicted peak ISD values in the north-souh
direction. However, with the experimental results calculated from string potentiometer data,
the numerical OpenSees model did a relatively good job at prediction peak ISD values in
the north-south direction. Note, the points with near zero numerical peak ISD values in the
north-south direction are the 1D motions where ISDs calculated from the accelerometer data

resulted in large erroneous building response.
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Figure 7.26: Summary comparison of numerical and experimental peak interstory drifts -

experimental results calculated using accelerometer data
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Figure 7.27: Summary comparison of numerical and experimental peak interstory drifts -

experimental results calculated using string potentiometer data

7.8.8  Wall Base Uplift and Compression

Lastly, experimental and numerical results were compared by looking at rocking wall uplift
and compression at the base of the wall panels. For this comparison, experimental results
were taken from unfiltered recordings of the linear potentiometers described in Section 7.5.3.
These results were compared to numerical results by identifying the zero length spring in

the multispring element that is closest to the location of each linear potentiometer. Figures
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7.28, 7.29, and 7.30 show time history uplift comparison plots for three example ground
motions. In each figure there are four sub-figures, one showing the uplift comparisons for the
linear potentiometers on each of the four walls. In each sub-figure the comparison plots are
organized in an orientation representative of the linear potentiometers layout on each wall
(refer back to the linear potentiometer layout schematic in Figure 7.7b). For example, Figure
7.28a shows the uplift comparisons for all linear potentiometer locations on the north wall.
The two plots in the top row correspond to the two linear potentiometers on the corners
of the north face of the north wall (ID #s 596 and 597 left to right). The six plots on the
bottom row correspond to the locations of the six linear potentiometers on the south face of
the north wall (ID #s 590, 591, 592, 593, 594, and 595, left to right).

Figures 7.28, 7.29, and 7.30 show that the numerical model can capture and predict the
general uplift behavior, however, it does not predict peak uplift and compression values very
well, particularly for small ground motions. This indicates that the multispring element uti-
lized in the OpenSees model can model uplift well to predict overall building performance,
however, the multispring input parameters, such as plastic hinge length and the mass timber
material model, likely need to be revised. This is consistent with visual performance assess-
ment of the building. Damage to the base of the wall panels was predicted, however, none

was observed during testing.
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Peak wall base uplift and compression deformation was summarized by looking at peak
values for all 17 ground motions studied in this document. Figures 7.31 and 7.31 plot spec-
tral acceleration at the building’s period versus peak wall base uplift and peak compressive
deformation for each wall, respectively. For the north and south walls, the spectral acceler-
ation at the building’s period was taken from the east-west ground motion component. For
the east and west walls, the spectral acceleration at the building’s period was taken from the
north-south ground motion component. In these plots, experimental and numerical results
from each individual ground motion are shown, in addition to the mean response value from
each hazard level. These plots show a slight nonlinear response. The mean peak uplift and
peak compressive deformation values are also summarized in Tables 7.11 and 7.12. Note,
these results are showing the peak uplift and peak compressive deformation results at the
location of one of the linear potentiometers on each of the walls, not the displacement of the
outer most fiber on the corner. While the location of the outer most linear potentiometer

was slightly different for each wall panel, they were in the same general area.

Table 7.11: Experimental and numerical mean wall base uplift results for each hazard level

Mean Peak Wall Uplift (in)

Hazard North Wall South Wall East Wall West Wall
Level Num. Exp. % Diff. Num. Exp. % Diff. Num. Exp. % Diff. Num. Exp. % Difl.
Level Num. Exp. % Diff. Num. Exp. % Diff. Num. Exp. % Diff. Num. Exp. % Difl.

43-year RP 0.00 0.02 2696.1% 0.00 0.01 197.3% 0.00 0.01 37.8% 0.00 0.02 1640.2%
225-year RP  0.07 0.13  74.5% 0.19 0.12 -37.9% 0.19 0.11 -39.7% 0.10 0.15 44.5%
475-year RP  0.30 0.31 5.9% 0.33 0.27 -193% 025 032 274% 033 031 -6.4%
975-year RP 049 0.89 81.7% 0.66 043 -34.7% 046 0.47 0.6% 054 0.67 24.1%

MCERgr 0.53 0.74 39.2% 0.82 0.64 -229% 068 064 -58% 0.58 0.58 -1.0%

Figures 7.33 and 7.34 compare numerical results versus experimental results for peak wall
base uplift and peak compressive deformation values, respectively. A 1:1 diagonal line is also
shown on the plots, representing a perfect correlation between numerical and experimental
results. On the north and south walls there were two ground motions where the numerical

model significantly under-predicted uplift, however, on the east and west walls, the numerical
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Figure 7.31: Summary of numerical and experimental peak wall base uplifts

Table 7.12: Experimental and numerical mean wall base compressive deformation results for

each hazard

level

Mean Peak Wall Compressive Deformation (in)

Hazard North Wall South Wall East Wall West Wall
Level Num. Exp. % Diff. Num. Exp. % Diff. Num. Exp. % Diff. Num. Exp. % Diff.
43-year RP -0.01 -0.01 47.7% -0.01 0.00 -37.0% -0.01 0.00 -61.1% -0.01 -0.02 154.8%
225-year RP -0.03 -0.06 74.2% -0.03 -0.02 -33.6% -0.03 -0.02 -37.3% -0.04 -0.07 83.7%
475-year RP -0.06 -0.07 28.5% -0.05 -0.03 -33.8% -0.04 -0.03 -32.0% -0.06 -0.08 45.9%
975-year RP  -0.08 -0.09 16.3% -0.07 -0.05 -31.4% -0.06 -0.04 -40.8% -0.08 -0.12 43.5%
MCEgR -0.09 -0.11 15.7% -0.08 -0.06 -31.8% -0.08 -0.05 -39.2% -0.09 -0.14 55.5%
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Figure 7.32: Summary of numerical and experimental peak wall base compression deforma-

tions

model generally over-predicted uplift slightly. For peak wall base compressive deformation

values, the numerical model slightly under-predicted experimental results on the north and

south walls. For the east and west walls, the numerical model slightly over-predicted exper-

imental results for peak compressive deformations at the base of the wall panels. Overall,

the model prediction is in reasonably good agreement with the experimental results in terms

of predicting uplift response.
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Figure 7.34: Summary comparison of numerical and experimental peak wall compressive

deformations
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7.9 Summary

In this chapter, the testing plan, performance, and comparison of experimental and analyti-
cal results for the post-tensioned mass timber rocking wall system in the NHERI TallWood
building are presented. The test specimen was tested during May 2023 at the large outdoor
shake table facility at UCSD. The building was tested under uniaxial, biaxial, and triaxial
ground motion records scaled to five hazard levels (43-year return period, 225-year return
period, 475-year return period, 975-year return period, and MCEg). The unique seismic haz-
ard of Seattle, Washington was captured by testing interface, intraslab, and crustal ground
motions at all hazard levels. The experimental building behavior was determined from a

variety of instrumentation recordings.

7.9.1 Performance of 10-Story NHERI TallWood Lateral Force-Resisting System

The four post-tensioned mass timber rocking walls met and exceeded design performance
objectives. During the intensive testing plan that included more ground motions than any
real building would ever experience, the rocking walls and their connections experienced
little to no damage. The design criteria at MCER seismic hazard limited peak ISDs to
2.25% for the suite mean. Three MCER ground motions were run in the testing plan. The
mean peak [SDs, calculated using filtered and double integrated accelerometers on each floor,
were 1.47% and 1.75% for the east-west and north-south directions, respectively. The mean
peak ISDs, calculated using the diagonal string potentiometer data, were 1.36% and 1.54%
for the east-west and north-south directions, respectively. These values are all below the
2.25% ISD limit, indicating the lateral system met design criteria limits for ISD. At MCER,
design criteria was also enforced for a series of force and deformation-controlled actions.
Building components with enforced force-controlled actions are intended to remain elastic
during earthquake shaking. All components designed for force-controlled actions (most of
the lateral connections and the mass timber wall panels under axial-flexural loads and shear

loads) appeared to remain elastic, satisfying this design criteria. Building components with
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enforced deformation-controlled actions are expected to undergo nonlinear behavior during
earthquake shaking. Two primary deformation checks were used for design and both satisfied
design limits during testing. The first was limiting deformation of the UFPs to prevent
fracture of the UFP and it’s connections. The second was limiting deformation of the wood
at the base of the wall panels. In design, yielding was allowed at MCER, however, in testing
no damage to the base of the walls was observed. In summary, the post-tensioned rocking
wall lateral system performed as designed, or perhaps better than designed, validating the

presented performance-based design procedure used to design the system.

7.9.2  Comparison of Experimental and Analytical Results

As part of the performance-based design procedure used to design the post-tensioned rocking
wall lateral system, a 3D nonlinear numerical model was developed to determine component
demands and predict building performance. In this chapter, predictions from the numerical
model were compared to experimental building performance. For this comparison, the true
ground motions executed by the shake table were input into the OpenSees model and the
damping was increased from 2% to 6% based on the damping study presented in Section 7.7.
Apart from these two modifications, no other changes were made to the OpenSees model.
For this comparison, floor displacements, ISDs, and wall uplift values were examined. Over-
all, predictions from the numerical OpenSees model matched well with measured building
response at all five hazard levels.

Using the filtered and double integrated accelerometer data to determine experimental
results, floor displacement values match very well while calculated ISDs did not match as
well. When recorded data from two floors are subtracted to calculate ISDs, results are
produced that are not representative of the observed building behavior. It is suspected that
minor issues with accelerometer installation or issues with the filtering and double integration
procedure used is the cause of these issues. The erroneous building behavior that shows up in
ISD calculations could explain why the experimental and numerical floor displacement data

matches better than the ISD data. Despite these differences, it is concluded that from a
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global performance standpoint, the presented numerical modeling methodology does a good
job at predicting true building performance. Note, the numerical model does not include
strength or stiffness contributions of the gravity framing connections, nonstructural walls, or
stairs. Because the model can still predict overall building performance, it is concluded that
the rocking walls dominate the overall behavior of the building system.

From a global building response prospective, the numerical model was able to predict
building performance well. At the local level, numerical and experimental results were com-
pared by looking at base uplift of the post-tensioned rocking wall lateral system. The model
did a good job at predicting overall uplift behavior when looking at time history results.
However, the model did not capture peak response as well. This indicates that the true
material model for the behavior of the rocking wall in compression and/or the plastic hinge
length assumed for modeling purposes may not predict true performance as well. This is
also true because the the numerical model predicted damage to the base of the wall panels,

but no damage was observed during testing.
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Chapter 8

EFFECT OF BUILDING PERIOD AND WALL ASPECT
RATIO ON THE SEISMIC PERFORMANCE AND MOMENT
AMPLIFICATION OF TALL POST-TENSIONED MASS
TIMBER ROCKING WALLS

8.1 Overview

The most critical part of the post-tensioned rocking wall lateral system design for the NHERI
TallWood 10-story building was the capacity of the splice connection and the capacity of the
rocking wall panel under combined axial loads and bending. These were the demand to ca-
pacity checks that were either closest to 1.0 or exceeded 1.0. In design, they were controlled
by the moment envelop demands from nonlinear response history analysis (NLRHA) which
showed a large amplification of moment demands at mid-height of the rocking wall due to
higher mode effects. As discussed in Section 2.7 of the literature review, dynamic amplifica-
tion of forces in upper stories from higher mode effects is common for base rocking systems
due to the flexibility of these systems. Typical code-based lateral force distributions for
determining the design base overturning moment, such as equivalent lateral force (ELF) pro-
cedure or modal response spectrum analysis (MRSA), do not capture the amplified shape of
the force envelopes. A nonlinear model needs to be created, which is not typical for standard
code-based design procedures. However, as shown in the 10-story design, this amplification
needs to be accounted for. It is important to quantify an amplification relationship between
standard design practice and observed response for nonlinear models that could someday be

adopted into code.

Understanding the true design moment envelope becomes particularly important for the

discussion of tall buildings as past research has shown that moment amplification increases
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with increasing period. It is also important as horizontal construction joint splices must
be introduced into the design once the height of the wall exceeds manufacturing and trans-
portation size limitations. Design and construction experience from the 10-story NHERI
TallWood project showed that meeting design requirements and executing the construction
of these joints was challenging, thus, avoiding the location of maximum moment should an
important design consideration.

As discussed in Section 2.7 of the literature review, previous researchers have observed
and studied these force amplifications from higher mode effects in many types of base rock-
ing systems including precast concrete rocking walls, rocking steel braced frames, and post-
tensioned mass timber rocking walls. Wiebe and Christopoulos [2015] proposed and validated
a method for calculating the peak moment demand that accounts for higher mode effects
without developing a nonlinear model. Introducing additional rocking joints up the height
of the structure has been proposed by many (Wiebe and Christopoulos [2009], Wiebe and
Christopoulos [2015], Kovacs and Wiebe [2019], Pilon et al. [2019], Alegria [2022], and other)
as means to reduce the effects of moment amplification. These studies have shown that intro-
ducing additional rocking planes is effective in reducing demands and does not have a large
impact on drift performance. While adding additional joints is effective, little research has
been done to quantify the magnitude of moment amplification that exists if a continuous wall
is used or to study how different parameters affect the moment amplification of continuous
walls. Alegria [2022] studied post-tensioned rocking wall lateral systems with different wall
aspect ratios and found that narrower panels are more susceptible to higher mode effects,
moment amplification, and increased drifts, however, also indicated that this was likely a

result of increased flexibility in the more narrow walls.

The study presented in this chapter focuses on continuous walls post-tensioned mass tim-
ber rocking walls. Six total archetypes, three 6-story buildings and three 12-story buildings,
were designed following force-based prescriptive procedures. For designs of the same height,
the overall building period was held constant to study the impact of aspect ratio indepen-

dently of building period. Nonlinear models for each design were assessed using ground
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motion suites at seven hazard levels. The results from this study are used to look at four

different relationships that have not been addressed in past research. They are as follows:
1. Study the impact of wall aspect ratio in terms of building performance and its effect

on moment amplification, independent of building period

Study the effect of building period using building at different weight

Study the effect of increasing hazard level on moment amplification

Study the location of peak moment up the height of the walls to aid in splice design

AT ol

Perform these comparisons with respect to demands calculated from MRSA, a typical

code-based method for determining force demands
8.2 Archetype Descriptions

This study looks at a 6-story building and a 12-story building to investigate the effects of
period on building performance and moment amplification from higher mode effects. Three
different lateral system designs are presented for each of the two building heights, resulting
in six total archetype designs. The three different designs for the two building heights
investigate the effects of wall aspect ratio. This was done by changing the number of walls in
each direction to maintain a constant first-mode elastic period and overall building stiffness
at each weight. The six archetypes are summarized in Table 8.1. The first linear period
shown in this table is the period of the first mode, obtained from the eigenvalue analysis
on the linear elastic model used to complete the MRSA (discussed in more detail in Section
8.4.1). The number of walls listed in Table 8.1 are the number of walls in one building
direction.

The building floor plans used for this study are intended to represent typical mid-rise
office buildings (risk category II) in the United States. The archetypes were designed for the
same Seattle, Washington location used for the 10-story NHERI TallWood test specimen.
Given that both the 10-story specimen and these archetypes are designed for office occupancy,
the same site seismic parameters were used (see Section 6.3). For design, a constant dead

load of 60 psf and a constant live load of 65 psf (50 psf for office loading and 15 psf for office
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Table 8.1: Parametric Study matrix of analyzed building archetypes

Archetype ID
6-AR1 6-AR2 6-AR3 12-AR1 12-AR2 12-AR3

Number of Stories 6 6 6 12 12 12
1% Linear Period 1.51 1.51 1.51 2.84 2.84 2.84
Number of Walls X 4 8 12 4 8 12
Wall Aspect Ratio 4.1 5.4 6.3 6.0 7.7 8.9
Floor Weight 1347 k 1347k 1347k 1316 k 1316 k 1316 k
Floor Plan 100 ft x 200 ft

partition loading per ASCE/SEI 7-16) was assumed on all floors. A total seismic weight
of 70 psf was assumed on all floors (1347 kips and 1316 kips per floor accounting for core

openings for the 6-story and 12-story archetypes, respectively).

All six building archetypes had the same symmetric 100 feet by 200 feet rectangular
floor plan. The story height for the first floor was 20 feet and the remaining stories were
all 12 feet. Figure 8.1 shows the baseline floor plan for both the 6- and 12-story archetype
designs. These floor plans are for the designs with the smallest wall aspect ratios and fewest
number of walls for each building height (labeled as AR1). The floor plans for the archetype
designs with the higher aspect ratios and larger number of walls in each direction (labeled as
AR2 and AR3), are not shown directly, but are proportionally equivalent. As discussed in
the numerical modeling section (Section 8.3) all analyses were conducted in two-dimensions.
For each archetype, a single post-tensioned rocking wall in the x-direction was designed and
analyzed and torsional effects were neglected. Because the buildings are symmetric, the

presented designs could be representative of all the walls in the building.

This study used APA certified IB MAX-CORE glulam columns from SmartLam [APA,
2022]. The columns were designed for the 6-AR1 and 12-AR1 archetypes based on the floor
plans shown in Figure 8.1. The 6-AR1 column design was assumed for all three 6-story
buildings and the 12-AR1 column design was assumed for all three 12-story buildings. This

is a reasonable assumption as the column layout would only have to be modified slightly to
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accommodate the increased number of walls in each direction and the different wall lengths

since the total lateral building stiffness remains the same for all buildings of the same story

height. All column sizes, including the gravity and the boundary columns, were the same

for each building height and a constant cross section was assumed for the whole height. The
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columns were designed using ASD in accordance with the NDS with a 2-hour fire safety
rating. The ASD load case D + L was used for design and accounted for live load reduction.
Detailed calculations for the column design will not be included in this document as standard
design procedures were used. Table 8.2 summarizes the reference values needed for design,

the modeling parameters (which will be used in Section 8.3), and the final column dimensions.

Table 8.2: Glulam column properties used for the archetype designs

IB MAX-CORE Glulam Column Properties

Grade: N1D14

Combination Symbol: MAX-CORE Combination No. 50
Manufacture: SmartLam

Reference Design Values units
Comp. parallel to grain F., 2300 psi
MOE for x-x axis buckling E, ,,in 1.00E4-06 psi
MOE for y-y axis buckling F n 1.00E4-06 psi
Modeling Properties
MOE for x-x bending By true 2.00E+406 psi
MOE for y-y bending Ey true 2.00E+06 psi
Glulam Column Dimensions
6-Story 12-Story

Column width w 14.25 18 in
Column depth d 16.5 22 in
Number of columns Neol 52 56

Grade E21M2 CLT from SmartLam was used for the post-tensioned rocking walls in
this study [APA, 2023b] [SmartLam, 2023]. As discussed in Section 8.4, the 7-maxx and 9-
maxx layup were used for the 6- and 12-story archetype designs, respectively. These layups
are slightly different than a traditional CLT panel as the outer two laminations on each
face are both longitudinal layers, oriented in the strong axis direction. This results in a
slightly stronger material when utilized as shear walls, which was needed to meet design
requirements for these tall building designs. Table 8.3 includes the design reference values
from the manufacturer that are needed to complete the design. Note, for the in-plane shear

stress design value, F), .99, a value from a different manufacturer, with a comparable CLT
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grade and layup design (E1IM7 from APA [2023a]), was used. This was done because the
values reported by SmartLam in SmartLam [2023] were derived analytically and were very
conservative. The values used from APA [2023a] were obtained from certified material tests

and are more representative of the real strength.

Table 8.3: CLT wall properties used for the archetype designs

CLT Wall Properties

Grade: E21M2
Manufacture: SmartLam

Design values - major strength direction units
7-maxx  9-maxx
Compressive stress F, 1875 psi
Tensile stress Fy 1575 psi
Flexural stress F, 2100 psi
MOE Ey 1.80E4-06 psi
Eff. bending stiffness El.ro 1.49E+09 2.96E4+09 1b in?/ft
Eff. bending shear stiffness GA.sro 1.20E4+06 1.50E+06 1b/ft
In-plane shear stress® Fye00 235 235 psi
Modeling parameters

long/total lamination ratio - 5/7 6/9 -
Effective MOE Eers 1.29E+06 1.20E+06 psi
Effective shear modulus Gefr 8.00E4+04 8.00E+04 psi
Yield stress fy.cit 3214 3000 psi
Splitting strain €s clt 0.0079 in/in
Crushing strain Ecrclt 0.0398 in/in
Plastic hinge length Ly 28.80 54.72  in

¢ In-plane shear stress design values taken from different manufacturer specifications

Also included in Table 8.3 are the modeling parameters that are utilized in Section 8.3.
The effective MOE values shown, E, s, were calculated by multiplying the MOE of the major
strength direction panels, Ey, by the ratio of longitudinal layers to total number of layers
(5/7 for the 6-story archetypes with the 7-maxx layup and 6/9 for the 12-story archetypes
with the 9-maxx layup). Note, this is a simplified and more conservative version of the

previously presented Equation 6.1. As shown, the same effective shear modulus, G.ss, as
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the one used for the 10-story NHERI TallWood modeling was assumed. The compression
strength of the wood parallel to grain, f, .4, was taken as the LRFD strength defined per
the NDS and adjusted by the ratio of longitudinal layers to total number of layers (i.e.,
Kp x XA x F, x5/7 for the 7-maxx CLT in the 6-story archetypes and Kp x A x F,. x 6/9 for
the 9-maxx CLT in the 12-story archetypes, where K is equal to 2.4 and A is equal to 1.0).
Again, the compression behavior of CLT in the parallel to grain direction past yield has
not been standardized. Thus, for this study, the same post-yield behavior assumed in the
10-story NHERI TallWood building model was used here (presented graphically in Figure
6.3a). This includes using the same splitting, €, and crushing, €., strains as used for
modeling the 10-story test. This is a valid assumption as the two materials are similar and
the primary purpose of this study is to investigate the relative performance between the
designs and not define final recommendations. The assumed plastic hinge length used for
modeling is also included in Table 8.3. Details and assumptions relating to the plastic hinge
length are discussed in the numerical modeling section (Section 8.3).

As shown in Figure 8.1, this study assumes a boundary column configuration for post-
tensioned rocking walls. In all designs the walls are post-tensioned with a number of ASTM
F1554 Grade 105 fully threaded rods (£, = 29000 ksi, fy,: = 105 ksi, fiufp = 125 ksi) that
run the entire height of the walls and are located at mid-width and on each face of the walls.
Note, any center-line offsets of the bars that would be necessary for installation are neglected
in the models since these models will only consider 2D behavior. For all the designs, rocking
wall panels connect to the boundary columns using a number of UFPs. The UFPs are all
made of ASTM A572 Grade 42 steel (Eyp, = 29000 ksi, fy ., = 42 ksi, and f, .5 = 60
ksi). Table 8.4 summarizes the final designs for the six archetypes. Details discussing the
procedure for designing the lateral systems and the limit state checks made will be discussed

in detail in Section &.4.
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Table 8.4: Summary of the archetype lateral system designs

Archetype 1D
6-AR2 6-AR3 12-AR1 12-AR2 12-AR3 units

6-AR1

‘Wall Panel Details
7-maxx 7-maxx 7-maxx 9-maxx 9-maxx 9-maxx

CLT Layup

Wall thickness bw 9.625 9.625 9.625 12.375 12.375 12.375 in
Eff. wall thickness byeff 6.875 6.875  6.875 8.25 8.25 8.25 in
Wall length Ly 234 178.25 153.25 306 237.75 206 in
height of walls hw 960 960 960 1824 1824 1824 in
UFP Details

UFPs per wall side Nufp 24 12 12 12 12 12

UFP width by, 7 6 7.25 12.5 7.75 5.75 in
UFP thickness tu 0.5 0.625 0.5 0.625 0.625 0.625 in
UFP diameter D, 4.25 4.25 4.25 4.25 4.25 4.25 in
PT Bar Details

Number of PT bars  ny 8 6 6 8 8 6

Area of one PT bar A 1.9 1.405 1.155 2.5 1.405 1.405 in
Total Initial PT force T, 640 420 330 880 520 420 k
Initial PT force ratio Toypt/TyJ,t 0.40 0.47 0.45 0.42 0.44 0.47

8.3 Numerical Model Development

As discussed below in Section 8.4, a linear numerical model for each archetype was developed
in OpenSees to perform the modal response spectrum analysis needed for the prescriptive
design of the different lateral systems. Additionally, a nonlinear model was also developed
in OpenSees for conducting a NLRHA on the final designs for performance assessment and
to study moment amplification from higher mode effects. Both models were developed in
two-dimensions and represented just one of the walls in the x-direction. Both models were
developed using techniques similar to those used for modeling of the 2-story and 10-story
NHERI TallWood test specimens. This section will give an overview of each model and will

highlight the differences from the previously presented modeling procedures in this document.
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8.8.1 Linear model development

The linear model used for MRSA was a simple single cantilevered wall model. As recom-
mended by Busch et al. [2022] and to maintain consistency with currently industry methods,
the wall was modeled with a fixed base and excludes the PT bars, the UFP elements, and
the boundary columns. The goal of this model was for it to be representative of what would
be used by practicing engineers, likely using a commercial software such as SAP2000 or
ETABS. In practice, the full building would be modeled to capture torsional effects in the
building. However, because the buildings investigated in this study are symmetric, resulting
in low torsional effects, a 2D linear model of a wall and its proportional mass are used for
the linear analysis. The walls were modeled using force beam column elements with the wall
dimensions b,, and L,, shown in Table 8.4 and used approximately a 2 inch X 2 inch mesh
size. Similar to the NHERI TallWood 10-story model, an elastic material model with slope
equal to E.s¢ from Table 8.3 was applied to the element. Shear deformations were accounted
for using the section aggregator command in OpenSees and an effective shear modulus of
Gless from Table 8.3 (see Section 6.5.1 from the 10-story chapter for more explanation). As
shown in the results of this study (Section 8.5), the moment contribution from the UFPs,
even in the linear model, is non-negligible, however, they were excluded to be consistent
with industry standards. In this model, mass proportionally equivalent to the total number
of shear walls was applied at wall nodes located at each floor level. Gravity loads were not

applied as this model was only used for MRSA.

8.3.2  Nonlinear model development

Two-dimensional nonlinear numerical models were also developed for each archetype design.
One wall was modeled for each of the archetype designs. As discussed below, the gravity
columns, mass, and gravity loads applied to each model were proportionally equivalent to
the total number of walls in the x-direction of the building. Figure 8.2 shows a schematic of

the nonlinear numerical model developed in OpenSees for the 6 different archetype designs.
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Figure 8.2: Numerical model schematic used for the parametric study

The elastic portion of the rocking wall was modeled as described in the preceding linear
model developed section. The inelastic compressive deformation of the wall base and the
rocking behavior was modeled using the same multispring contact element used for both the
2-story and 10-story NHERI TallWood models. See Section 6.5.1 from the 10-story design
chapter for a detailed explanation of this element and the shear resisting supports at the
upper corners of the spring elements. The only modification made to this element is the
conversion from 3D to 2D. Because these models were completed in 2D, only a single line
of springs, distributed using the Labatto Integration method, was used. Figure 6.16a shows

the material model applied to each spring. Reference Table 8.3 for the material properties
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used. Also, see Section 6.5.1 for a discussion on how the assumed plastic hinge length, [,,
is used to convert from the stress-strain constitutive model to the force-deformation model
needed for the zero length springs. Similar to the 10-story model, an additional elastic truss
element with area calculated using Equation 6.3 was added to combat the increased axial
flexibility from the multispring element.

As discussed in the modeling sections for the 2-story and 10-story NHERI TallWood build-
ing specimens, the concept of the plastic hinge length is adopted from reinforced concrete
walls. ACI [2009] defines the plastic hinge length as 0.06 x h,, for unbonded post-tensioned
precast shear walls. Currently there is no defined value for what should be used with post-
tensioned rocking mass timber walls. Thus, a plastic hinge length of 0.03 x h,, was used for
this study, resulting in plastic hinge lengths of 28.80 inches and 54.72 inches for the 6-story
and 12-story archetypes respectively (Table 8.3). This was based on the 0.06 x h,, recom-
mendation in ACI [2009], but reduced. This value was reduced as research in post-tensioned
rocking mass timber walls have typically used shorter plastic hinge lengths [Akbas et al.,
2017]. For example, Busch [2023] used a plastic hinge length of 24 inches and 36 inches for
walls that were 80 feet and 152 feet respectively (the same wall heights used in this study).

The PT bars were modeled using corotational truss elements that connect a fixed node
at the base to the top of the rocking wall element. The material model used for the 10-story
model (shown in Figure 6.16d) was also used for these models. Reference Table 8.4 for the
PT bar details for each archetype. Similar to the 10-story model, an increased PT bar force,
T, pe*, calculated using Equation 6.4, was applied to the PT elements using the initial strain
wrapper in OpenSees to compensate for prestress losses due to wall shortening.

The boundary columns were modeled using continuous elastic beam column elements
pinned at the bases. The geometric and material properties used for these columns are
shown in Table 8.2. Each UFP was modeled using a zero length spring element located
at the midpoint between the wall edge an the respective boundary column edge (note, for
all archetypes, the distance from the edge of the wall face to the center of the respective

boundary column was equal to 15 inches). Material properties were only assigned to the
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vertical degree of freedom, as described in the 10-story modeling discussion (Section 6.5.1).
The material model shown in Figure 6.16¢ was used with stiffness and yield force defined by
Equations 3.4 and 3.2, respectively. Reference Table 8.4 for the input parameters for each
archetype design.

For each archetype, the gravity system was modeled using a p-delta column, as shown in
Figure 8.2. While detailed calculations and drawings were only done for archetypes 6-AR1
and 12-AR1, the size of the p-delta gravity column in each archetype was scaled so it was
proportional to the full building based on the number of rocking walls in each design. In
these models, the gravity loads were applied at nodes on the p-delta column, located at each
floor level. A fraction of the total building floor weight (shown in Table 8.1) was applied in
each model, based on the total number of structural walls in each building direction. For
example, a load of 1347 kips x 1/4 was applied to each floor level for archetype 6-AR1. An
equivalent horizontal seismic mass was assigned to the wall node each each floor level. The
p-delta gravity column was tied to the wall nodes using a horizontal equal degree of freedom

constraint in OpenSees at each floor level.
8.4 Rocking Wall Design Procedure

The six archetypes studied were designed using a procedure representative of a prescriptive
procedure that would be used by practicing engineers if these rocking wall lateral systems
were accepted into US design codes. It is similar to the prescriptive procedure presented
in Busch et al. [2022] and the first two phase of the design procedure used for the 10-story
NHERI TallWood building design (described in detail in Sections 6.6.1 an 6.6.2). First, a
MRSA was completed to check drift limits and determine design rotation demands. Then,
the design rotation demands were used with a set of component level limit state checks
to design the PT and UFP elements and determine the design moment capacity of the
connection. Finally, the capacity of the wall panels in shear and combined axial loading and
flexure (net-compression and net-tension) were checked. This section will outline the exact

procedure used and identify the modifications made from the 10-story design procedure.
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8.4.1 Modal Response Spectrum Analysis

The first phase of the design procedure was to complete a drift analysis check and determine
rotation demands at the base of the rocking wall using results from a MRSA using DBE
demands. The linear model presented in Section 8.3.1 was used to complete this analysis.
As part of the MRSA, an eigenvalue analysis was conducted on the linear models. The
first mode period from these analyses are shown in Table 8.5 which summarizes the results
from the MRSA. By design, the elastic first mode periods are identical for all archetypes of
the same height. The ISDs for each archetype were checked against a 2% limit state using a
MRSA and DBE demands. For this check R = 6 and C; = 6 were used. See Section 6.6.1
for a more detailed discussion and background information for this check. Figure 8.3 shows
the distribution of story drifts under the DBE demand for all six archetypes. As shown, all
archetypes meet the 2% ISD limit state check. The drift distributions for the three 6-story
archetypes are very similar to each other and the drift distributions for the three 12-story
archetypes are also similar to each other. This is expected as the elastic first mode period
across the archetypes of the same height are identical. The 12-story archetypes reach slightly

larger ISDs which is also expected since the building period is larger.

Table 8.5: MRSA results per wall for each archetype design

Archetype ID
6-AR1 6-AR2 6-AR3 12-AR1 12-AR2 12-AR3 units
1st Linear Period T tinear  1.51 1.51 1.51 2.84 2.84 2.84  sec
DBE rotation demand 6pgg 0.0069 0.007 0.007 0.0075 0.0077 0.0078 rad
MCER rotation demand 0ycp, 0.0121 0.0122 0.0122 0.0129 0.0131 0.0123 rad
MRSA moment demand M, 123186 60096 39734 207952 98455 64173 kin
MRSA shear demand V. 216 108 72 261 130 87 k

Using results from the MRSA at DBE demands, the rocking wall rotation demands at
the base of the walls at DBE, 0ppg, and MCER, 0ycE,, were calculated as described in
Section 6.6.1, using Equations 6.12 and 6.13. The rotation demands calculated for each

archetype are summarized in Table 8.5. Because the linear first mode periods are the same
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for archetypes of the same building height, the rotation demands are also similar. These are

the rotation demands that will be used in the prescriptive design procedure.
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Figure 8.3: ISD results from MRSA of the six archetypes

Figure 8.4 shows the wall shear and moment distributions from the MRSA for each of
the six archetypes. For these plots, the wall shears and moments representative of the whole
building are shown (i.e., the results from the analysis were multiplied by the total number of
walls in the building). Additionally, the heights have been normalized by total wall height
to compare the distributions up the wall heights of the two different period buildings. These
plots show that only period (i.e., building height for these archetypes) affect the demands
calculated from MRSA and wall aspect ratio does not. The peak shear, V,,, and moment,
M,, demands per wall from MRSA at DBE hazard are summarized in Table 8.5. These are

the values that will be referenced for capacity checks.
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Figure 8.4: Wall (a) shear and (b) moment results from the MRSA on the OpenSees model
of the six archetype designs

8.4.2  Cross-Sectional Analysis Design Procedure

The second phase of the design procedure uses a modified version of the previously presented
iterative cross-sectional analysis procedure (Section 3.3.1) to estimate the moment capacity
of the rocking wall systems at DBE and MCEg, using the rotation demands from the MRSA.
Another example of the cross-sectional analysis procedure can be found in Section 6.6.2 for
the 10-story NHERI TallWood building design. One modification to the procedure used for
the 10-story building, was that the yield strain for the UFP steel was used to calculate the
yield force of the UFPs at MCERr demands as opposed to the ultimate strain. It was found
that using the yield force in these calculations more closely matched the UFP forces in the
numerical models since the increase in force past yield is minimal for the deformations in
these UFPs. For this step of the design procedure, the UFP and PT bar properties were

adjusted until the required checks were met and the desired designs were achieved. Figure 8.5
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shows a free-body diagram of the base of the wall panels that was used for this procedure to
calculate the total moment capacity of the wall system. Table 8.6 summarizes the key forces

and compression distances for the DBE and MCEg rotations for each of the six archetypes.

wood 1 wood 3

wood 2

Figure 8.5: Free-body diagram of the rocking walls used for the design of the six archetypes

in the parametric study

In Table 8.6 the calculated moment capacity of the lateral system is shown at the bottom.
Here, the moment of the full wall assembly, Mssempiy, has been separated into two compo-
nents: (1) the moment capacity from the UFPs, M,s,, and (2) the moment capacity from
the wall panel itself, M, calculated as the contribution from the compression forces at the
base of the wall and the PT bar forces. When added together, these equal the full assembly
moment (see Equation 3.34). Table 8.6 also shows ¢M,,. This is the moment capacity at
DBE demands that would typically be used for design, where ¢ is the strength reduction

factor equal to 0.9 for compression parallel to grain in accordance with the NDS.
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8.4.3 Check Design Limit States

The next step of the design procedure was to check the same design limit states outlined in
Section 6.6.2. The four limit states were: (1) restoring ratio, (2) energy dissipation ratio, (3)
limit damage to the base of the wall, and (4) limit PT bar yielding at MCERr demands.

The only limit state check that was modified from the 10-story design was the check for
damage at the base of the wall. For the 10-story design, the strains at the base of the wall
were defined to limit splitting of the wood under DBE demands (recall, €5+ = 0.0079 in/in
and €.,y = 0.0061 in/in for the NHERI TallWood 10-story building). This was a fairly
strict limit state and was enforced to ensure the integrity of the wall through the repeated
ground motions and multiple phases of testing. However, for this parametric study, a less
conservative strain of 0.015 in/in was used as the limit for the wood strain at the base of
the walls under DBE demands. This value was used as recommend by Busch et al. [2022].
It results in a less stringent check but would still be considered code compliant and more
reasonable for a typical building that will not experience the large quantity of ground motions
experienced by the NHERI TallWood 10-story specimen.

Table 8.7 summarizes the results of the four limit state checks. The results of these four
limit states were used to determine the different designs. Similar restoring ratios, energy
dissipation ratios, and PT yielding ratios were targeted when selecting the designs for the
six archetypes. The PT bar and UFP properties were modified for each archetype design
until these ratios were all similar and satisfied. The damage to the base of the wall limit state
check decreases as aspect ratio increases. This is reasonable as one would expect the strains
to decrease with more slender walls since the lever arm at the base decreases. Additionally,
because the archetypes of the same height had similar rotation demands, the strains were

larger for the longer walls.
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Table 8.7: Summary of design limit state checks and moment ratios for the six archetypes

Archetype ID
6-AR1 6-AR2 6-AR3 12-AR1 12-AR2 12-AR3

Limit State Checks

Restoring Ratio > 1.0 1.08 1.06 1.07 1.06 1.01 1.10
Energy Dissipation Ratio, § > 0.125 0.17  0.18  0.18 0.18 0.19 0.18
DCRy00q at DBE < 1.0 0.76  0.50  0.42 0.50 0.34 0.29
DCR,¢ yieta at MCER < 1.0 0.63 0.68 0.63 0.61 0.61 0.63
Assembly Capacity at DBE

M., /oM, 0.97 098  0.98 0.94 0.96 0.94
Moment Ratio

Massempiy.mceg | My, 1.072 1.088 1.092 1.090 1.084  1.064
Periods

T jinear (S€C) 1.51 1.51 1.51 2.84 2.84 2.84
T nontinear (S€C) 1.33 124  1.23 2.35 2.24 2.19

8.4.4 Check Flexural Demand versus Capacity

After completing the local component limit state checks, the last step of the design procedure
is to check the reduced moment capacity of the rocking connection at DBE demands (i.e.,
OM,, = ¢Maussembiy,ppr) with the MRSA moment demand, M,,. Table 8.7 shows the results
of this check for all six archetypes. This ratio was another key parameter used to determine
the final designs for this parametric study. The PT bar and UFP properties were adjusted
to ensure this ratio was close to 1.0 for all designs.

Also shown in Table 8.7 is a moment ratio of the calculated assembly moment capacity at
MCEpg demands to DBE demands (i.e., Mossembiy,vicEr/Massembly, 0BE = Massembiy,mcEg /M)
This ratio will be discussed in more detail in the results section, however, it is important to
note that this factor is relatively low. In a linear elastic design, a value of about 1.5 can be
expected for this ratio because that is the ratio between the two hazards. However, because
this is a force limiting system where the base of the walls rock, the base moment is limited
after uplift and additional moment capacity comes only from the small increase in PT bar

force.
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The first mode period from eigenvalue analyses of the linear model and the nonlinear
model are also shown in Table 8.7. As discussed previously, the archetypes were designed
such that the linear first period modes would be the same for all archetypes of the same
height. The first mode period of the nonlinear model is smaller than from the linear model

due to the addition of the UFPs, which makes the system stiffer.

8.4.5 Wall Shear Check

The next step of the design procedure was to check the shear capacity of the CLT wall
panels under DBE demands. The procedure outlined in Section A.2.1 was used. Table
8.8 summarizes the key values for this check and the DCRs for each archetype. For the
demand calculations, the peak shear value, V,, from MRSA at DBE demands was used.
Manufacture design values were used to calculate the capacity. As shown in the Table, the
shear DCRs decrease with increasing aspect ratio because the stress demands also decrease
with increasing aspect ratio. Note however, that all the DCRs are well below 1.0. This is
common for post-tensioned rocking mass timber shear walls. As discussed in the next section,
satisfying moment capacity requirements is more challenging than shear requirements for

these systems.

Table 8.8: Summary of the CLT wall shear capacity checks

Archetype 1D
6-AR1 6-AR2 6-AR3 12-AR1 12-AR2 12-AR3 units

Shear Demand

MRSA peak wall shear DBE V, 216 108 72 261 130 87 k
shear stress fo 0.144 0.094 0.073 0.103 0.066 0.051  ksi
Shear Capacity

Adj. shear stress F/, 0.508 0.508 0.508  0.508 0.508  0.508 ksi

Shear DCR DCR 028 019 0.14 0.20 0.13 0.10
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8.4.6 Wall Combined Edgewise Bending and Azial Loading Check

Next, the capacity of the CLT wall panels were checked under combined axial and bending in
net compression and net tensioned under DBE demands. The procedures outlined in Section
A.2.2 and A.2.3 were used for the net compression and net tension checks, respectively. Table
8.9 summarizes the key values for both checks and the resulting DCRs for each archetype.
For the compression demand, the total PT bar force, calculated under DBE demands (from
Table 8.6) was used. For the bending demand, the total force in the wall, M4, was used
(also from Table 8.6). Note, this wall moment is equivalent to the total moment capacity of
the assembly Mssempiy minus the moment contribution from the UFPs, M, ,.

One modification made for this check with the archetype designs, compared to the 10-
story design checks is the modification of the effective panel length used in the bending
capacity calculations. The unbraced length used in the effective panel length calculation was
divided by a factor of 2 (i.e., L, = 1.84(l,/2)). This was done because the Cf, factor is highly
dependent on this length and varies significantly with modifications. This calculation is
thought to be highly conservative for the bending portion of the check and little experimental
research has been completed to date to refine this check.

Note, the net compression DCR checks are significantly higher than the net tension DCR
checks, meaning compression design controls. This was expected as the same was true for
the design of the 10-story NHERI TallWood building. As shown in the Table the DCRs
also decrease with increasing aspect ratio (i.e. the DCRs decrease as the walls become
more slender). This is because both the compression and bending demands decrease with
increasing aspect ratio. Additionally, while the compression capacity stays the same for the
different aspect ratios, the bending capacity increases with increasing aspect ratio because

the wall length is decreasing. This is also largely a result of contributions from C7.



Table 8.9: Summary of the CLT wall combined axial load and bending checks

346

Archetype 1D

6-AR1 6-AR2 6-AR3 12-AR1 12-AR2 12-AR3 units

Compression Demand

DBE Peak PT Force P, 902 539 415 1149 647 504 k
Compression stress fe 0.560 0.440 0.394 0.455 0.330 0.297 ksi
Bending Demand

MRSA peak wall moment DBE M,,,; 74624 35324 23710 119358 55778 36738 kin
Bending Stress fo 1.189 0.970 0.881 0.927 0.718 0.630 ksi
Compression Capacity

Unbraced panel length ly 240 240 240 240 240 240 in
PcE P.p 3087 2352 2022 7188 5585 4839 k
Column stability factor Cp 0.44 044 0.44 0.61 0.61 0.61
Critical buckling design value  F.g 1.919 1.919 1919 2.847 2.847  2.847 ksi
Adj. compression design value F 1.780 1.780 1.780 2.464  2.464  2.464 ksi
Bending Capacity

Effective panel length le 220.8 220.8 220.8 220.8 220.8 220.8 in
FbE Fr 3.121 4.098 4.766 3.542  4.558 5.261 ksi
Bending stability factor Cr 0.63 0.77 0.84 0.70 0.82 0.87

Adj. bending design value Fy 2.873 3.503 3.794 3.172 3.715  3.944 ksi
Tension Capacity

Adj. tension design value F/ 3.402 3.402 3.402 3.402 3.402 3.402 ksi
Combined Bending and Axial DCRs

Net Compression DCR 0.68 042 0.34 0.38 0.24 0.19

Net Tension DCR 0.18 0.16 0.14 0.14 0.11 0.10

8.5 Analysis Parameters

The performance of the six archetypes was studied using nonlinear response history analysis

(NLRHA). Nonlinear two-dimensional OpenSees models were developed for each archetype as

outlined in Section 8.3.2. The archetypes were then analyzed using the ground motion suites

developed for the 10-story NHERI TallWood building design which had the same design

location as the archetypes in this parametric study. For the 10-story design, suites of eleven

two-component ground motions were selected and scaled to seven hazard levels in accordance

with procedures outlined in ASCE/SEI 7-16. See Section 6.3 for a discussion on the site

location and the hazard levels and see Section 6.4 for a discussion on the ground motion
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selection and scaling procedures and the presented ground motion suites. The parametric
study models were two-dimensional, requiring single component ground motions, while the
10-story model was three-dimensional, requiring two-component ground motions. Thus, for
the parametric study, both components of the eleven ground motions were run as separate
analyses, resulting in twenty-two total ground motion analyses at each of the seven hazard

levels.

For this study, peak ISDs, peak strains at the base of the wall panels, peak wall shears,
and peak wall moments were studied. As an example, this section will show detailed analysis
results from the full MCER ground motion suite for archetype 12-AR3. Sections 8.6 and 8.7
will use just the overall peak values from each ground motion and the suite geometric mean
results for comparison purposes between the archetypes. Figure 8.6 shows the peak ISD
values for each story from each of the twenty-two MCEgR ground motions. Additionally, the
suite geometric mean of the peak ISD values on each floor is shown. This plot shows that
for this archetype, peak ISDs stayed below 2%, apart from four ground motions in the suite.

The geometric mean of all the ground motions was around 1.5%

Figure 8.7a and 8.7b show the peak wall shear and peak moment connection results up
the height of the building for all twenty-two ground motions at the MCEgR hazard. Again,
on both of these plots, the suite geometric mean of the peak values is also shown. The peak
assembly moment, M,gsempry, plotted in Figure 8.7b is the moment demand of the entire
rocking wall connection (i.e., Myssemby = Musp + Myau as shown in Equation 3.34 for the
base of the wall). This includes the contributions from the moment in the wall panel and
the moment contributions from the UFPs. At each point up the height of the building, this
value was calculated by taking the moment in the wall panel plus the moment contributions
from the UFPs. At each point up the height of the building the moment contribution from
the UFPs was calculated by taking the force in all UFPs above the specific height on the left
side of the wall multiplied by L, /2 plus the force in all the UFPs above the specific height
on the right side of the wall multiplied by L,,/2. Figure 8.7c shows a comparison of the peak

suite mean moment values for the moment in the wall, compared to the moment capacity of
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the full connection. As show, the contribution to overturning moment from the UFPs is not
negligible. The moment diagrams show a large “bubble” around mid-height of the building
from higher mode effects. This also existed in the 10-story design. Quantifying the amount
of moment amplification that occurs from higher mode effects is one of the primary focuses

for this study and will be discussed in detail in Section 8.7.
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Figure 8.6: Example peak ISD results for archetype 12-AR3 at MCEg

Figure 8.8 shows the peak strain experienced at all points along the base of the wall panels
for all twenty-two ground motions at the MCEgR hazard. Again, the suite geometric mean of
the peak values is also shown. The yield strain and splitting strain limits are also identified
on this plot to provide a visual measure of the proportion of wall that has reached each limit
state. As shown, for this archetype, a few ground motions at MCER produced strains that
exceeded the splitting strain, however, the geometric mean of the results indicate that only a
small portion of the wall panel, at the corners, exceed the yield strain. The crushing strain is

not shown on the plot because no ground motions produced strains that exceeded crushing.
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12-AR3 at MCEg

8.6 Performance Assessment

First the overall performance of the six archetypes was compared to see how wall aspect

ratio and building period affects ISDs and wall strains at the base of the wall. This was done
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by running multiple stripe analyses for each of the six archetypes and developing fragility
functions based on the results. For this study, fragility function fitting was completed by
fitting a log-normal cumulative density function to observed building response data using
optimization on the likelihood function for the data, as presented in Baker [2013]. The
suites of twenty-two ground motions at the seven hazard levels were used to complete these
multiples stripes analyses (MSA). For these fragility curves, the ground motion intensity
measure (I M) was defined as the mean spectral acceleration, S,, of the ground motion suite
at the buildings first mode linear period, 77 jinear. Recall, T} jinear Was calculated from an
eigenvalue analysis for the linear OpenSees models used to complete the MRSA. The values

of 11 jinear are presented in Table 8.7.

8.6.1 Peak Interstory Drifts

The performance of the six archetypes was first assessed by looking at the peak ISDs. Figure
8.9a presents the MSA analysis results for archetype 12-AR3 looking a peak ISDs. At each
IM level on the y-axis, the peak ISD from each of the twenty-two ground motions is plotted
and the suite mean is highlighted. As shown, the peak ISDs increase with increasing IM
level. Figure 8.9b presents the observed fractions of motions exceeding a 1% peak ISD limit
as a function of mean spectral acceleration at the buildings first mode linear period, Figure
8.9b also shows the fitted fragility function which was estimated using maximum likelihood
optimization, as presented in Baker [2013]. A drift limit of 1% was used to achieve a well
fitted fragility function for comparison between the archetypes. Note, collapse assessment
is not investigated here. The 1% drift limit was selected to achieve good comparison of
response between the archetypes.

The procedure presented in Figure 8.9 was repeated for all six archetypes and the resulting
fragility curves are presented in Figure 8.10. The results show that wall aspect ratio does
not affect overall drift performance for post-tensioned rocking wall systems with the same
building period. For both the 6-story archetypes and the 12-story archetypes, nearly identical

drift fragility curves were calculated for each of the three aspect ratios of the same building
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Figure 8.9: (a) MSA analysis results for archetype 12-AR3 looking at peak ISDs and (b)
the observed fractions of motions exceeding a 1% peak ISD limit as a function of the mean
spectral acceleration at the buildings first mode linear period and the fragility function

estimated using maximum likelihood optimization as presented in Baker [2013]

height. As expected, building period does have an effect on overall drift performance. At
a given spectral acceleration at the first building period, the 12-story archetypes have a
higher probability of exceeding 1% ISDs. Table 8.10 summarizes metrics needed to define
the fragility curves for each of the six archetypes. The median of the fragility function, 6,
and the standard deviation (sometimes called the dispersion of IM) of InIM, 3, are both

shown in the table.

Table 8.10: Summary of the fragility curve metrics for ISDs exceeding 1%

6-Story Archetypes 12-Story Archetypes
Metric 6-AR1 6-AR2 6-AR3 6-All 12-AR1 12-AR2 12-AR3 12-All
0 0.277 0.310 0.300 0.294 0.110 0.114 0.119 0.114
6] 0.237 0.148 0.177 0.198 0.379  0.397  0.397 0.392
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Figure 8.10: Fragility curves comparison of the six archetypes for ISDs exceeding 1%

8.6.2 Damage at the base of the walls

Archetypes performance was also assessed looking at the peak strains at the base of the wall
panels and inelastic damage they experienced. Figure 8.11 shows the profile of the suite
mean of the peak strains at the base of the walls at MCER hazard level for all six archetypes.
Note, the length of all the archetypes are different, so the location along the base of the wall
was normalized by the total wall length in the figure. The strain profiles for the other hazard
levels are not shown, however, the general trends are consistent between them. Figure 8.11
shows that for the 6-story archetypes, the peak strains at the base of the wall panels decrease
with increasing aspect ratio. The same trend is true for the 12-story archetypes. The plot
also shows that for buildings with a longer period (i.e., the 12-story archetypes compared to
the 6-story archetypes), the peak strains are less, indicating a relationship between increasing
period and decreasing peak wall strains at the base of the wall panels. Peak wood strains
decrease with increasing aspect ratio for buildings with the same period because the peak
rotation demands and drifts are all similar. This means that the longer walls (i.e., the smaller

aspect ratios) will reach higher strains for the same rotation demand.
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Figure 8.11: Fragility curves comparison of the six archetypes for ISDs exceeding 1%

Fragility data for peak wood strains at the base of the wall panels exceeding yield (€, ),
splitting (€s.q:), and crushing (e...:) were also calculated. However, the spread of data at
each hazard level was limited, resulting in fragility curve plots that are not well defined.
Figure 8.11 does a better job at showing the relationships between peak wood strains, wall
aspect ratio, and building period. While the plots are not included, Table 8.11 summarizes
the fragility curve metrics for each of the six archetypes for completeness. Metrics are shown

for peak wood strains at the base of the wall panels exceeding all three limit states.
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Table 8.11: Summary of the fragility curve metrics for peak wall strains at the base of the

wall panels exceeding drift limits

6-Story Archetypes 12-Story Archetypes

Metric 6-AR1 6-AR2 6-AR3 12-AR1 12-AR2 12-AR3
€wood > €y,clt

0 0.109 0.137 0.163 0.072  0.106  0.117

B 0.055 0.275 0.221 0375  0.382  0.427
€wood > €s,clt

0 0.310 0.409 0481 0.219 0.394  0.376

o4 0.270 0.236 0.278 0.709 0.885  0.588
€wood > €cr,clt

6 0667 0556 0571 0442 N/A® N/A“

B 0.257 0.040 0.040 0469 N/A® N/A“

“Insufficient data to compute fragility parameters

8.7 Moment Amplification Study

This section will present the findings from this study relating to the effects wall aspect
ratio and building period on moment amplification in the wall panels. At MCEg, numerical

analyses from the NHERI TallWood 10-story building will also be used for comparison.

Figure 8.12 shows suite mean moment envelopes for the six archetypes at all seven hazard
levels. In this plot, the height up the wall panels are normalized by the total height of the
walls. Figure 8.12a shows the results for the 6-story archetypes and Figure 8.12b shows the
results for the 12-story archetypes. In this figure the full assembly moment (i.e. the moment
from the wall panels plus the moment contribution from the UFPs) are shown, normalized
by the calculated assembly moment at DBE demands, M, (also called Myssempiy,ppE). The
moment profiles from MRSA (shown initially in Figure 8.4b of Section 8.4.1), normalized
by M, are also shown in Figure 8.12. Including the results from MRSA on this plot gives
a comparison of what would typically be used to determine the design of the wall in a

prescriptive design procedure to what NLRHA shows the wall panel may experience.
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Figure 8.12: Suite mean envelopes showing peak assembly moments for the rocking wall
systems at each hazard level, normalized by M,, for (a) the 6-story archetypes and (b) the
12-story archetypes

Figure 8.12 shows that aspect ratio of the wall panel does not effect the moment demands
in the wall panels. From these plots, however, it is clear that higher mode effects result in
moment amplification and moment amplification effects increase with increasing hazard level.
At lower hazard levels, the effects of moment amplification are minimal, however, at higher

hazard levels, there is a “bubble” at mid-height up the wall panel.

Figure 8.13 shows a comparison of the 6-story archetypes to the 12-story archetypes
at the MCER hazard level to compare the trends of moment amplification with respect
to building period. On this plot, the MCEgR numerical analysis results from the NHERI
TallWood 10-story building are also included (originally presented in Section 6.6.3). The
geometric mean response of the north and south walls (10-NS) are shown as well as the

geometric mean response of the east and west walls (10-EW) from the NHERI TallWood
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10-story building. On this plot, only MCEg is shown for clarity, however, the same trends
occur at the remaining hazard levels. Archetype results on this figure shows that while the
moment amplification is not dependent on wall aspect ratio, it is dependent on building
period. Walls with a longer period have larger moment amplification effects. This is similar

to what other studies have shown.
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Figure 8.13: Suite mean envelopes showing peak assembly moments for the rocking wall

system at MCEgR, normalized by M,,, for all six archetypes

Referring to the 10-story results included in Figure 8.13, the period trend does match
as well with the archetype results. Recall, the first mode periods for the 10-story build-
ing were 1.68 seconds and 1.74 seconds for the east-west and north-south directions, re-
spectively and the periods for the 6-story and 12-story archetypes were 1.51 seconds and
2.84 seconds, respectively. While the longer period building direction of the 10-story build-
ing has larger moment amplification effects (i.e., a larger “bubble”) in comparison to the
shorter period building direction, both directions have less moment amplification than all

12-story archetypes, even though the period is shorter. This incompatibility in trends with
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the archetype buildings could be a result of a couple of factors. First, the 10-story results
were from a 3D model, thus, these larger moments could be a result of torsional effects.
Additionally, the overall design assembly moment DCR (i.e., M, /¢ M, shown in Tables 6.18
and 8.7 for the 10-story building and archetype designs, respectively) for the 10-story build-
ing was lower than the archetype designs, meaning the 10-story design is stronger relative
to the archetype designs. Different mass timber materials were also used for the archetype
designs, the 10-story east-west direction walls (CLT), and the 10-story north-south direction
walls (MPP). These factors could all contribute to this trend. However, based on only the
archetype designs where most factors were held constant, walls with a longer period have
larger moment amplification effects.

The next section aims to quantify the moment amplification that should be used for wall
design if full NLRHA is not performed (which is typical for a prescriptive design procedure
for wall systems accepted in US design codes). The next section first present the base
moment demands at each hazard level, compared to the calculated connection capacity, M,
(Section 8.7.1). Then the amplification of moment up the height of the walls, relative to the
base moment (Section 8.7.2), is presented. This will consist of quantifying the amplification
of moment as well as studying where along the height of the wall panels the amplification

occurs.

8.7.1 Base Moment Demands at Different Hazard Levels

Referring to Figure 8.12, the base moment demands, normalized by M,,, do not change based
on aspect ratio. Additionally, referring to Figure 8.13, the base moment demands, normalized
by M, also do not change based on building period (they change up the height, but not at
the base). Note, this is also a result of designing the archetypes to all have M, /oM, values
very similar to each other. This relationship is further emphasised by Figure 8.14 which plots
the base moment demands, normalized by M,,, for all archetypes at all hazard levels. These
values are also tabulated in Table 8.12. Because the normalized base moment demands do

not vary based on aspect ratio, the average values (calculated using the geometric mean) for
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Figure 8.14 and Table

Hazard Level

Figure 8.14: Scatter plot showing peak base moment demands, normalized by M, for all six

archetypes at all hazard levels

Table 8.12: Tabulated base assembly moment demands normalized by M, for all six

archetypes at all hazard levels

Hazard 6-Story Archetypes 12-Story Archetypes Overall

Level 6-AR1 6-AR2 6-AR3 Meang, 12-AR1 12-AR2 12-AR3 Meang., Meang,
43-yr RP 044 044 0.44 0.44 0.42 0.45 0.44 0.44 0.44
225-yr RP 0.84 0.86 0.86 0.85 0.80 0.83 0.84 0.82 0.83
475-yr RP 0.91 0.91 0.91 0.91 0.85 0.88 0.87 0.87 0.89
975-yr RP 0.98 1.00  0.99 0.99 0.97 0.97 0.96 0.96 0.97
MCEg 1.05 1.03 1.03 1.03 1.05 1.05 1.05 1.05 1.05
2475-yr RP  1.07 1.06 1.06 1.06 1.07 1.07 1.06 1.06 1.07
4975-yr RP  1.13 1.16 1.16 1.14 1.14 1.16 1.14 1.15 1.14

The tabulated values can be used to reference the increase in base moment demand for

different hazard levels. Note, as shown in Figure 8.12, not only does MRSA produce the

incorrect shape of moment diagram for this system, but the base MRSA moment is also closer
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to the 475-year return period motion than the 975-year return period motion. Referring to
Figure 6.11, the uniform hazard response spectrum for the 975-year return period is more
representative of the DBE design curve (2/3MCER in the figure) than the 475-year return
period hazard.

Referring to the tabulated values for the base moment demands at MCEgr (Shown in
Table 8.12), the average value for all archetypes is equal to 1.04. Given a fully linear-elastic
building, this ratio would be equal to 1.5 because that is the ASCE/SEI 7-16 defined ratio
between MCER and DBE. However, because this is a force limiting system (as mentioned
previously in Section 8.4.3), this value is significantly closer to 1.0 because the moment
capacity does not increase significantly post uplift. The normalized base moment demands
at MCEg (i.e., Myssembiy.mce,/M,) calculated during design (shown in Table 8.7) can be
compared to the results from NLRHA (shown in Table 8.12). The ratios are very similar,
indicating a relatively good calculation prediction. However, the calculated ratio is slightly
larger than the one determined from NLRHA, indicating that the calculated predictions for
MCER are slightly high.

8.7.2 Moment Amplification as a Function of Wall Height

After studying the effects of aspect ratio and building period on base moment demands at
different hazards, the amount of moment amplification for each hazard level and archetype
was studied. Both the magnitude of amplification and location of peak moment were stud-
ied. This was done by normalizing the suite mean assembly moment demand envelopes by
the base moment, as shown in Figure 8.15. Figure 8.15a shows peak Mssempiy/Mpase UP
the height of the walls for the 6-story archetypes at all hazard levels. Figure 8.15b shows
peak Mossempiy/Mpase up the height of the walls for the 12-story archetypes at all hazard
levels. These plots show that for walls with the same period and different aspect ratios, the
magnitude of moment amplification does not change. While there may be some difference in
moment for different archetypes with the same period at higher hazard levels, there is not a

clear trend to define a relationship. On both plots, the moment profile, normalized by the
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peak base moment, from MRSA is also included. The inclusion of this line shows that MRSA
does not accurately capture the higher mode effects that result in moment amplification for

these plots.
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Figure 8.15: Suite mean envelops showing peak assembly moments for the rocking wall
systems at each hazard level, normalized by the base moment for (a) the 6-story archetypes

and (b) the 12-story archetypes

While Figure 8.13 shows that the aspect ratio of the post-tensioned rocking wall does
not significantly affect the amount of moment amplification compared to the base moment,
comparing Figures 8.15a and 8.15b may indicate that the effects of moment amplification are
larger for the 12-story archetypes than the 6-story archetypes. This is shown by the slightly
larger “bubble” in the moment plots in the 12-story archetypes. This relationship is also
seen in Figure 8.16, which only shows the MCEgR hazard. Numerical results from the NHERI
TallWood 10-story building are also included. From just the archetype design results on this

plot, it is clear that the moment amplification compared to the base is significantly larger for
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the 12-story archetypes that have a longer period. While the other hazards are not shown,
the same patterns exist. When comparing with results for the 10-story design, this trend
is not as consistent. In other words, even though the period of the 10-story building was
shorter than the 12-story archetypes, the moment amplification is larger. See the discussion

associated with Figure 8.13 for more discussion on these discrepancies.
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Figure 8.16: Suite mean envelopes showing peak assembly moments for the rocking wall

system, normalized by the base moment, at MCEg for all six archetypes

Figure 8.17 shows a scatter plot of the peak assembly moments up the height of the
walls, normalized by the moment at the base for all archetypes at all hazard levels. Because
the impact of aspect ratio on peak M,,q:/Mpase values is small for buildings with the same
period, the mean ratio for archetypes of the period is also calculated (using geometric mean)
and shown in Figure 8.17. This plot shows that the moment amplification from higher
mode effects is larger for the 12-story archetypes. It also shows that the amount of moment
amplification increases with increasing hazard. For the lower hazard levels, the peak assembly

moment up the height of the walls occurs at the base (i.e., Peak M40/ Mpase is equal to 1.0).
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For the 6-story archetypes, this is true for all hazard levels smaller than MCEg. However,
for the 12-story archetypes where the moment amplification is larger, the peak moment
up the height of the wall occurs at the base only for hazard levels lower than a 975-year
return period. The variation of points from the mean values on this plot show that there
may be some relationship between aspect ratio and peak M40/ Mpase, meaning that moment
amplification does change with aspect ratio. However, the dispersion of points from the mean
is small and the pattern of which aspect ratio produces the largest moment is inconsistent,
so a clear relationship can not be deduced from the results and the variations from the mean

is considered negligible. Table 8.13 also summarizes these results.
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Figure 8.17: Scatter plot showing peak maximum assembly moment values, normalized by

the moment at the base of the wall for all six archetypes at all hazard levels

At MCEg the ratios peak assembly moments up the height of the walls to the moment
at the base were investigated further by plotting the ratio PeakM,,q:/Mpase versus building
period, as shown in Figure 8.18. On this plot, results from the 12 archetype buildings and
the results from the two building directions of the NHERI TallWood 10-story budding are
included. This plot shows that moment amplifications are not negligible at MCEgr hazard

levels. The relationship between increasing moment amplification with increasing period is
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clear for the archetype designs. See the discussion associated with Figure 8.13 for a discussion

on the relationship with the 10-story results.

Table 8.13: Tabulated peak assembly moment values up the height of the walls, normalized

by the base moments, for all six archetypes at all hazard levels

Hazard 6-Story Archetypes 12-Story Archetypes
Level 6-AR1 6-AR2 6-AR3 Meang, 12-AR1 12-AR2 12-AR3 Meangye,
43-yr RP 1 1 1 1 1 1 1 1
225-yr RP 1 1 1 1 1 1 1 1
475-yr RP 1 1 1 1 1 1 1 1
975-yr RP 1 1 1 1 1.15 1.23 1.23 1.20

MCERr 1.18 1.16 1.20 1.18 1.27 1.37 1.35 1.33
2475-yr RP 1.21 1.21 1.21 1.21 1.33 1.39 1.36 1.36
4975-yr RP  1.31 1.27 1.32 1.30 1.44 1.61 1.64 1.56
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Figure 8.18: Plot showing peak maximum assembly moment values, normalized by the mo-

ment at the base of the wall verses building period at MCEg

The last portion of this study was to determine the location where the maximum peak
assembly moment, normalized by the base moment occurs up the height of the wall. The
heights of the envelope plots that have been presented have been normalized by the total

height of the walls to determine if the location of peak assembly moment changes with the
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aspect ratio of period of the walls. Figure 8.19 plots the results for all hazard levels and
archetypes. Table 8.14 also summarizes these values. The mean values for the archetypes
of the same hazard level (calculated using the geometric mean) is also included in the figure
and table. For the lower hazard levels, the location of peak assembly moment occurs at the
base of the wall (i.e., h/h,, equals 0), as discussed previously. For the larger hazard levels,
the peak moment occurs fairly consistently at a value of 0.4 for the 6-story archetypes and
between 0.37 and 0.45 for the 12-story archetypes. While these locations are slightly off, this
is likely a result of modeling decisions and not a result of the different periods. In the model,
the periods were only recorded at nodes located at the floor levels and at the locations of
the UFPs. For example, for the 6-story archetype, the location h/h,, of 0.4 correlates to the
node at floor 2. The number of nodes up the height of the walls could be increased to get

more discretization up the height of the wall, resulting in a more consistent location h/h,,.
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Figure 8.19: Scatter plot showing the h/h,, location up the height of the walls where the peak
maximum assembly moment occurs, normalized by the base moment for all six archetypes

at all hazard levels
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Table 8.14: Tabulated locations of the peak maximum assembly moment, normalized by the

base moment, for all six archetypes at all hazard levels, in terms of h/h,,

Hazard 6-Story Archetypes 12-Story Archetypes Overall

Level 6-AR1 6-AR2 6-AR3 Meang., 12-AR1 12-AR2 12-AR3 Meang., Meang,,
43-yr RP 0 0 0 0 0 0 0 0 0
225-yr RP 0 0 0 0 0 0 0 0 0
475-yr RP 0 0 0 0 0 0.37 0 0 0
975-yr RP 0 0 0 0 0.37 0.37 0.37 0.37 0

MCER 0.40 0.40  0.40 0.40 0.37 0.37 0.45 0.42 0.41
2475-yr RP 0.40 0.40  0.40 0.40 0.37 0.45 0.37 0.39 0.40
4975-yr RP 040 040 040 0.40 0.37 0.45 0.37 0.39 0.40

8.8 Summary

The most critical limit states evaluated in the design of the lateral system for the NHERI
TallWood 10-story building were the flexural capacities of the wall panels and wall splices.
Large moment demands from NLRHA controlled these designs. The NLRHA results showed
large moment demands at mid-height, a result of higher mode effects. This will likely be
a critical design check for a future buildings with post-tensioned mass timber rocking wall
lateral systems. While past research has shown that introducing additional rocking joints
up the height of the wall panels can greatly reduce the moment demands, little work has
been done to quantify the amount of moment amplification and study the impact of build-
ing period and wall aspect ratio on overall building performance and moment amplification.
This is important research as designing connections for multiple rocking planes will likely
be challenging and expensive. This issue was addressed through a parametric study on six
different archetype designs of post-tensioned mass timber rocking walls. Three 6-story build-
ings and three 12-story buildings were designed following the prescriptive design procedure
used for the design of the 10-story building. For designs of the same height, the wall aspect
ratio was changed while keeping the overall building period constant to study the impact

of wall aspect ratio, independent of the building period. MSAs were completed for each of
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the designs using the seven hazard levels defined for the design of the 10-story NHERI Tall-
Wood building to compare performance of the different designs and to study how moment
amplification changes with the different designs and across hazard levels.

Results from this study showed that for buildings of the same height, aspect ratio does
not affect overall performance in terms of drifts, however, walls with a larger aspect ratio
(i.e., more slender walls) had lower peak wall strains at the base of the wall. In terms of
building period, as expected, the buildings with a longer period saw larger drifts and lower
strains at the base of the wall panels. Looking at wall moment amplification, the following
conclusions were drawn:

1. Wall panel aspect ratio does not affect the amount of moment amplification for walls

with the same period.

2. A longer period wall will result in a larger amplified moment.

3. For lower hazards, higher mode effects do not significantly amplify the moment at

mid-height and the maximum wall moment occurs at the wall base

4. For larger hazards where moment amplification is present, the location of maximum

moment occurs at about 40% of the wall height for all walls.

Based on these results it was determined that at MCEgR hazard, the base moment was
amplified by 18% for buildings with a 1.51 second first mode elastic period and the base
moment was amplified by 33% for buildings with a 2.84 second first mode elastic period.
For future adoption of these systems into US buildings codes, these amplified moments
should be accounted for as typical code-based lateral force distributions for determining wall
moment demands, such as MRSA or ELF, do not capture the the amplified shape of the
force envelopes. A linear interpolation between the two periods and amplification factors is
reasonable. It is recommended to avoid putting a wall splice joint at 40% up the wall height

to avoid the location of maximum moment.
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Chapter 9
SUMMARY, CONCLUSIONS, AND FUTURE WORK

9.1 Overview

The goals of this research were to study the response of post-tensioned mass timber rocking
wall lateral force resisting systems, advance numerical modeling methods for predicting their
seismic performance, and validate the use of code-alternative design procedures through
nonlinear numerical modeling and dynamic shake table tests on large-scale mass timber
buildings. The post-tensioned rocking mass timber shear walls studied in this document
utilize unbonded post-tensioned bar connections, UFP energy dissipation devices, and slotted
pin connections at the wall and diaphragm interfaces. This chapter contains a brief summary
of the work completed, the conclusions drawn from the research, and suggestions for future

work to be completed.
9.2 Summary

The presented research can be divided into four phases: (1) formulating approximations for
lateral load response, (2) design, testing, and modeling of the lateral system in the NHERI
TallWood 2-story building, (3) design, testing and modeling of the lateral system for the
NHERI TallWood 10-story building, and (4) conducting a parametric study on tall wood

buildings. A summary of the work completed for each phase is presented here:

9.2.1 Formulations for Approzimating Lateral Load Response

Formulations for approximating the lateral load response of mass timber rocking walls were
developed, building upon previous work. A procedure for approximating the moment capac-

ity of the wall system and the forces in all major elements such as the PT bars, the UFPs,
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and the compression force in the wall based on the rotation opening at the base of the wall
panels was presented. This procedure is called the cross-sectional analysis procedure. The
differences between the formulations for paired wall systems and boundary column systems
were discussed. These formulations were used as the basis for the design procedure used for

the two-story and ten-story NHERI TallWood building specimen designs.

9.2.2  Two-Story NHERI TallWood Shake Table Test

The post-tensioned rocking wall lateral force resisting system for the two-story NHERI Tall-
Wood building was designed using a code alternative performance-based design procedure.
Using the formulations for approximating lateral load response, the predicted moment-
rotation behavior for the system was developed and the design was modified until a set
of performance objectives were achieved. The performance objectives used for the two-story
design were as follows:

e PO 1: Wind Loading No wall decompression under design wind loading.

e PO 2: Immediate Occupancy No required repairs to the system after a 50% in 30
year hazard level earthquake. Minor UFP yielding is permitted. PT bars and CLT
walls should remain elastic. Drifts limited to 1%.

e PO 3: Limited Repair Minimal repairs required after a 10% in 50 year hazard level
earthquake. Residual drifts limited to 0.2%. Full UFP yielding is permitted. No PT
bar yielding. Minor yielding of the CLT wall panels is permitted. Drifts limited to 2%.

e PO 4: Collapse Prevention Damage to the system is limited to prevent building
collapse during MCER level earthquake. PT bar yielding is permitted. Yielding of the
CLT wall panels is permitted. Damage should still be limited to prevent any major
loss of strength of stiffness. Drifts limited to 4%.

Performance objectives two and four were defined to match requirements of LATBSDC

[2014]. For this design, damage limits for the UFPs, PT bars, and damage to the base
of the CLT walls were less stringent than what would typically be targeted, in particular,

permitting PT bar yielding under MCEgR motions. This was done because the walls were
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only 24 feet tall, and the structure was small, relative to a typical building. The short and
stiff walls resulted in large uplift and short PT bars that made PT bar yielding after 4% drift
unrealistic. Note, a nonlinear numerical model was not used for the design of this lateral
system. Because the test structure was short and the behavior was deemed predictable, a
nonlinear model was not completed for design.

The structure was tested uniaxially at the NHERIQUCSD shake table, using a test
sequence of fourteen ground motions categorized as follows: (1) five 50% in 30 year motions
called SLE, (2) five 10% in 50 year motions called DBE, (3) three MCEgR motions, and (4)
one motion that was 1.2 x MCER. Extensive data analysis was completed to assess lateral

system performance. The main results from the test are summarized below:

e The fundamental period of the building, determined from white noise tests, was around
0.9 seconds. The relatively long period for a two-story building can likely be attributed
to the unexpected flexibility in the foundation.

e Peek roof and floor drifts ranged from 0.5% to 0.9% for the SLE motions, 1.7% to 2.5%
for the DBE motions, and 1.9% to 3.3% for the MCER motions.

e Residual drifts were less than 0.06% for motions at or below the MCER hazard level.

e Measured base shear versus drift response was linear for SLE motions. Nonlinearity and
some damping were seen in DBE motions and considerable nonlinearity and damping
was shown in MCEgR motions.

e No damage to the base of the CLT walls was observed during any of the tests, likely
due to the presence of the flexible foundation.

e UFPs yielded at very low drifts.

Overall, the building specimen performed well, and the observed and instrumented re-
sponse of the test specimen met performance objectives for PT bar yielding, CLT crushing
at the base, and UFP yielding. In terms of building drift response, the 1% drift limit for SLE
hazard level tests were met, as well as the 4% drift limit for MCER hazard level tests. The
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DBE hazard level tests had a drift limit of 2% which was exceeded for four of the five DBE
tests, but only had an average drift of 2.24% for all the DBE tests which only exceeds the
performance objective slightly. The predicted base shear response calculated from the design
procedure was slightly higher than the measured base shear forces. The lower measured val-
ues were most likely a result of the flexible foundation decreasing the overall stiffness of the
structure and in turn, decreasing the base shear forces. While the building performed better

than expected, it is clear that the flexible foundation had a large impact on the performance.

To study the impact of the flexible foundation on the performance of the structure and
to validate a modeling methodology for use in the design of the ten-story NHERI TallWood
building, two nonlinear numerical models were developed in OpenSees. The first model
accounted for foundation flexibility and the second modeled the as-designed rigid foundation
case. In these models, nonlinear crushing at the base of the wall and wall uplift was modeled
using distributed springs at the base of the wall and contribution of foundation surface
flexibility was included through additional springs below the rocking springs. Overall, the
flexible foundation model showed good agreement with the test results in terms of global

and local behavior and building period.

The response of the rigid foundation model was compared to the flexible foundation model
to study the impact of the flexible foundation on building performance. It was determined
that altering the boundary condition had significant effects on the overall behavior. As
expected, the rigid foundation greatly increased system stiffness, decreased the first mode
period, and decreased drifts. Most importantly, the downward rotations at the base of the
wall panels decreased significantly without the foundation beam flexibility, resulting in much
higher CLT strains at the base of the wall. Under the rigid foundation boundary condition,
the CLT experienced permanent yielding and damage. Apart from reduced roof drifts, the
numerical model with the rigid foundation did predict somewhat poorer seismic performance

as it predicted considerable CLT damage in the DBE and MCER ground motions.
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9.2.3 Ten-Story NHERI TallWood Shake Table Test

The third phase of the research presented in this document was related to the design, nu-
merical modeling, testing, and performance assessment of the post-tensioned mass timber
rocking wall lateral force resisting system in the 10-story NHERI TallWood building. The
building was designed for a location in the Capital Hill neighborhood of Seattle, Washington.
The unique seismic hazard in Seattle was captured by including shallow crustal earthquakes,
deep intraslab subduction earthquakes, and shallower interface subduction earthquakes in

the design suites of ground motions selected at seven different hazard levels.

The lateral system for this building was designed using performance-based design method-
ologies that enforced stringent criteria to produce a design with seismic performance that
meets or exceeds code minimum requirements. This was done in three phases. First, a MRSA
was performed using a linear OpenSees model to complete preliminary drift checks and de-
velop preliminary rotation design demands at the base of the rocking walls. The second
phase of the design was to complete a preliminary design and capacity analysis of the walls
using the cross-sectional analysis procedure. The rotation demands from phase 1 were used
to determine component forces and overall moment capacity of the assembly. Results from
this analysis were used to complete component level and overall moment capacity checks.
Phases one and two of this design procedure are intended to represent a prescriptive design

procedure that would be used in practice.

However, because post-tensioned mass timber rocking wall lateral systems are not cur-
rently recognized by US building codes, a detailed evaluation of the design was completed
using NLRHA, as recommended by LATBSDC [2014], and conducted in OpenSees. Suite
mean and suite maximum results from the MCEgR ground motion suites were then used to
check a series of force and deformation-controlled actions to finalize the design of the lateral
system and all lateral connections. By enforcing many force-controlled checks, an essentially
elastic response at MCER was targeted. The two primary deformation-controlled checks,

resulting in minimal inelastic behavior for the system were: (1) yielding of the replaceable
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energy dissipating elements and (2) yielding of the wood at the base of the wall panels.
Because near elastic performance was targeted for MCER level earthquakes, minimal criteria
were enforced at lower hazards as it would have been redundant.

The most critical part of the lateral system design for the NHERI TallWood 10-story
building was the capacity of the rocking wall panels under combined axial and bending
loads and the capacity of the splice connection. These were controlled by the large moment
demands in the walls from NLRHA at MCEg. Higher mode effects resulted in the largest
moment demands being at mid-height. The location of peak moment up the height of the
walls happened to coincide with the location of the horizontal splice joint in the walls. Loads
were transferred over the splice joint using an embedded epoxy rod connection.

NLRHA was done using a three-dimensional nonlinear OpenSees model. Similar to the
model developed for the two-story NHERI TallWood building, the nonlinear compressive
behavior at the base of the wall panels and uplift were modeled using distributed parallel
springs along the base of the wall panels. For this model, additional rows of springs in the
out-of-plane direction were added to capture both in-plane and out-of-plane rocking at the
base of the walls. This model was also used to predict the performance of the structure at
all hazard levels as well as provide design demands to project collaborators to complete the
design of other building components such as nonstructural elements and gravity connections.

Structural construction of the NHERI TallWood 10-story test specimen was completed
in January 2023 and dynamic testing occurred over a four-week period in May 2023. The
test building was subjected to numerous earthquake recordings on the shake table that
far exceeded the number and severity of earthquake expected for any real building. The
testing plan consisted primarily of one- and two-horizontal-component acceleration inputs.
Some tests also included vertical accelerations. The input accelerations ranged from those
representing a 43-year return period hazard to those representing an MCEgR hazard. At the
time of publication, this was the world’s tallest shake table test. Over the duration of testing,
no major visual damage was observed to the lateral system. Because damage to the lateral

system was minor, the building was able to be tested and assessed at all five hazard levels,
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resulting in a unique and intensive testing plan that is only possible for buildings with a
resilient lateral system such as the one designed and tested here.

A preliminary performance assessment of the 10-story rocking wall lateral system during
shake table testing was completed. This also consisted of a preliminary comparison of the
building performance to the predicted performance from the nonlinear OpenSees model used
to design the building. A thorough performance assessment was outside the scope of work
due to time constraints. The preliminary assessment showed that the 10-story building met
desired performance objectives and exceeded code minimum requirements. Interstory drifts
at MCER hazard were below 1.5% and no damage to critical elements was observed. No
damage was observed at the bases of the wall panels, indicating that the mass timber did
not yield, thus exceeding the allowable performance which permitted mass timber yielding
at the base of the wall panels.

For the last part of this research phase, the predicted OpenSees results were compared
to the experimental results. Assessment of the experimental results showed that the actual
damping exceed the expected damping of 2%, likely due to the presence of the nonstructural
walls and stairs. Because of this, the original OpenSees model was modified, and the damping
was increased to 6%. Apart from the damping modification, no additional changes were made
to the model used for design. The comparison showed that the OpenSees model agreed with
the experimental results relatively well in terms of predicting global measures, such as story
drift, for such a large-scale test and that the agreement was consistent over all five tested

hazard levels.

9.2.4 Parametric Study

The most critical limit states evaluated in the design of the lateral system for the NHERI
TallWood 10-story building were the flexural capacities of the wall panel and wall splices.
Large moment demands from NLRHA controlled these designs. The NLRHA results showed
large moment demands at mid-height, a result of higher mode effects. This will likely be

a critical design check for a future buildings with post-tensioned mass timber rocking wall
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lateral systems. While past research has shown that introducing additional rocking joints
up the height of the wall panels can greatly reduce the moment demands, little work has
been done to quantify the amount of moment amplification and study the impact of build-
ing period and wall aspect ratio on overall building performance and moment amplification.
This is important research as designing connections for multiple rocking planes will likely
be challenging and expensive. For the fourth phase of this research program, this issue was
studied through a parametric study on six different archetype designs. Three 6-story build-
ings and three 12-story buildings were designed following the prescriptive design procedure
used for the design of the 10-story building. For designs of the same height, the wall aspect
ratio was changed while keeping the overall building period constant to study the impact
of wall aspect ratio, independent of the building period. MSAs were completed for each of
the designs using the seven hazard levels defined for the design of the 10-story NHERI Tall-
Wood building to compare performance of the different designs and to study how moment

amplification changes with the different designs and across hazard levels.

Results from this study showed that for buildings with the same period, aspect ratio does
not affect overall performance in terms of drifts, however, walls with a larger aspect ratio
(i.e., more slender walls) had lower peak wall strains at the base of the wall. In terms of
building period, as expected, the buildings with a longer period saw larger drifts and lower
strains at the base of the wall panels. Looking at wall moment amplification, the following

conclusions were drawn:

e Wall panel aspect ratio does not affect the amount of moment amplification for walls
with the same period.

e A longer period wall will result in a larger amplified moment.

e For lower hazards, higher mode effects do not significantly amplify the moment at
mid-height and the maximum wall moment occurs at the wall base

e For larger hazards where moment amplification is present, the location of maximum

moment occurs at about 40% of the wall height for all walls.
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9.3 Conclusions

The research program presented in this dissertation resulted in the following conclusions,

advancing the state-of-the-art in earthquake engineering research for mass timber structures:

9.3.1 Rocking Wall Behavior

e Post-tensioned mass timber rocking wall lateral force-resisting systems can be designed
to be seismically resilient. Seismic performance objectives exceeding code-minimum
requirements can be easily achieved by capitalizing on the inherent behaviors of the
rocking wall systems in design. This was demonstrated both numerically as well as
experimentally, through two large-scale shake table tests of full-scale fully mass timber

buildings with post-tensioned mass timber rocking walls.

e The unintentional flexible foundation in the 2-story building increased the overall flex-
ibility of the system. A numerical model that included foundation flexibility and
matched experimental results, was compared to an equivalent rigid foundation model.
Results showed that even though the flexible foundation beam produced larger peak
drifts relative to the rigid foundation beam model, in general, that deformation pro-
tected the base of the wall from damage and resulted in better overall performance in
terms of CLT damage. The rigid foundation model still predicted the system would
meet all design performance objectives and the predicted performance was closer to

the design intent.

e The overall drift performance of post-tensioned mass timber rocking walls is not affected
by wall aspect ratio for walls with the same period. Interstory drifts increase for walls
with a longer period. Larger wall aspect ratio and larger building periods result in

smaller peak strains and less damage at the base of the wall panels.
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e Typical code-based lateral force distributions for determining wall moment demands,
such as MRSA, do not accurately capture amplified moment demands that result from
higher mode effects. Wall aspect ratio does not affect the relative magnitude of the
amplified moment if building period is held constant, however, buildings with a longer
period experience increased amplified moments. At lower hazard levels, moment ampli-
fication is minimal. At larger hazard levels, higher mode effects result in peak moments
occurring at about 40% up the height of the wall. This location should be avoided for
splice connection locations. Results from the research presented in this document high-
light the importance of accounting for moment amplification effects in future design

codes for this system.

9.3.2  Lateral Connection Design

e Embedded epoxy rod splice connections are capable of transferring large forces and
moments through a mass timber splice. These types of connections are essential for the
future of tall mass timber buildings and mass timber lateral systems in real buildings.
While there were construction issues related to the embedded epoxy rod connection in
the rocking walls of the 10-story NHERI TallWood building, the resulting connection
performed well under the intensive shake table testing plan. This connection was the
first of its type to be tested under dynamic flexural and shear demands. The tests
validate the use of these connections in splices of mass timber wall under large flexural
demands and the design procedure used to design them. These connections can be

used confidently in both gravity and lateral systems.

9.3.3 Modeling Methodology

e The 2D OpenSees modeling methodology for post-tensioned mass timber rocking walls
can fairly accurately predict the response. The multispring element with Labatto
Integration distributed zero-length springs does a good job at predicting uplift response
at the base of the walls. The additional foundation flexibility spring layer, extrapolated
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from the rocking multispring element, also showed to accurately model the response of
a flexible foundation present in the NHERI TallWood 2-story shake table test. Because
of the accurate prediction of overall building performance between test results and the
flexible foundation model results, the modeling approaches presented here can be used

as a good prediction for mass timber rocking wall systems.

e The presented 3D nonlinear numerical OpenSees modeling methodology is successful
for code-alternative design purposes. The methodology was validated through the
design of the lateral system for the 10-story NHERI TallWood building. The demands
produced by the model resulted in a resilient design. Comparison between preliminary
experimental results and numerical model results showed relatively accurate predictions

of the 10-story building response at multiple hazard levels.

9.3.4 Design Procedure

e The performance-based design procedure used for the design of the post-tensioned mass
timber rocking walls in the 2-story NHERI TallWood building was successful and the

design procedure was able to closely predict the experimental response of the structure.

e The code-alternative design procedure used to design the lateral system in the 10-
story NHERI TallWood building was successful in creating a resilient design and was
validated through dynamic testing in the world’s largest shake table test. This pro-
cedure closely followed recommendations from LATBSDC [2014], which had not been

previously tested for this lateral system.

e The first two phases of the design procedure used for the 10-story NHERI TallWood
building lateral system were representative of a prescriptive design procedure commonly
seen in building design codes. While a nonlinear numerical model was developed to

validate the final design for the 10-story building, the prescriptive design was successful
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in determining the key components of the design. The findings in this research have
identified three concepts that should be incorporated into a building code prescriptive
design procedure that have not been discussed in detail in previous research. The

concepts are as follows:

— Amplification of moment demands from higher mode effects must be incorporated
into a building code design procedure. The conclusions from the parametric study
presented in this document can be incorporated, however, more research should

be done to develop final recommendations.

— For the calculation of peak wood strain in the cross-sectional analysis procedure,
strains from elastic and inelastic deformations should be accounted for. Some
previous work has neglected the strains for elastic deformations, however, they

are not negligible and should be considered to ensure a resilient design.

— When developing a prescriptive design procedure, special attention should be
given to estimating the global overturning moment demands in the wall versus
those that that are resisted by the whole assembly. For example, overturning
moment resisted by the UFPs can be subtracted from the overall assembly over-
turning moment (as done with the parametric study designs) when calculating
the demands for combined axial and flexural checks in the walls. This will create

a more economical, but still structurally viable demand.

e Based on the research presented in this document, the performance-based design levels
summarized in Figure 9.1 are recommended for the design of post-tensioned mass
timber rocking wall systems. In this figure, the minimum recommended performance
levels are highlighted along the diagonal. Based on the limit states shown, the minimum

recommended performance cases produce system level (i.e., ISD limits) consistent with
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code requirements, however, at the component level (i.e., ...), the design is resilient
and exceeds code minimum requirements. The cases identified as producing resilient
performance are not only resilient at the component level but also produced system
level performance that exceeds code minimum requirements. On this table, the design
and achieved performance objectives are identified for both the 2-story and 10-story
tests. Note, for both test specimens, the design ISD limit and the achieved ISD varied

slightly from recommendations. These modifications are called out in the footnotes.
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Figure 9.1: Recommended performance-based design levels
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9.4 Recommendations for Future Work

The research program presented in this dissertation has highlighted additional work that is
needed to fully characterize the seismic performance of post-tensioned mass timber rocking
wall systems. In addition to the work presented, the recommended future work can aid in
future code adoptions for this system and eliminate knowledge gapes to make the design

more efficient. The recommendations for future research are as follows:

e Additional material property tests are needed on all mass timber products to study
post-yield behavior. This is particularly important for the compression behavior at
the base of the wall panels and determining a correct plastic hinge length for modeling
purposes. For both the two-story and ten-story NHERI TallWood tests, damage to the
base of the wall panels was expected, but not observed. Indicating that the assumed
post-yield behavior or assumed plastic hinge length for this loading type is incorrect.
Experimental work should be completed to study the impacts from non-uniform load-

ing, time dependency, wall height, etc.

e Additional experimental research is needed on key mass timber capacity checks. In par-
ticular, minimal research has been completed to validate the current capacity checks
defined by the NDS for lateral torsional bucking of large panels used for walls. Specif-
ically, the calculation of the bending stability factor, Cy, is likely very conservative.
Refining this capacity check could result in more economical and efficient designs. Ad-

ditionally, the failure mode for many of these checks is widely unknown.

e The studies presented in this dissertation highlighted the significance of moment am-
plification from higher mode effects on creating a resilient design and showed that wall
aspect ratio dose don’t change moment amplification effects. However, more research

should be completed on quantifying the moment amplification at MCERr demands for
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different periods.

e Detailed data processing and performance assessment of the post-tensioned mass tim-
ber rocking wall lateral system in the 10-story NHERI TallWood building was outside
of the scope of this work due to time limitations. The list below identifies a list of key

aspects of the 10-story results data that should be analyzed:

— Conduct a more complete assessment of the 10-story lateral system performance
with data processing. A few important things to study includes: (1) comparison
of mass predictions presented in this document with recordings collected from the
shake table controller data, (2) using shear key strain gauge data to determine
floor forces and develop envelops for experimental shear and moment demands in
the wall panels, (3) examining instrumentation used to measure the plastic hinge
length, and (4) studying building period and changes to period throughout testing

as a way to assess damage.

— Incorporate strength and stiffness contributions of nonstructural wall and stair
system to the nonlinear numerical model to quantify their impact on the overall

building performance.

— Complete a more thorough comparison of the experimental and numerical results

to identify model modifications that could improve future model predictions.

— Investigate any unintentional shake table rotations during testing and incorporate

them into the structural models to determine their potential impact.
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Appendix A

10-STORY TEST SPECIMEN: ROCKING WALL DESIGN
CRITERIA CHECKS

A.1 Overview

This appendix includes detailed design calculations for the the 10-story test specimen. Each
section summarizes a different design check. Conceptual explanations for each check can be

found in the main text in Section 6.6.3 of the 10-story design chapter.
A.2 CLT Rocking Wall Capacity Design

This section includes the capacity calculations for the CLT shear walls in the 10-story test
specimen. The walls were checked for shear, combined edgewise bending and axial loading
in net compression, and combined edgewise bending and axial loading in net tension. See
Section 6.6.3 for a conceptual discussion of these checks. In most cases, the 2018 NDS [AWC,
2018] was referenced for material properties of the walls. For this check the design equations
and design methodology are outlined first, followed by spreadsheets summarizing the final
values and final demand to capacity ratios (DCRs).

To calculate the demands used for these checks, suite mean and suite maximum results
were taken from NLRHA results. Peak wall moment, wall shear, PT bar force values were
used for these calculations. The results from the NLRHA used for the wall designs are sum-

marized in Table 6.23, 6.25, and 6.29 for the shear, moment, and PT bar values, respectively.

A.2.1 CLT Shear Capacity Check

The shear stress capacity of the CLT wall was checked at the location of the UFPs, where

the length of the CLT wall is smallest. Capacity checks were completed using suite mean
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and suite maximum wall shear values from the nonlinear numerical model.

Demand:

The demand shear stress in the CLT wall was calculated in accordance with Equation A.1
where A, is the shear area, defined by Equation A.2 and V,, is the factored shear demand
force, defined as shown in Equation A.3. For the shear stress capacity, the total area is to be
used in accordance with manufacturer standards. The 1.5 factor in Equation A.3 accounts

for the maximums shear stress at the center of the wall [Zimmerman and McDonnell, 2018].

1.5V,

fo= i (A1)

Ay = Lyegbu (A.2)
V=7V (A.3)

Capacity:

The shear stress capacity was calculated in accordance with Equation A.4. Note, at the time
of this writing there is no standardization for edgewise shear stress strength properties and
thus, it is not always reported. Because the CLT wall panel grades were created specifically
for this test (i.e. a standard manufacture grade was not used), edgewise shear strength values
were not available. Design values for edgewise shear in the CLT was taken from Katerra
CLT Product Definition for 9-ply CLT [Katerra, 2020] as it is somewhat similar to the CLT
used for the 10-story test. The lumber used to create the CLT for the 10-story test is higher

quality and thus this will be a conservative check.

F!. = ¢KpF, (A.4)

DCR:

The demand to capacity ratio for in-plane shear stress of the CLT wall was calculated ac-

cording to Equation A.5.
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Jo
Fe

<10 (A.5)

A.2.2 CLT Combined Edgewise Bending ¢ Axial Loading - Net Compression

At all points along the height of the wall, except at the base rocking interface, the stress
from combined edgewise bending and axial loading that produced net compression at any
point in the cross section of the CLT was checked. This check was completed using the wall
cross sectional area at the location where the UFPs were present since this was the smallest
area. Capacity checks were completed using suite mean and suite maximum wall moment
demands and PT force demands from the nonlinear numerical model. The following checks
for CLT combined edgewise bending and axial loading in net compression are based on
Section 3.9.2 of the NDS [AWC, 2018] with area modifications to represent just the effective
area of the CLT (the vertical laminates that are orientated parallel to loading). Chapter
3, Section 2.2.2 of the CLT handbook [FPInnovations, 2013] are referenced for the CLT

modifications.

Demand:

The demand axial compression stress value was calculated in accordance with Equation
A.6 where the effective compression area, A.f; is calculated using Equation A.7, and the
factored ultimate load, P, is calculated using Equation A.8. The demand bending stress
value was calculated in accordance with Equation A.9 where the effective section modulus,
Sers was calculated using Equation A.10, and the factored ultimate wall moment was

calculated using Equation A.11.

The suite mean and suite maximum axial force values were calculated using the maximum
total wall PT force for each ground motion from the numerical model. The suite mean

and suite maximum wall moment values were calculated using the maximum wall moments
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along the whole height of the wall for each ground motion from the numerical model. Note,
this may be slightly conservative since these two instances may not occur at exactly the

same time, however, they are likely to occur around the same time.

Compression:
P,
fo=— (A.6)
Acts
Nvert
Acir = Lyeaby A7
1 ¢ Ntotal ( )
P, =~P (A.8)
Bending:
M,
fo=o— (A.9)
Seff
Nvert L2 d
Sers = by —= A.10
1 Ntotal 6 ( )
M, =~vM (A.11)
Capacity:

The axial stress capacity of the CLT wall in compression was calculated in accordance with
Equations A.12 and A.13. Required variables are defined using Equations A.14 through
A.20. Bending stress capacity of the CLT wall was calculated in accordance with Equation
A .21, where Equations A.22 through A.24 define all needed variables. Again, this calculation
procedure is based on Section 3.9.2 of the NDS with modifications.



Compression.:
Fl=¢x F.xC,x Kp
PcE
FcE -
Acts
C. = LE/P‘;” _ 1+ (Fer/pr ) ? B Peefpr, .,
P 2c 2c C
c=10.9
Pc*,eff = (FC X KF X qb)Aeff
_ 7-‘-Z‘E'Iclbppfmin
cE — l2
EIc/Lppfmin = EIappfmin X KF X ¢
E[appfmz'n — O5184E[app
E[eff
Elyypp = —1 RPT;
GAeffl%
Bending:
Fé:¢XFbXCLXKF
OL: ].—'—FbE/F; B 1+FbE/Fb* Q_FbE/Fb*
1.9 1.9 0.95
Fy = ¢ x Fy X Kp
= 2.4E[('1pp7mm
S,
DCR:
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The demand to capacity ratio for combined edgewise bending and axial loading in net com-

pression of the CLT wall was calculated according to Equation A.25 which is based on Section

NSD 3.9.2 with modifications for CLT.

Je Jo <1.0

Al R @)

FcE

(A.25)

(A.26)
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A.2.3 CLT Combined Edgewise Bending ¢ Azial Loading - Net Tension

At all points along the height of the wall, except at the base rocking interface, the stress from
combined edgewise bending and axial loading that produced net tension at any point in the
cross section of the CLT was checked. The check was completed using the wall cross sectional
area at the location where the UFPs were present since this was the smallest area. Capacity
checks were completed using suite mean and suite maximum wall moments and PT forces
from the nonlinear numerical model. Tension forces occurred from bending but were reduced
by PT compression forces, resulting in net tension forces. The following checks for CLT
combined edgewise bending and axial loading in net tension are based on Section 3.9.1 of

the NDS [AWC, 2018] with area modifications to represent just the effective area of the CLT.

Demand:

The demand axial compression stress value was calculated in accordance with Equation
A.27 where the effective compression area, A.;s is calculated using Equation A.28, and
the factored ultimate load, P, is calculated using Equation A.29. The demand bending
stress value was calculated in accordance with Equation A.30 where the effective section
modulus, S.r; was calculated using Equation A.31, and the factored ultimate wall moment

was calculated using Equation A.32.

For both suite mean and suite maximum, initial PT forces were used for axial force values.
The suite mean and suite maximum wall moment values were calculated using the maximum
wall moments along the whole height of the wall for each ground motion from the numerical
model. Note, this load combination is conservative because the PT bars will likely be stressed
beyond their initial PT forces when the wall rocks and reaches maximum bending moment.
This would increase the compression force from the PT bars, thus decreasing the net tensile
force in the wood. While completing the check as shown results in a very conservative check,

this check was not critical for the design so it was done to ease calculations. However, because
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it is highly conservative, the axial demand factor, 7, for suite mean was taken as 1.0 instead

of 1.3 since the minimum possible value is already being used.

Compression:
P,
Acyy
Nvert
Acrr = Lyegby A28
1 ! Ntotal ( )
P,=~P (A.29)
Bending:
M,
fo=o— (A.30)
Seff
Nvert LQ d
Sers = by —== A.31
1 Ntotal 6 ( )
M, =~+M (A.32)
Capacity:

The axial stress capacity of the CLT wall in tension was calculated in accordance with

Equation A.33.

Tension:

Fl =¢x Kp x F (A.33)

DCR:

The demand to capacity ratio for combined edgewise bending and axial loading in net tension
of the CLT wall was calculated in according to Equation A.34 which is based on Equation
3.9-1 in the NDS with modifications for CLT [AWC, 2018]. Note, in Equation A.34, f. can

be taken as a negative value since it is in compression and f; is in tension.
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htte 4 (A.34)

K

A.2.4 CLT Wall Capacity Check Calculations

The following section summarizes all the values and calculations used to check the capacity

of the CLT walls panels at all locations other than the splices and the wall bases.
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CLT Shear Wall Timber Capacity Design

CLT Species:

Longitudinal Layers: MSR rated lumber 2400-2.0E
Transverse Layers: Southren Pine, No. 1 Visual grade (12" wide)

CLT Material Properties:

MOE (long. Layers): E =
MOE (trans. Layers): E,=
Comp. design value (parallel): F.=
Bending design value (parallel): F, =
Tension design value: F,=

Edgewise shear stress:

Geometric Properties:
CLT wall thickness: b, =
Laminate thickness: =

No. of total laminates: Niotal =
No.of vertical laminates: Nyert =
CLT wall length total: L=
CLT wall length reduced Liea=
Unbraced panel length: l,=
Effective panel length: l.=
Calculated Geometric Properties:

Effective area: A=
Effective section modulus: Seir=

2.00E+06 psi
1.60E+06 psi
1975 psi
2400 psi
1925 psi

235 psi

12.375 in
1.375 in

9

5
117.125 in
102.625 in
132 in
242.88 in

705.5 in®
12068 in’

CLT Wall Capacity Checks

NDS sup. Table 4C for MSR 2400f-2.0E
NDS sup. Table 4B for No. 1 Visual Grade
NDS sup. Table 4C for MSR 2400{-2.0E
NDS sup. Table 4C for MSR 2400f-2.0E
NDS sup. Table 4C for MSR 2400f-2.0E
Katerra Prodcut Definition

Wall length at the UFP cutouts
Story height
Assume equal end moments, NDS Table 3.3.3

Area of vertical laminations

Section modulus of vertical laminations

Page 1 of 4
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ElL.; Calculation - per CLT handbook:

CLT Wall Capacity Checks

Layer E z Ebh*/12 EAZ’ sum
- psi in Ib in? Ib in® Ib in’
1 2.00E+06 5.5 4.45E+07 8.54E+09 8.58E+09
2 5.33E+04 4.125 1.19E+06 1.28E+08 1.29E+08
3 2.00E+06 2.75 445E+07 2.13E+09 2.18E+09
4 5.33E+04 1.375 1.19E+06 1.42E+07 1.54E+07
5 2.00E+06 0 4.45E+07 0.00E+00 4.45E+07
6 5.33E+04 1.375 1.19E+06 1.42E+07 1.54E+07
7 2.00E+06 2.75 4.45E+07 2.13E+09 2.18E+09
8 5.33E+04 4.125 1.19E+06 1.28E+08 1.29E+08
9 2.00E+06 5.5 445E+07 8.54E+09 8.58E+09
Elg= 2.19E+10 1p in?
Elgr= 2.56E+09 1b in¥/ft
CLT in Shear:
Shear Calculations:
Effective shear area: A, = 1270 in’ Per Katerra standards, use total by,
Format conversion Factor: Ky = 2.88 NDS Table 10.3.1
Resistance Factor: ¢= 0.75 NDS Table 10.3.1
Adj. shear stress (w/o ¢): F,'= 677 psi

CLT Shear Capacity Check:
Suite Mean Suite Max

= 1.3 1
Shear
Demands u’” 163 179
" = 193 211
Shear 0= 0.75 1
Capacity  F, '= 508 677
DCR 0.38 0.31

kip
psi

psi

Page 2 of 4
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CLT Combined Axial-Flexure in Compression :

Compression Capacity Calculations:
Loading condition Factor:

Effective bending stiffness (per ft):
Effective bending stiffness:
Effective shear stiffness (per ft):

Effective shear stiffness:
Apperent bending stiffness:

Min. app. bending stiffness:
Format conversion factor El,, in:
Resistance Factor:

Adj. Min. app. bending stiffness:
P

Format conversion factor F:
Resistance Factor:

Adj. Comp. Il to grain (w/o Cp):
For CLT:

Column stability factor:

Adj. comp. design value (w/o @):
Critical buckling design value:

Bending Capacity Calculations:
Resistance Factor:

Format conversion factor Fy:
Adj. Bending (w/o Cy):

Fye:

Bending stability factor:

Adj. Edgewise bending design
value (W/0 @):

K=

El. (per ft) =
Eler=

GA (per ft) =
GAeff =

EIl
EIappfmin =
K=

0=
EIapp—miny =
PCE =
K=

0=

Pc,eff* =
c=

C,=

app

"=

c

FcE =

CLT Wall Capacity Checks

11.5 NDS Tbl. 10.4.1.1 uniform dist. pinned
2.56E+09 [p in¥ft CLT Handbook Ch. 3 Eq. 24

2.19E+10 Ib in*
1.80E+06 1b/ft
1.54E+07 Ib
1.13E+10 Ib in”
5.85E+09 b in*
1.76
0.85
8.75E+09 b in”
4956 kip
2.4
0.9
3010 kip
0.9
0.89
4237 psi
7025 psi

0.85
2.54

5182 psi

7165 psi
091

5558 psi

Adj. for the reduced wall length
Katerra Prodcut Definition

Adj. for the reduced wall length
CLT Handbook Chapter 3 Eq. 5
CLT Handbook Chapter 3 Eq. 8
NDS Section 10.3, Table 10.3.1
NDS Section 10.3, Table 10.3.1
NDS Section 10.3

CLT Handbook Ch. 3 Sec. 2.2.2
NDS Section 10.3, Table 10.3.1
NDS Section 10.3, Table 10.3.1
NDS Section 10.3 - Modified
NDS Equation 3.7-1

NDS Equation 3.7-1 - Modified
NDS Section 10.3

P g divied by the effective area

NDS Section 10.3, Table 10.3.1
NDS Section 10.3, Table 10.3.1

NDS Section 10.3

NDS Equation 3.3-6 - Modified
NDS Equation 3.3-6

NDS Section 10.3

Page 3 of 4
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CLT Combined axial-flexure in compression check:

Suite Mean Suite Max

, y= 1.3 1
g:;iﬁi M, = 40174 42594 Kip-in
f, = 3329 3530 psi
= 1.3 1
Axial .
Demands P, = 324 275 klP
= 460 390 psi
Bending = 0.85 1
Capacity Fy' = 4724 5558  psi
. 0= 0.9 1
Axial F.'= 3813 4237 psi
Capacity  p _ 7025 7025 psi
DCR 0.77 0.68
CLT Combined axial-flexure in tension :
Shear Capacity Calculations:
Format conversion factor F, : Kr= 2.7
Resistance Factor: 0= 0.8
Adj. tension design value (w/o ¢): F/'= 5197.5 psi

CLT Combined axial-flexure in tension check:

Suite Mean Suite Max

Bendi Y= 1.3 1
ending _
Demands M 40174
f, = 3329 3530
. Y= 1 1
Axial
Demands P, = -200 -200
L= -283 -283
Tensile ¢ = 0.8 1
Capacity F/'= 4158 5197.5
DCR 0.73 0.62

42594 kip-in

psi

kip
psi

psi

CLT Wall Capacity Checks

NDS Section 10.3, Table 10.3.1
NDS Section 10.3, Table 10.3.1
NDS Section 10.3

Page 4 of 4
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A.3 MPP Rocking Wall Capacity Design

This section includes the design calculations for the MPP shear walls in the 10-story test
specimen. The walls were checked for shear, combined edgewise bending and axial loading
in net compression, and combined edgewise bending and axial loading in net tension. See
Section 6.6.3 for a conceptual discussion of these checks. The current APA product report
from Freres Lumber was reference for material properties [APA, 2021] of the MPP walls.
For this check the design equations and design methodology is outlined first, followed by
spreadsheets summarizing the final values and final demand to capacity ratios (DCRs).

To calculate the demands used for these checks, suite mean and suite maximum results
were taken from NLRHA results. Peak wall moment, wall shear, PT bar force values were
used for these calculations. The results from the NLRHA used for the wall designs are sum-

marized in Table 6.23, 6.25, and 6.29 for the shear, moment, and PT bar values, respectively.

A.3.1 MPP Shear Capacity Check

The shear stress capacity of the MPP wall was checked at the location of the UFPs were
the length of the MPP wall is smallest. Capacity checks were completed using suite mean

and suite maximum wall shear values from the nonlinear numerical model.

Demand:

The demand shear stress for the MPP wall was calculated in accordance with Equation A.35
where A, is the shear area, defined by Equation A.36 and V,, is the factored shear demand
force, defined as shown in Equation A.37. For the shear stress capacity, the blank area is to
be used per something. The 1.5 factor in Equation A.37 accounts for the maximums shear

stress at the center of the wall [Zimmerman and McDonnell, 2018].
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1.5V,
= " A.35
fo= 5 (4.35)
A, = Lb, (A.36)
Capacity:
The shear stress capacity was calculated in accordance with Equation A.38.
Fl, = ¢KpF, (A.38)

DCR.:
The demand to capacity ratio for in-plane shear stress of the MPP wall was calculated

according to Equation A.5.

]f:j’ <1.0 (A.39)

A.3.2 MPP Combined Edgewise Bending € Axial Loading - Net Compression

At all points along the height of the wall, except at the base rocking interface, the stress from
combined edgewise bending and axial loading that produced net compression at any point
in the cross section of the MPP was checked. This check was completed for two different
wall cross sectional areas and the case with the smallest DCR was taken as the controlling
condition. The considered cross sectional areas were the areas at the location where the
UFPs were present and the location where the UFPs were not present. For MPP, the smaller
cross sectional area (i.e. the locations where the UFPs are present) do not necessarily
control as the bending design value (Fy) is dependent on the depth of the wood when loaded
edgewise (i.e. the length of the wall for the given cross sectional area), in accordance with

APA Product Report PR-L325, Table 2, footnote d. Capacity checks were completed using
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suite mean and suite maximum wall moments and PT forces from the nonlinear numerical
model. The following checks for MPP combined edgewise bending and axial loading in

net compression are based on Section 3.9.2 of the NDS [AWC, 2018] with some modifications.

Demand:

The demand axial compression stress value was calculated in accordance with Equation
A.40 where the area, A, is calculated using Equation A.41 or Equation A.42 for the section
check without the UFPs and the section check with the UFPs, respectively. The factored
ultimate load, P,, is calculated in accordance with Equation A.43. The demand bending
stress value was calculated in accordance with Equation A.44 where the section modulus,
S, was calculated using Equation A.45 or A.46 for the section check without the UFPs and
the section check with the UFPs, respectively. The factored ultimate wall moment, M,,, was

calculated in accordance with Equation A.47.

The suite mean and suite maximum axial force values were calculated using the maximum
total wall PT force for each ground motion from the numerical model. The suite mean
and suite maximum wall moment values were calculated using the maximum wall moments
along the whole height of the wall for each ground motion from the numerical model. Note,
this may be slightly conservative since these two instances may not occur at exactly the

same time, however, they are likely to occur around the same time.

Compression:
P,
=" A4
o=t (A40)
A - Ltotbw (A4.1)
A = Lyegby (A.42)

P,=+P (A.43)
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Bending:
M,
fr=— (A.44)
Seff
2
S = % (A.45)
b L?
_ [WTeff (A.46)
6
M, =~+M (A.47)
Capacity:

The axial stress capacity of the MPP wall in compression was calculated in accordance with
Equations A.49 and A.50. Required variables are defined using Equations A.51 through
A.56. Bending stress capacity of the MPP wall was calculated in accordance with Equation
A.57, where Equations A.58 through A.61 define all needed variables. Again, this calculation

procedure is based on Section 3.9.1 of the NDS with modifications

As mentioned previously, in accordance with APA Product Report PR-L325, the bending
stress design value, Fy, is dependent on the depth of the wood when loaded edgewise. This,
this check was performed at two locations using the corresponding two different design
values. The first location is where the UFPs are present and the second location is where
the UFPs are not present. Per APA Product Report PR-L325, Table 2, footnote d, the
bending design value, Fy, should be adjusted by the factor show in Equation A.48, where
Lyqu is the length of the wall at that section.

(12/L o) (A.48)



Compression:
Fl=¢pxF.xC,x Kp
0.822F' .
Fc — min
E ()
o - 1 + Fer /Ry 1+ (Fer/rs)]?  Fer/rs
P 2c 2c c
c=10.9
F; = (FC X KF X (b)Aeff
E;nm = Epin X Kp X ¢
Epin = E'[1 —1.645COVE] (103) /1 66
COVg=0.1
Bending:
Fb,:ngFbXCLXKF
ch 1 + For /py 1+ For/Fy 2 For [y
19 1.9 0.95
Fb* = ¢ X Fb X KF
1.2E" .
F — man
bE R2B
loLy,
Rp = 72
DCR:
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(A.57)

(A.58)
(A.59)
(A.60)

(A.61)

The demand to capacity ratio for combined edgewise bending and axial loading in net com-

pression of the MPP wall was calculated according to Equation A.62 which is based on

Section NSD 3.9.2 [AWC, 2018] with modifications for MPP.
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c

[ﬁ] + Jo <10 (A.62)
F [

AR

(A.63)

A.3.8 MPP Combined Edgewise Bending € Azial Loading - Net Tension

At all points along the height of the wall, except at the base rocking interface, the stress from
combined edgewise bending and axial loading that produced net tension at any point in the
cross section of the MPP was checked. This check was completed for two different wall cross
sectional areas and the case with the smallest DCR was taken as the controlling condition.
The considered cross sectional areas were the areas at the location where the UFPs were
present and the location where the UFPs were not present. For MPP, the smaller cross
sectional area (i.e. the locations where the UFPs are present) do not necessarily control
as the bending design value (Fp) and the tension design value (F;) are both dependent on
cross sectional properties. The bending design value is dependent on the depth of the wood
when loaded edgewise (i.e. the length of the wall for the given cross sectional area), in
accordance with APA Product Report PR-L325, Table 2, footnote d. The tension design
value is dependent on the length of the wood in tension (i.e. the height of the wall with
the given cross sectional area), in accordance with APA Product Report PR-L325, Table
2, footnote f. Capacity checks were completed using suite mean and suite maximum wall
moments and PT forces from the nonlinear numerical model. Tension forces occurred from
bending but were reduced by PT compression forces, resulting in net tension forces. The
following checks for MPP combined edgewise bending and axial loading in net tension are
based on Section 3.9.1 of the NDS [AWC, 2018] with area modifications for MPP.

Demand:

The demand axial compression stress value was calculated in accordance with Equation

A.64 where the effective compression area, A is calculated using Equation A.65 or Equation
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A.66 for the section check without the UFPs and the section check with the UFPs,
respectively. The factored ultimate load, P, is calculated in accordance with Equation
A.67. The demand bending stress value was calculated in accordance with Equation A.68
where the effective section modulus, S was calculated using Equation A.69 or Equation
A.70 for the section check without the UFPs and the section check with the UFPs, respec-

tively. The factored ultimate wall moment was calculated in accordance with Equation A.71.

For both suite mean and suite maximum, initial PT forces were used for axial force values.
The suite mean and suite maximum wall moment values were calculated using the maximum
wall moments along the whole height of the wall for each ground motion from the numerical
model. Note, this load combination is conservative because the PT bars will likely be stressed
beyond their initial PT forces when the wall rocks and reaches maximum bending moment.
This would increase the compression force from the PT bars, thus decreasing the net tensile
force in the wood. While completing the check as shown results in a very conservative check,
this check was not critical for the design so it was done to ease calculations. However, because
it is highly conservative, the axial demand factor, v, for suite mean was taken as 1.0 instead

of 1.3 since the minimum possible value is already being used.

Compression:
P,
= A.64
o=t (A64)
A == Ltotbw (A65)
A = Lyegby (A.66)

P, =~P (A.67)
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Bending:
M,
_ v A.68
=" (A.65)
by L?
S = th (A.69)
by L2
— WTeff (A.70)
6
M, =~vM (A.71)
Capacity:

The axial stress capacity of the MPP wall in tension was calculated in accordance with

Equation A.73.

As mentioned previously, in accordance with APA Product Report PR-1325, the tensile
stress design value, F}, is dependent on the length of the wood in tension. This, this check
was performed at two locations using the corresponding two different design values. The
first location is where the UFPs are present and the second location is where the UFPs are
not present. Per APA Product Report PR-L325, Table 2, footnote f, the bending tension
value, F}, should be adjusted by the factor show in Equation A.72, where H,,,; is the height

of the wall at that section.

Yt " (A.72)

Tension:

F,=¢x Krp x F, (A.73)
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The demand to capacity ratio for combined edgewise bending and axial loading in net tension
of the MPP wall was calculated in according to Equation A.74 which is based on Equation
3.9-1 in the NDS [AWC, 2018]. Note, in Equation A.74, f. can be taken as a negative value

since it is in compression and f; is in tension.

f +,fc <1.0 (A.74)
Ft

A.3.4 MPP Wall Capacity Check Calculations

The following section summarizes all the values and calculations used to check the capacity

of the MPP walls panels at all locations other than the splices and the wall bases.
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MPP Shear Wall Timber Capacity Design

MPP Species:
Assumed grade F16
9 inch thick MPP (Layup ID F16-9)

MPP Material Properties:

MOE (Joist): E=
MOE (Plank): E=

Eff. bending stiffness (per ft):  Elygo =
Eff. shear stiffness (per ft): GA 0=

Comp. design value (parallel): F =

Bending design value (raw): Fy raw =
Tension design value (raw): F,raw =
Edgewise shear stress (raw): Feg0 (raw) =
Edgewise shear stress: Fyeo0=
Geometric Properties:

MPP wall thickness: b, =

MPP wall length total: L=

MPP wall length reduced: Lieg=
Unbraced panel length: I, =

Effective panel length: l.=

Tension height - Full length: Hyy =
Tension height - UFP cutout: Hyp =

1.60E+06 psi
1.40E+06 psi
1.39E+09 [p in®/ft
3.42E+06 1b/ft
2400 psi
1900 psi
1300 psi
255 psi
102 psi

9.1875 in
105.125 in
90.625 in
132 in
243 in

7 ft

4 ft

MPP Wall Capacity Checks

PR-L325, Table 2
PR-L325, Table 2
PR-L325, Table 1, major dir.
PR-L325, Table 1, major dir.
PR-L325, Table 2
PR-L325, Table 2
PR-L325, Table 2
PR-L325, Table 2
PR-L325, Table 2 Footnote h

Wall length at the UFP cutouts

Story height

Equal end moments, NDS Table 3.3.3
Height for F, adj. factor calc. - full length
Height for F, adj. factor calc. - ufp cutout

Page 1 of 5
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MPP in Shear:

Shear Calculations:
Shear area (total area):

Format conversion Factor:
Resistance Factor:
Adj. shear stress (w/o @):

MPP Wall Capacity Checks

A, = 833 in’
Kp= 2.88 NDS Section 8.3 Table 8.3.1
0= 0.75 NDS Section 8.3 Table 8.3.1
F,' = 294 psi

MPP Shear Capacity Check:

Suite Mean Suite Max

y=

u

Shear
Demands

v

Shear Capacity ? 7,:
ve

DCR

13 1
163 166  kip
294 298 psi
0.75 1
220 294 psi
1.34 1.02

Page 2 of 5
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MPP Combined axial-flexure in compression:

UFP
Calculated Geometric Properties: Cutout
Area: A= 832.6
Section Modulus: S= 12576
Compression Capacity Calculations:
Loading condition Factor: K= 11.5
Coefficient of variation in MOE: COVg = 0.1
Minimum MOE (Plank): Enin= 7.26E+05
Format converstion factor for E;;:  Kg= 1.76
Resistance Factor E,;,.: 0= 0.85
Adjusted Minimum MOE: E'win= 1.09E+06
F.g: F= 4324
Format converstion factor for F: K= 2.4
Resistance Factor F: 0= 0.9
Adj. comp. design value (w/o C,):  F.*= 5184
For mass timber panels: c= 0.9
Column stability factor: C,= 0.69
Adj. comp. design value (w/o ¢): F./'= 3946
Bending Capacity Calculations:
F, adjustment factor: Fy factor = 0.71
Bending design value (adjusted): F,= 1356
Slenderness ratio for bending: Rg= 16.15
Fpg: Fpg = 4997
Format converstion factor for Fy: K= 2.54
Resistance Factor Fy: o= 0.85
Adj. bending design value (w/o Cp): F,* = 2929
Bending stability factor: C.= 0.94
Adj. Edgewise bending design ¥, = 3245

value (w/o @):

Full
length

965.8 in’
16922 in’

MPP Wall Capacity Checks

Area of Section

Section modulus of section

11.5 NDS Tbl. 10.4.1.1 uniform dist. pinned

0.1
7.26E+05 psi

1.76

0.85
1.09E+06 psi
4324 psi

2.4

0.9
5184 psi

0.9

0.69

3946 psi

0.70
1323 psi
17.39
4307 psi
2.54
0.85

2857 psi
0.93

3113 psi

NDS Section F.2, Table F1
NDS Equation D-4

NDS Section 10.3 Table 10.3.1
NDS Section 10.3 Table 10.3.1
NDS Section 8.3

NDS Equation 3.7-1

NDS Section 8.3 Table 8.3.1
NDS Section 8.3 Table 8.3.1
NDS Section 8.3

NDS Equation 3.7-1

NDS Equation 3.7-1

NDS Section 8.3

PR-L325, Table 2, Footnote (d)
PR-L325, Table 2, Footnote (d)
NDS Equation 3.3-5

NDS Equation 3.3-6

NDS Section 8.3 Table 8.3.1
NDS Section 8.3 Table 8.3.1

NDS Section 8.3
NDS Equation 3.3-6

NDS Section 8.3

Page 3 of 5
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MPP Combined axial-flexure in compression check - UFP Cutout:

Suite Mean Suite Max

43776 kip-in

psi

Bending = 1.3 !
M, = 42265
Demands
b= 3361 3481
= 1 1
Axial
P, = 250 273
Demands "
= 301 327
Bending ¢ = 0.85 1
Capacity F,'= 2759 3245
ol 0° 0.9 1
c ’“a.t F. = 3551 3946
Ay g - 4324 4324
DCR 1 1.32 1.17

MPP Combined axial-flexure in compression check - Full Length:

kip
psi

psi

psi
psi

Suite Mean Suite Max

= 1.3 1
Bending
M, = 42265 43776
Demands
f,= 2498 2587
Axial - : !
xia
Demands Pu= 230 273
f,= 259 282
Bending ¢ = 0.85 1
Capacity F,'= 2646 3113
. 0= 0.9 1
Axial g\ _ 3551 3946
Capacity
E= 4324 4324
DCR 1 1.01 0.89

kip-in
psi

kip
psi

psi

psi
psi

MPP Wall Capacity Checks

Page 4 of 5
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MPP Combined axial-flexure in tension :

Shear Capacity Calculations:

F, adjustment factor: F, factor =
Tension design value (adj.): F,=
Format conversion factor F, : K=
Resistance Factor: 0=

Adj. tension design value (w/o ¢): F/'=

UFP
Cutout

1.00
1300
2.7
0.8
3510

MPP Wall Capacity Checks

Full
length

0.92 PR-L325, Table 2, Footnote (f)
1200 psi PR-L325, Table 2, Footnote (f)
2.7 NDS Section 8.3 Table 8.3.1
0.8 NDS Section 8.3 Table 8.3.1

3240 psi NDS Section 10.3

MPP Combined axial-flexure in tension check - UFP Cutout:

Suite Mean Suite Max

, v = 1.3 1
g:;‘l‘;l;‘dgs M, = 42265 43776
f, = 3361 3481
. Y= 1 1
f,= -240 -240
Tensile ¢= 0.8 1
Capacity F/'= 2808 3510
DCR 1.11 0.92

kip-in
psi

kip
psi

psi

MPP Combined axial-flexure in tension check - Full Length:
Suite Mean Suite Max

y= 1.3 1
Bending Demands M, = 42265 43776
f, = 2498 2587
Y= 1 1
Axial Demands P, = 200 2200
f,= -207 -207
Tensile Capacity = 08 !
2592 3240
DCR 0.88 0.73

kip-in
psi

kip
psi

psi

Page 5 of 5
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A.4 Rocking Wall Splice Design

This section includes the design calculations for the CLT and MPP shear wall splices for
the 10-story test specimen. The wall splices were checked for axial-flexural interaction and
for shear capacity. See Section 6.6.3 for a conceptional discussion of this splice connection
design, construction process, and figures. For the CLT walls, the 2018 NDS [AWC, 2018] was
referenced for material properties. For the MPP walls, the current APA product report from
Freres Lumber was reference for material properties [APA, 2021]. For this check the design
equations and design methodology is outlined first, followed by spreadsheets summarizing
the final values and final demand to capacity ratios (DCRs).

To calculate the demands used for these checks, suite mean and suite maximum results
were taken from NLRHA results. Peak wall moment and wall shear values at stories 4 and
7 were used for these calculations. The same CLT splice design was used at all CLT splice
locations and the same MPP splice design was used at all MPP splice locations, so the overall
maximum value at all four locations was used for each wall panel splice design. The results
from the NLRHA used for the splice design are summarized in Table 6.23 and 6.25 for the

shear and moment values, respectively.

A.4.1 Axial-Flexural Interaction Design

To complete the axial-flexural interaction check, the minimum tension rod spacing was first
calculated such that the tensile capacity of the mass timber section was greater than or equal
to the tensile capacity of the tension rods. The minimum spacing (s,.:,) for a tension rod
group was calculated as the ratio of the yield force of the tension rods to the tensile capacity
of the timber section, as shown in Equation A.76. A tension rod group was defined as a
group of three tension rods as shown in Figure A.1. For the CLT walls, it was assumed that
the tensile stress in the wood acts only on the total area of the vertical laminations. For the
MPP walls, the entire cross section area was used (Equation A.75). With this check, the

spacing of the groups of tension rods, s, was designed to be greater than or equal to s,,,.



Demand:
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5/9b,, for CLT Wall
byerf = (A.75)

bw for MPP Wall

FA o
Smin = Ry ynetlrod <A76)
qbKFFtbw,eff

Shr 77777777777777777
S2
Lw

N e Y-y - S ]
l ,,,,,,,,,,,,,,,,,,,,,,,,
- bw £ & KgFe

WALL CROSS STRAINS FORCES &
SECTION STRESSES

Figure A.1: Axial-flexural interaction of the shear wall splices

The demand moment for the wall splice was taken from the nonlinear numerical model

results. The moment in each wall at the locations of both of the splices were considered and

a single design was used for all the splices in each type of wall panel. The overall demand

was calculated in accordance with Equation A.77.

AT
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Capacity:

The capacity of the wall splice in combined flexural and axial compression was calculated
assuming plane sections remain plane over the cross section. The stress, strain, and force
diagrams shown in Figure A.1 were then constructed. In the cross section, the ultimate
applied axial load (Py) was set equal to the initial post-tensioning force for the entire wall
(Equation A.78) and the outer most rod in tension was limited to twice the yield strain of

the bars (Equation A.79).

P, = initial PT force (A.78)
€rodl = 26, (A.79)
Then, a compression length, ¢, was estimated and the maximum tensile strain, ¢;, and

maximum compressive strain, €,004, in the wood was calculated (Equation A.80 through

A.82).

€rodl
¢ = — (A.80)
€ = ¢(Ly — ) (A.81)
€wood = ®(0 — ¢) (A.82)

The peak compressive strain, €004, Was then compared to the calculated yield strain, ¢,
(Equation A.83). If €004 exceeded €,, then an elastic perfectly plastic compression distribu-
tion was assumed for the compression zone, otherwise a linear elastic relationship was used.
The wood in the CLT and MPP splices of the 10-story specimen both remained elastic in
compression, so that is what is depicted within these calculations. With the linear elastic
force distribution, the compression force in the wood was then calculated in accordance with
Equation A.84. Note, for CLT, the stress in the wood acts only on the total area of the

vertical laminations.
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KrpF.,
€y =

B (A.83)

Fwood = 0-5Ew€wood6bw,eff (A84)

The strains, stress, and forces in the bars in the tension region were also calculated
based on the estimated compression length, ¢ (Equations A.85 through A.88). The stress in
each bars was calculated using a simple elastic perfectly plastic constitutive model (Equation
A.86). For the 10-story building splices the bars had all reached or exceeded their yield strain
during this check. As mentioned in Section 6.6.3, the capacity of the rods in compression
were assumed to be zero due to the discontinuity in the rods from the addition of the splice

plate.

€rodi — ¢(dz — C) (A85)
€rodill  1f €roq; < €

Orodi = ! ‘ ! <A86)
€y if €rodi Z €y

Frodi - 6TodlA’4’n,etn7"ods <A87)

Frods = Z Frodi (A88)

The compression length, ¢, was iterated on until vertical equilibrium (Equation A.89) was
satisfied. The total axial-flexural capacity of the wall was calculated by summing moments

about the center of the wall (Equations A.90 through A.92).

Pn:Pu+Fwood+Frod

MrOds = Z Frodi(di - Lw/2)

(A.89)

M yyo0d = Fwood( n L“’/Q + Cl/3> (A90)
(A.91)

Mn - Mwood + Mrods ( )
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DCR:

The demand to capacity ratio of the splice under combined axial-flexural interaction was

calculated in accordance with Equation A.93.

M,

DCR = oM,

(A.93)

This assumption is likely conservative because the largest moment demand at the splice
connection likely occurs when the wall is not perfectly vertical, resulting in some stretch
in the PT bars and thus a larger axial compression force, which increases the connection’s

flexural capacity.

A.4.2  Shear Design

Material test data was used to check the shear capacity of the splices.
Demand:

The demand shear for the wall splice was taken from the nonlinear numerical model
results. The shear in each wall at the locations of both the splices were considered. The

overall demand was calculated in accordance with Equation A.94.

Capacity:
The shear capacity of the wall splice was calculated using test data. The lateral capacity
of each rod, taken from test data, was multiplied by the total number of rods, as shown in

Equation A.95.

van = qbZJ_,’refnrods (A95)

DCR:
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The demand to capacity ratio of the splice in shear was calculated in accordance with

Equation A.96.

DCR =

u

¢V

A.4.8 Auxial-Flezural Interaction Design Calculations

(A.96)

The following section summarizes all the values and calculations used to check the capacity

of the walls splices. The calculations for the CLT wall splice are provided first, followed by

the MPP wall splice.
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CLT Wall Splice Connection Calculations

CLT Shear Wall Splice

CLT Wall Properties:
Longitudinal Layers: MSR Rated lumber 2400-2.0E

Wall width: by, = 12.375 in

Effective wall width: by e = 6.875 in

Wall length: L, = 117.125 in

Modulus of Elasticity: Eyood = 2000 ksi  NDS sup. Table 4C for MSR 2400{-2.0E
Format conversion factor F.": Kg= 2.4 NDS Table 10.3.1

Compression design value: F.= 1975 psi NDS sup. Table 4C for MSR 2400{-2.0E
Adj. compression design value:  KgF, = 4740 psi

Format conversion factor F,": Ke= 2.7 NDS Table 10.3.1

Tension design value: F, = 1925 psi  NDS sup. Table 4C for MSR 2400f-2.0E
Adj. tension design value: KiF, = 5197.5 psi

CLT yield strain: &= 0.0024 in/in

Tension Epoxy Rod Properties:
F1554 Gr. 36 Fully Threaded

Yield Stress Ratio: R, = 1.1
Yield stress: Fy= 36 ksi
Tensile stress: F,= 58 ksi
Modulus of Elasticity: E= 29000 ksi
Ultimate strain: &, = 0.05 in/in
Yield strain: g, = 0.00124 in/in
Rod net area: A= 0.606 in®
Edge distance: 8 = 3.75 in
Offset spacing: S, = 1 in
Spacing: s= 5 in

Page 1 of 4
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Axial-Flexural Interaction Design:

Calcualte Min Tension Rod Spacing:

Rods per group:
Resistance factor for F, =
minimum tension rod spacing:

Calculate Flexural Capacity:

Applied axial load:

Tensile strain in last rod:
Compression length:
Curvature:

Peak wood tensile strain:

Peak wood compression strain:
Linear compression length:
Yielded compression length:
Eq. wood compression force 1:
Eq. wood compression force 2:
Strain in rods:

Stress in rods:

Force in rods:

Total force in rods:

Resultant axial force:

Wood moment capacity 1:
Wood moment capacity 2:
Rod moment capacity:

Total moment capacity:

Nrogs =

Smin =

P, =
€rod,l =

c=

o=

&=

Ewood =

C =

Cr, =
Fwood,compr] =
F wood,compr2 =
smd,i =

Gmd,i =

l:md,i =

Frod =

P,=

Mwood.comprl =

M
Mmds =

wood,compr2 =

CLT Wall Splice Connection Calculations

0.8
2.52 in

200 kip
0.00248 in/in
47.7 in
3.78E-05 1/in
0.00262 in/in
-0.00181 in/in
47.7 in

0.0 in
-593 kip
0 kip
See Table
See Table
See Table
392.7 kip
0 kip
25278 kip-in
0 kip-in
16485 kip-in
41762 kip-in

Page 2 of 4
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Tension Rod strains, stresses, and forces table

CLT Wall Splice Connection Calculations

Axial-Flexural Interaction CLT Wall Splice Check:

Suite Mean Suite Max

Flexure y= 1.3 1

demands M, = 40174 42594  kip-in

Flexure ¢ = 0.9 1

capacity oM, 37586 41762  kip-in
DCR My/oM, = 1.07 1.02

i d; Dyods €odi  Orodi Frodi Mrodi

- in - in/in  ksi k kin

1 3.75 2 0 0 0 0

2 475 1 0 0 0 0

3 8.75 2 0 0 0 0

8 4 9.75 1 0 0 0 0
? 5 13.75 2 0 0 0 0
g 6 14.75 1 0 0 0 0
< 7 18.75 2 0 0 0 0
g 8 19.75 1 0 0 0 0
2 9 23.75 2 0 0 0 0
10 24.75 1 0 0 0 0

11 28.75 2 0 0 0 0

12 29.75 1 0 0 0 0

13 87.375 1 0.0015 36.0 21.8 629

14 88.375 2 0.0015 36.0 43.6 1301

15 92.375 1 0.0017 36.0 21.8 738

- 16 93.375 2 0.0017 36.0 43.6 1519
2 17 97.375 1 0.0019 36.0 21.8 847
[of» 18 98.375 2 0.0019 36.0 43.6 1737
g 19 102.375 1 0.0021 360 21.8 956
g 20 103.375 2 0.0021 36.0 43.6 1955
= 21 107.375 1 0.0023 36.0 21.8 1065
22 108.375 2 0.0023 36.0 43.6 2173

23 112.375 1 0.0024 36.0 21.8 1174

24 113.375 2 0.0025 36.0 43.6 2392

Total 392.7 16485

Page 3 of 4
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Shear Design:

Shear Epoxy Rod Properties:
F1554 Gr. 36 Partially Threaded

Yield stress: Fy= 36 ksi
Tensile stress: F,= 58 ksi
Modulus of Elasticity: E= 29000 ksi
Net area: A= 0.606 in’
Rod diameter: D= 1 in
Total number of shear rods: n 4 = 16
Lateral capacity per rod: Zyyer = 5500 1b
Shear Capacity CLT Wall Splice Check:
Suite Mean Suite Max
Shear Y= 1.3 1
Demands Vv, = 80 84 kip
Shear 0= 1 1
Capacity ¢V, = 88 88 kip
DCR VJ/oV, = 0.91 0.95

CLT Wall Splice Connection Calculations

Page 4 of 4
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MPP Shear Wall Splice

MPP Wall Properties:

Wall width:

Effective wall width:

Wall length:

Modulus of Elasticity:
Format conversion factor F":

Compression design value:

Adj. compression design value:

Format conversion factor F:
Tension design value:

Adj. tension design value:
CLT yield strain:

Tension Epoxy Rod Properties:

F1554 Gr. 36 Fully Threaded
Yield Stress Ratio:
Yield stress:

Tensile stress:
Modulus of Elasticity:
Ultimate strain:

Yield strain:

Rod net area:

Edge distance:

Offset spacing:
Spacing:

9.1875 in
9.1875 in
105.125 in
1600 ksi
2.4
2400 psi
5760 psi
2.7
1300 psi
3510 psi
0.0036 in/in

1.1
36 ksi
58 ksi
29000 ksi
0.05 in/in
0.00124 in/in
0.606 in®
3.25 in
1in
4 in

MPP Wall Splice Connection Calculations

PR-L325, Table 2
NDS Table 8.3.1
PR-L325, Table 2

NDS Table 8.3.1
PR-L325, Table 2

Page 1 of 4
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Axial-Flexural Interaction Design:

Calcualte Min Tension Rod Spacing:

Rods per group:
Resistance factor for F, =
minimum tension rod spacing:

Calculate Flexural Capacity:

Applied axial load:

Tensile strain in last rod:
Compression length:
Curvature:

Peak wood tensile strain:

Peak wood compression strain:
Linear compression length:
Yielded compression length:
Eq. wood compression force 1:
Eq. wood compression force 2:
Strain in rods:

Stress in rods:

Force in rods:

Total force in rods:

Resultant axial force:

Wood moment capacity 1:
Wood moment capacity 2:
Rod moment capacity:

Total moment capacity:

Nyogs =

Smin =

P =

u

€md,l =

0=
&=
€wood =
C =
C, =
F
F

wood,comprl =
wood,compr2 =
8rocl,i =

cSmd,i =
Froai=

Frod =

P,=

Mwood,comprl =

Mwood,comprz =
Mrods =
M, =

MPP Wall Splice Connection Calculations

0.8
2.79 in

200 kip
0.00248 in/in
45.2 in
4.38E-05 1/in
0.00263 in/in
-0.00198 in/in
45.2 in

0 in
-658 kip
0 kip
See Table
See Table
See Table
458.1 kip
0.0 kip
24676 kip-in
0 kip-in
16941 kip-in
41617 kip-in

Page 2 of 4
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Tension Rod strains, stresses, and forces table

MPP Wall Splice Connection Calculations

i d; Drods €odi  Orodi  Frodi  Mrodii

- in - in/in  ksi k kin

1 325 2 0 0 0 0

2 425 1 0 0 0 0

3 725 2 0 0 0 0

4 8.25 1 0 0 0 0

8 5 11.25 2 0 0 0 0
% 6 1225 1 o 0 0 o0
g 7 15.25 2 0 0o 0 0
© 8 16.25 1 0 0 0 0
2 9 19.25 2 0 0 0 0
2 10 20.25 1 0 0 0 0
11 23.25 2 0 0 0 0

12 24.25 1 0 0 0 0

13 27.25 2 0 0 0 0

14 28.25 1 0 0 0 0

15 76.875 1 0.0014 360 218 530

16 77.875 2 0.0014 360 43.6 1104

17 80.875 1 0.0016 360 21.8 618

18 81.875 2 0.0016 360 43.6 1279

- 19 84.875 1 0.0017 360 21.8 705
é 20 85.875 2 0.0018 36.0 43.6 1453
& 21 88.875 1 0.0019 360 21.8 792
8 2 89.875 2 0.0020 360 43.6 1628
E 23 92.875 1 0.0021 360 218 879
24 93.875 2 0.0021 360 43.6 1803

25 96.875 1 0.0023 360 218 967

26 97.875 2 0.0023 360 436 1977

27 100.875 1 0.0024 360 21.8 1054

28 101.875 2 0.0025 360 43.6 2152

Total 458.1 16941

Axial-Flexural Interaction MPP Wall Splice Check:

Suite Mean Suite Max

Flexure 7= 1.3 1

demands M, = 42265

Flexure ¢ = 0.9 1

capacity oM, = 37455 41617
DCR  My/oM, = 1.13 1.05

43776 kip-in

kip-in

Page 3 of 4
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Shear Design:

Shear Epoxy Rod Properties:

F1554 Gr. 36 Partially Threaded

Yield stress:

Tensile stress:

Modulus of Elasticity:

Net area:

Rod diameter:

Total number of shear rods:
Lateral capacity per rod:

F, = 36 ksi

F,= 58 ksi
= 29000 ksi

A= 0.606 in’
= 1in

Nyods = 24

Zy = 5500 Ib

Shear Capacity MPP Wall Splice Check:

Suite Mean Suite Max

Shear vy = 1.3 1
Demands Vv, = 78 91 kip
L 0= 1 1
Shear Capacity .
0= 132 132 kip
DCR VoV, = 0.59 0.69

MPP Wall Splice Connection Calculations

Page 4 of 4
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A.5 Sliding at Base Connection Design

This section includes the design calculations for the CLT and MPP wall to foundation shear
transfer connections located at the base of the walls for the 10-story test specimen. See
Section 6.6.3 for a conceptional discussion of this assembly and figures. In this section,
each capacity check is presented, followed by a figure showing the resulting DCRs and the
equations used. These calculations were completed in accordance with AISC [2016]. Refer

to Figure A.2 for a schematic of the connection with dimension labels.

Armored A
side plate, Shear shoe side plate,
tasp | / . 1 b, R
\ Mass timber
o ef/o e o s o e o e ~
Armored S wall panel Armored
end plate; \ J y side plate
l r
Shear shoe | ° et e e e h
end plate, I ’ Shear shoe
tss | ° oot ° ° side plate
hss \ o . :) o o ;
hsst |
L *
P Lasp
Armore Shear shoe
end plate end plate
(a) (b)

Figure A.2: Schematic of the wall base shear transfer connection

A.5.1 Demands

The demands for this calculation were based on peak base shear results from NLRHA at
MCEgR (summarized in Table 6.23). The procedure for calculating the demand for this

connection is shown below. The base shear values per wall are shown first, followed by the
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shear demand per wall on the base connections. As mentioned in the main text, the demand
on the connection was calculated by taking the base shear in the wall panels, minus the force

from friction.

CLT Wall Calculations MPP Wall Calculations

Peak MCER base shear demands - per wall
from NLRHA

Suite Mean Suite Max Suite Mean Suite Max
V,= 126 179 kip V= 126 166 kip

Base shear connection demands - per wall

Suite Mean Suite Max Suite Mean Suite Max
V= 65.7 118.5  kip V= 65.7 105.6  kip
Demand:

V =Vp = u(nparsFi)

A.5.2  Input Parameters

The following page shows the input parameters used to perform all capacity checks for this

assembly and can be referenced for the following sections.
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Wall Geometry and Properties:
Bearing Format Conversion Factor:

Compression design value (trans.):

Adj. compression design value (trans.):

CLT lam thickness:

number of horizontal lams wall:
Thickness of walls:

Coeffcient of friction:

PT Bars:

Number of bars:

Initial PT force:

Armored end plate:

Yiled stress:

Height of armored end plate:
Thickness of armored end plate:
Shear shoe end plate:

Yiled stress:

Height of shear shoe (total):
Height of transfer point:
Thickness of shear shoe end plate:
Armored side plate:

Yiled stress:

Thinkness of armored side plate:
Length of armored size plate:
Number of screws (per side):

x direction eccentricity:

y direciton eccentricity:

Shear shoe side plate:

Yiled stress:

thickness of shear shoe side plate:
Length of shear shoe side plate:
Shear shoe weld:

Fillet weld length:

Fillet weld size:

Electrode strength:

Moment of inertia of weld group:
eccentricity of weld group:
Radial distance from CG:
Simpson Strong-Tie SDS Screws:

Mechanical connections formation conversion factor:

Diameter of Screws:
Shear strength of screws:
Length of collector screws:

K=

Fc,trans or Fcl =
F c,trans* =

t]am =

Npor, =

bw =

p=

Derews =
€

=
ey =

Wall Base Shear Transfer Calculations

CLT  MPP
24 2.4
1400 750 psi
3360 1800 psi

1.375 -in
4 - lams
12.375  9.1875 in
0.3 0.3
4 4 bars
50 50 kip
50 50 ksi
30 30 in

0.75 0.75 in

50 50 ksi
8 8 in
35 3.51in

0.75 0.75 in

50 50 ksi
0.5 0.5 in
3125  31.25in
50 50
1525  15.251n
15 15 in
50 50 ksi
0.5 0.5 in
8.5 8.5 in
8.5 8.5 in
0.5 0.5 in
70 70 ksi
51 51 in’

2.66667 2.66667 in
4.25 425 1in

3.32 3.32

0.25 0.25 in
420 420 1b
3.5 3.5in
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A.5.8 Timber Bearing on the armored end plate

The first phase of the load path is to transfer load from the wood into the armored end
plate through bearing. For this check the bearing area was defined as the product of the
wall thickness and the total height of the shear shoe. The height of the shear shoe was use
as opposed to the height of the full armor plate because most of the load transfer will occur
where the armor plate is in contact with the shear shoe. The calculations for this check are

shown below.

CLT Wall Calculations MPP Wall Calculations

Check timber bearing on armored end plate
Suite Mean Suite Max

Suite Mean Suite Max

Bearing = 1.3 1 Bearing v = 1.3 1
Demands P, = 85 119  kips  Demands p,= 85 106  kips
Bearing ¢ = 0.9 1 Bearing ¢ = 0.9 1
Capacity ¢P, = 133 148 kips Capacity P, = 119 132 kips
DCR: P,/@P, = 0.64 0.80 DCR: P/oP,= 0.72 0.80
Demand: Demand:
Po=yV P, =yV
Capacity: Capacity:
oP, = (I)Fc*,transAII ®P, = d)Fc*J_AH = ®KpFc by hss
1.375in DCR:
= (DKFFc,trans (l7> (4lam)hg, P,
am DCR = —
DCR: ®F,
DCR = b
"~ ®P,

A.5.4  Shear and Moment in armored end plate

Next, the capacity of the armored end plate was check in shear and bending, using the
procedure shown below. For this check, a width (into and out of the page) of 1 inch was
used. The armored end plate was modeled as a simply supported beam with the timber
bearing acting as a uniformly distributed load, as shown by the image at the top of the

figure. The ends of the armored end plate are assumed to be supported by the armored
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side plates. As shown, for this check, the DCR value for the CLT wall armored end plate in

bending is greater than 1.0. This was determined to be okay as the check uses the elastic

section modulus as opposed to the plastic section modulus, so it is conservative.

CLT Wall Calculations MPP Wall Calculations

Timber bearing
W =F/(h,, b,)

THIH

Armored
end plate

into armored
side plates

T Shear force

Check shear in armored end plate:

Suite Mean Suite Max Suite Mean Suite Max

Shear Y= 1.3 1 Shear y= 1.3 1
Demands: V,= 1.42 1.98  kips Demands: V,= 1.42 1.76
Shear ¢= 0.9 1 Shear ¢= 0.9 1
Capacity ¢V, = 20.3 22.5  kips Capacity ¢V, = 20.3 22.5
DCR: VJ/oV, = 0.07 0.09 DCR: V/oV,= 0.07 0.08

Demand:
|4
b
()
Vu — }’( aepzw >
Capacity:

DV, = BO.6F, Ay = ©O.6F, (1in)t,ep
assume 1lin width

DCR:
Vu
DCR =—
oV,
Check bending in armored end plate:
Suite Mean Suite Max Suite Mean Suite Max
Flexure Y= 1.3 1 Flexure Y= 1.3 1
Demands M, = 4.4 6.1 k-in Demands M, = 33 4.0
Flexure ©¢= 0.9 1 Flexure ¢ = 0.9 1
Capacity oM, = 4.2 4.7 k-in Capacity oM, = 4.2 4.7
DCR: M/oM, = 1.04 1.30 DCR: M/J/oM, = 0.78 0.86
Demand:
14 ) 2
b
(haep bw w
Mi=y\Tg
Capacity:
(Lin)tZ,p
OM, = OF,S, = YT
DCR:

kips

kips

k-in

k-in
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A.5.5 Bearing of armored side plate on shoe end plate

Bearing of the armored side plates on the shoe end plates was then check using the procedure
outlined below. The demand for this check is equal to half of the base shear force into the

full connection because there are two armored side plates in the assembly.

CLT Wall Calculations MPP Wall Calculations

Cheak bearing of armored side plate on shoe end plate:

Suite Mean Suite Max Suite Mean Suite Max
Bearing v= 1.3 1 Bearing y= 1.3 1
Demands P, = 43 59 kip Demands P, = 43 53 kip
Bearing ¢ = 0.9 1 Bearing ¢ = 0.9 1
Capacity P, = 79 88 kip Capacity ¢P, = 79 88 kip
DCR: P/oP, = 0.54 0.68 DCR: PP, = 0.54 0.60
Demand:
P, =yWV/2)
Capacity:

OB, = PE Ay = OF, hegtag
DCR:

DCR = Fu
T P

n

A.5.6  Armored side plate in shear

The capacity of the side plate in shear was checked using the procedure outlined below.
Again, half the demand was used for this check as there are two armored side plates per

assembly:.
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CLT Wall Calculations MPP Wall Calculations
Check armored side plate in shear:
Suite Mean Suite Max Suite Mean Suite Max
shear Y= 1.3 1 shear 7= 1.3 1
Demands: V,= 43 59 kip Demands: V, = 43 53 kip
Shear Q= 0.9 1 Shear ¢ = 0.9 1
Capacity ¢V, = 422 469 kip Capacity ¢V, = 422 469 kip
DCR: VJ/oV,= 0.10 0.13 DCR: V,/oV,= 0.10 0.11
Demand:
W=y V/2)
Capacity:
®V, = ©0.6F,A,; = ®0.6F,
DCR:
DCR = i
oV,

A.5.7 Shear strength of armor side plate screws

The load transfers between the wood and the side plates through shear in the Simpson Strong-
Tie SDS screws. The shear capacity of these screws were checked using the procedure shown
below. For this check, the eccentricity of the screw group from the base shear transfer point

is accounted for, as shown by the free body diagram at the top of the figure.
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DCR:

CLT Wall Calculations MPP Wall Calculations
Lu»w
e, =L,/2 P/h.,
P,
o o o o
o i o o P
? o [o] (o] ———»
= [o] [o] o o o —"
o o o o o L
)
P
Armored side plate PT b
Check shear strength of screws:
Suite Mean Suite Max Suite Mean Suite Max
Shear Y= 1.3 1 Shear Y= 1.3 1
Demands R, = 43 59 kip Demands R, = 43 53 kip
Shear ¢= 0.65 1 Shear ©= 0.65 1
Capacity OR;= 45 69 kip Capacity @R, = 45 69 kip
DCR R/OR, = 0.96 0.86 DCR R/¢R,= 0.96 0.77
Demand:
R, =y (V/2)
Capacity:

ex\ (ey
DR, = PKpVserewNscrews max| [ —],| =
ey ) \ex

u

DR,

DCR =

A.5.8 Shear and moment capacity of shoe end plate

Similar to the armored end plate, the shear and moment capacity of the shoe end plate was

checked by modeling the shoe end plate acts as a simply supported beam. The procedure for

this check is shown below. As shown, the forces from the armored side plates acts as point

loads on the beam and the beam is supported by the shear shoe side plates.
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CLT Wall Calculations MPP Wall Calculations
Check shear capacity of shoe end plate:
Suite Mean Suite Max Suite Mean Suite Max
Shear Y= 1.3 1 Shear Y= 1.3 1
Demands R, = 43 59 kip Demands R, = 43 53 kip
Shear ©¢= 0.9 1 Shear ¢ = 0.9 1
Capacity @R, = 71 79 kip Capacity @R, = 71 79 kip
DCR R/oR, = 0.60 0.75 DCR Ry/oR,= 0.60 0.67
Demand: ;
= B f d
Vv, =y(V/2) / side plate < F2
QM: Shear force
DV, = BO.6F,4, = DO.6F,hygtq T / info shicat shioe
DCR: L ] T side plate F/2
Vu
DCR = — Vo =F/2 Shear shoe end plate
oV, M. = (F/2)(t.4/2)
Check bending capacity of shoe end plate:
Suite Mean Suite Max Suite Mean Suite Max k-in
Flexure Y= 1.3 1 Flexure Y= 1.3 1
Demands M, = 10.7 148  k-in Demands M, = 10.7 132  k-in
Flexure ©¢= 0.9 1 Flexure ¢ = 0.9 1
Capacity oM, = 14.8 16.4 k-in Capacity oM, = 14.8 16.4
DCR: M,/oM,, = 0.72 0.90 DCR: M, /oM, = 0.72 0.80
Demand:
Vtyen/2
M, =y (_a;p )
Capacity:
®M,, = OF,S, = OF, tishsse
n = @S = OF (T
DCR:
DCR = M,
T oM,

A.5.9 Shear capacity of shoe side plates

The next capacity check performed for this assembly was to check the shear capacity of the

shoe side plates. This was done following the procedure outlined below.
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CLT Wall Calculations MPP Wall Calculations
Check shear capacity of shoe side plates
Suite Mean Suite Max Suite Mean Suite Max
Shear Y= 1.3 1 Shear Y~ 1.3 1
Demands R, = 43 59 kip Demands R, = 43 53 kip
Shear ¢ = 0.9 1 Shear ¢@= 0.9 1
Capacity R, = 115 128 kip Capacity 9R,= 115 128  kip
DCR RJ/oR, = 0.37 0.46 DCR Ry/oR,= 0.37 0.41
Demand:
u=vWV/2)
Capacity:
OV, = ©0.6F,A; = ©0.6F,tsLg,
DCR:
Vu
DCR = CD—Vn

A.5.10 Capacity of the shear shoe weld

The capacity of the weld connecting the shear shoe to the foundation beam was checked
using the procedure outlined below. The weld was checked for combined tension bending
and shear. A triangular distribution up the height of the shear shoe was assumed, resulting

in a moment arm, e, equal to s /3.
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CLT Wall Calculations

MPP Wall Calculations

Check combined bending and shear of weld (tension)

Suite Mean Suite Max Suite Mean Suite Max
Weld Y= 1.3 1 Weld 7= 1.3 1
Demands R, = 10.7 149  kip Demands R, = 10.7 132 kip
Weld 0= 0.75 1 Weld ©= 0.75 1
Capacity R, = 11.1 14.8 kip Capacity @R, = 11.1 14.8  kip
DCR R/oR, = 0.96 1.00 DCR Ry/oR,= 0.96 0.89
Demand:
R,=f= "ftz + ﬁ:z
_ Mc (Fe)c _ (V/2)(hss/3)(lwera/2)
fe=y—=v =y 3
I I Le1a/12
V/2
fv = ]/l
weld
Capacity:
®R,, = ©0.6FzxxV2/2D
DCR:

u

DR,

DCR =
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A.6 UFP Connections

This section includes the design calculations for the UFP to UFP mount connections for the
10-story test specimen lateral system. See Section 6.6.3 for a conceptual discussion of this
assembly and figures. In this section, each capacity check is presented, followed by a figure
showing the resulting DCRs and the equations used. These calculations were completed in

accordance with AISC [2016].

A.6.1 Demands

In accordance with capacity based design methodologies, the ultimate force of the UFPs
were used as the design demand forces. Because there were two types of UFPs in the 10-
story building, the ultimate force in both UFPs were calculated and the larger one was used
for design. The properties and procedures used to calculate the design demands are shown

below (initially from Table 6.5).

UFP Plate - ASTM AS72 Gr 50: Lower Upper
Ultimate stress of UFP: F,= 65 65  ksi
Seismic material yield force ratio: Ri= 1.1 1.1
Width of UFP: b, = 8 8 in
Thickenss of UFP Plate: t,= 0.5 0.375 in
Diameter of UFP: D,= 625 6375 in
UFP Demand
Ultimate UFP Force: Demand:
Lower UFP  Upper UFP Take larger ulimate UFP force of the lower and
F, = 11.44 631 kip upper UFPs to find controlling demand force
Controlling UFP E,b,t2
F,= 11.44 kip B =Re— D,
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A.6.2 Input Parameters

The input parameters used for the UFP connection calculations in the following sections are

shown below.

UFP Bolts - A325:

Number of bolts: Npoits = 2 bolts
Diameter of bolts: dy, = 0.5 in
Nominal hole diameter: d,= 0.5625 in
Nominal Shear Strength: F., = 54 ksi
Area of bolt: Ay = 0.196 in
Uniform stress factor: Uy = 0.5
Weld Washer:

Elastic yield stress: F,= 50 ksi
Ultimate yield stress: F,= 65 ksi
Weld washer thickness: ty = 0.25 in
Weld washer width: Wy, = 2 in
Weld washer height: h,, = 1.5 in
Weld washer bolt hole diameter: d, = 0.5625 in
Weld:

Electrode strength: Fpxx = 70 ksi
size of fillet welds: = 0.1875 in
length of weld: Lyetla = 1.5 in
number of welds: Nyeld = 2

A.6.3 Shear strength of the bolts

The shear strength of the bolts was calculated as shown below. Note, all requirements for

bolt spacing and edge distances were also satisfied in the design.
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Check shear strength of bolts (J3-1): Demand:
Shear 7= - Ry = E,/2 bolts
Deamands R, = 5.72 kip Capacity:
Shear ¢= 0.75 PRp = PFyAp
Capacity R, = 79 kip DCR: )
DCR  R/gR,= 0.72 DER = TR,

A.6.4 Weld washer design

The size of the weld washer was finalized using the following checks. Note, the same check
should also be done for the UFP itself and the plate with the threaded holes for the bolts.
However, the weld washer is the thinnest plate and has the smallest edge distances, so it is
assumed that checks on the weld washer will control the design. Note that the washers were

checked for the controlling horizontal installation orientation.

Bearing and tearout strength at the bolt holes in the weld washer

The bearing and tearout strength of the bolt holes in the weld washer were checked using

the following procedure.

Bearing and Tearout Strength at Bolt Holes - Washer (J3-6a & J3-6¢):

Shear 7= - Demand:
Deamands R, = 5.72 kip Ry = E,/2 bolts
Shear ¢ = 0.75 Capacity: b J
Capacity ¢R, = 6.9 kip ®R,, = ® min <1.2 (7‘” - 7”) twF,, 2.4dbthu>
DCR R/¢R,= 0.83

DCR:




447

Shear yielding and rupture of the weld washer plates

Shear yielding and shear rupture of the weld washer plates were checked using the following

procedures.
Check shear yielding - washer (J4-3): Demand:
Shear 7= - Ry = F,/2 bolts
Deamands R, = 5.72 kip Capacity:
Shear 0= 1 @R, = D0.6F,t,,h, (2)
Capacity R, = 22.5 kip DCR: R
DCR  Ry/gR,= 0.25 DCR = —
P @R,
Check shear rupture - washer (J4-4): Demand:
Shear Y= - Ry = E,/2 bolts
Deamands R, = 5.72 kip Capacity:
Shear ©= 0.75 @R, = ®0.6F,t,,(h, — (d, +1/16"))2
Capacity @R, = 12.8 kip DCR: R
DCR R/9R, = 0.45 DCR = —
¢ DR,

Block shear strength of the weld washer plates

Block shear in the weld washer plates was checked using the following procedure.



Check Block Shear Strength - Washer (J4-5):

DCR:

DCR =

Shear VY=
Deamands R, = 5.72 kip
Shear ¢= 0.75
Capacity ©R, = 5.9 kip
DCR R/¢R,= 0.98
Demand:
Ry = E,/2 bolts
Capacity:

u

DR,

@R, = min(P0.6F, Ay, + PUpsF,Aps, P0.6F,Agy, + PUpsF Ay )
®0.6F, Ay, = $0.6F,(h,,/2 — 0.5(d, + 1/16™))t,,
dUysF Ane = PUpsF, (hy, /2 — 0.5(dy + 1/16M)t,,

$0.6F,A,, = P0.6F, hy,/2 t,

UFP to weld washer weld length strength
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The length of the welds connection the UFPs and the weld washers were checked using the

following procedure.

Weld Length - Washer to UFP:

Shear VY~ -

Deamands R, = 5.72
Shear ¢@= 0.75
Capacity ©¢R, = 12.5
DCR R,/¢R,= 0.46

kip

kip

Demand:

Capacity:
DR, = 90.6 Fexx (V2/2)D Lyeraweras

DCR:

Ry, = E,/2 bolts

DCR =

Ry

DR,
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A.7 Diaphragm to Wall Shear Transfer Connection

This section includes the design calculations for the CLT and MPP diaphragm-to-wall shear
transfer connections used on the CLT and VLT floors (the two-way, non-sheathed floor
systems). See Section 6.6.3 for a conceptional discussion of this assembly and figures. In
this section, each capacity check is presented, followed by a figure showing the resulting
DCRs and the equations used. The calculations for the shear key, wing plate, and wall insert
assembly are presented first, followed by the collector plate designs. These calculations were
completed in accordance with AISC [2016]. Refer to Figure 6.36 for a schematic of the

connection with dimension labels.

A.7.1 Demands

The demands used to check the capacity of the connections are shown in the procedure
below. Peak floor forces from the NLRHA were used (summarized in Table 6.26). The value
was taken from the in-plane shear force of the shear key spring. As discussed in Section
6.2.3, the wing plate dimensions used on the CLT and MPP walls were different. However,
the same connection was used for all floors for ease of construction. Thus, the peak floor
force from the CLT wall and the peak force from the MPP wall was used for design. Note,

the force on the roof was the largest of all the floors, making it the design force.

CLT Wall Calculations MPP Wall Calculations

Peak MCER diaphragm force demands - per wall
from NLRHA

Suite Mean Suite Max Suite Mean Suite Max
F= 41 60 kip F= 44 70 kip
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A.7.2  Shear Key and wing plate design
Input Parameters

The insert below shows the input parameters used to perform all capacity checks for this

assembly and can be referenced for the following sections.



Wall Geometry and Properties: CLT MPP
Eccentricty from wall to diaphragm: e= 9.5 9.5 in
Bearing Format Conversion Factor: K= 2.4 24 -
Compression design value (trans.): Feprans Or Fop = 1400 750 psi
Adj. compression design value (trans.): Fetrans™ = 3360 1800 psi
CLT lam thickness: tlam = 1.375 -in
number of vertical lams wall: Ny = 5 - lams
number of horizontal lams wall: Npor, = 4 - lams
Thickness of walls: by, = 12.375 9.1875 in
Simpson Strong-Tie 45 Degree screws:

Mechanical connect. format conversion factor: Kg 3.32 3.32
Allowable steel strength Tension: = 2000 2000 Ibf
Withdrawal design value: W= 200 200 1bf/in
Shear key:

Shear key thickness: tieey 2 2 in
Shear key width: Wiey 7 in
Shear key area: A= 14 14 in’
Moment of Inertia: = 57.2 57.2 in’*
Elastic Section Modulus: S, = 16.3 16.3 in’
Shear key yield stress: F,= 50 50 ksi
Edge Plate:

Edge Plate Thickness: tep = 1 1 in
Tonge bearing on inside of wall area: Apara = 22 36.75 in’
Wing Plate - weld:

E70 Electorde welds: C = 1 1
length of weld: Lyeld = 18.75 18.75 in
spacing of welds: w= 7 7 in
eccentricity of weld: e = 18.875 18.875 in

k Factor: = 0.37 0.37

a Factor: a= 1.01 1.01

C factor from AISC Table 8-5: = 1.41 1.41

size of fillet welds: = 0.25 0.25 in
Wing Plate - 45° screws:

thickness of wing plate (5/8" max): tup 0.625 0.625 in
45 degree screw length: = 8.625 8.625 in
screw length penetration into CLT: p= 7.27 7.27 in
End grain factor: Cee= 0.71 0.71
Screw group eccentricity: y= 21 24 in
number of screws per screw group: Nggrews = 16 14 screws
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Shear and flexural yielding of the shear keys

The shear and flexural capacity of the shear key plate was checked as shown in the procedure

below. For these calculations, the shear key was assumed to act as a cantilevered section:
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fixed to the wing plate with the walls applying a point load force. The elastic modulus was

conservatively used for this calculation and a rectangular cross section of the shear key was

assumed (i.e., the curved corners of the plate were neglected).

CLT Wall Calculations

Check shear key for yielding in shear:

MPP Wall Calculations

Suite Mean Suite Max

Suite Mean Suite Max

DV, = DO.6F, Ay = D 0.6 typyWey

Shear = 1.3 1 Shear y= 1.3 1
Demands: V,= 54 60 kip Demands: V= 57 70 kip
Shear o= 0.9 1 Shear 0= 0.9 1
Capacity ¢V, = 378 420 kip Capacity ¢V, = 378 420  kip
DCR:  V/oV, = 0.14 0.14 DCR:  V/oV,= 0.15 0.17
Demand:
V. =YyF
Capacity:

DCR:
Vu
DCR = —
P,
Check shear key for vielding in flexure:
Suite Mean Suite Max Suite Mean Suite Max
Flexure Y= 1.3 1 Flexure Y= 1.3 1
Demands M, = 511 574 k-in Demands M, = 544 662 k-in
Flexure @<= 0.9 1 Flexure = 0.9 1
Capacity oM, = 735 817  k-in Capacity oM, = 735 817  k-in
DCR: M,/oM, = 0.70 0.70 DCR: M,/oM, = 0.74 0.81
Demand:
M, = yFe
Capacity:
®M,, = OF,S, = OF Ciey Wiy
n = yox — y T
DCR:
DCR = My
T oM,

Shear key wall bearing

The bearing capacity of the inside of the wall from the force of the shear key was checked

using the procedure outlined below. A bearing height of the shear key height plus twice the
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thickness of the edge plates (shown in the figure below) was assumed. This was conservatively
approximated by assuming a 45 degree projection of the load from the inside of the edge

plate to the outside of the edge plate (touching the wall edge).

CLT Wall Calculations MPP Wall Calculations
Check shear key bearing on CLT wall:
Suite Mean Suite Max Suite Mean Suite Max
Bearing y= 1.3 1 Bearing y= 1.3 1
Demands R, = 54 60 kip Demands R, = 57 70 kip
Bearing ¢ = 0.9 1 Bearing ¢ = 0.9 1
Capacity: R, = 66.5 73.9  kip Capacity: @R, = 59.5 66.2  kip
DCR  R/¢R,= 0.81 0.82 DCR R/9R,= 0.96 1.05
Demand:
R, =yF
“ Edge plates
Capacity: Shear key
PR, = q)Fc*Apa‘rall = q)KFFc,transAll ’ R "R i . ’
1.375in .o =l - - jt +2t
A =(—— )@l trey + 2t + . . ey i
Il,clt < lam >( am)( key ep) aeui t;\ey =
Apmpp = bu (tkey + 2tep) L ot
DCR:
DCR = Ry Teflon Ly
@R,

Shear key weld strength

The shear keys were welded to the wing plates. The strength of these welds was checked
using AISC [2016] recommendations for eccentrically loaded weld groups as shown in the

procedure below.



CLT Wall Calculations

Wing Plate:
Check weld strength:

Suite Mean Suite Max

MPP Wall Calculations

Suite Mean Suite Max

Weld Y= 1.3 1 Weld v= 13 1
Demands R,= 54 60 kip Demands R, = 57 70 kip
Weld ¢= 0.75 1 Weld ©¢= 0.75 1
Capacity oR, = 79 106 kip Capacity @R, = 79 106 kip
DCR  R/9R,= 0.68 0.57 DCR  R/¢R,= 0.72 0.66
Demand:
R, =yF
Capacity:
@R, = PCC,Dlyorg
DCR:
DCR =
¢ R,

Wing plate screws in withdrawal and tension
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The 45 degree screws in the wing plates were checked for withdrawal and tension as shown in

the procedure shown below. These checks were completed considering the entire screw group

(see Figure 6.36). The demand was calculated by equating the moment from the force on the

shear key and the force in the collectors to the moment created from the two screw groups.

The capacity of each screw was calculated using manufacture recommendations from Simpson

Strong-Tie. The withdrawal and tension capacities were divided by the square root of two to

account for the 45 degree installation angle. In withdrawal, an end grain factor, C¢,, of 0.71

was also accounted for per recommendations in the Simpson Strong-Tie design guide. The

penetration length of each screw was also based on Simpson Strong-Tie recommendations.



CLT Wall Calculations

MPP Wall Calculations

Check Screw Group withdrawal:

Suite Mean Suite Max

Suite Mean Suite Max

Fe
R,=vy 7

OR,, = q)Kpr/‘/inscrewsCeg

Capacity:

p=L—(0476" —t,,V2)

Withdraw Y= 1.3 1 Withdraw Y= 1.3 1
Demands R, = 24 27 kip Demands R, = 23 28 kip
Withdraw ¢ = 0.65 1 Withdraw ¢ = 0.65 1
Capacity @R, = 25 39 kip Capacity R, = 22 34 kip
DCR RJ/oR, = 0.97 0.71 DCR R/OR, = 1.03 0.81
Demand:

DCR:
Ry
DCR = R,
Check Screw Group Tension:
Suite Mean Suite Max Suite Mean Suite Max
Tension Y= 1.3 1 Tension Y= 1.3 1
Demands R, = 24 27 kip Demands R, = 26 28 kip
Tension = 0.65 1 Tension @= 0.65 1
Capacity OR, = 49 75 kip Capacity @R, = 43 66 kip
DCR RJ/OR, = 0.50 0.36 DCR R/9R,= 0.61 0.42
Demand:
Fe
Ry=vy 7
Capacity:
PR, = cl:'KFT/\/’E Nscrews
DCR:
Ry
DCR = R,

A.7.3 Shear key wall insert
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Specific capacity calculations were not performed to design most components of the steel

insert in the wall panels at the shear key locations (the piece with the Teflon attached). The

thickness of the edge plates were controlled by the shear key wall bearing check presented

previously. However, no checks were performed for the side plates with the SDS screws. Their

dimensions were set to accommodate anchor screws to keep the assembly into place. The

SDS screws were installed to prevent movement of the assembly. Bridge plates at the upper
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and lower ends of the slotted holes were added to ensure a snug fit of the insert assembly

into the wall panel.

A.7.4 Collector plate design

Collector Demands

The design demand forces in the collector plates are equal to the demand forces for the shear

keys (shown in Section A.7.1). To perform axial and shear capacity checks on the collector

plate assemblies, these shear key point load forces were transformed into axial demand loads

and distributed shear force demands as shown in the procedures for the CLT and MPP wall

directions below.

Plate

o
=)
=
N
=
&)

locations: Axial
Demands in\ 0-5F
Collector: 0.4122F

0.4122F (s

Axial Force

CLT Collector Forces:
12 10° 12’
r (r—
7 F
) >
4 ] G 0.4F 06E
9’ —
A
4 —>
8’ |,
A R -
—> F 0.3714F
7 Shear Demands on
Y collector screws (Total ="
R ][ =F/29.15%)
4 M-
0.0167F s
ALCIT = —> —> <F__ NG 2F/357 At the CLT wall location, the
vl S>> 5 S oS- o shear force 0.6F is distributed

over the whole 34’ length of
the building. Resulting in a
distributed load equivalent to
0.0176F along the length of
the building parallel to the
CLT walls.
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MPP Collector Forces:
12 10° 12’

At MPP wall
locations:

Axial
Demands in
Collector

0.200F Plate

(0.671F)

/\/

0.329F

0.543F

2
S>> > 5>
[~

'
' — A

5 Shear
7 Demands on
) /]\ collector

‘] b

Axial Force

F 1 1 F At the MPP wall location, the shear force
is distributed over the whole 35’ length o
the building. Resulting in a distributed lo:

F ‘ equivalent to F/35” along the length of the

building parallel to the MPP walls.

Input Parameters

The insert below shows the input parameters used to perform all capacity checks for the

collector assembly and can be referenced for the calculations in the following sections.



Simpson SDS Screws:

Mechanical connect. format conversion factor:
Shear strength of screws:
Collector Geometry and Properties:

Collector yield stress:

Modulus of elasticity:

Effective length factor:

MPP collector screw spacing:
Collector plate thickness:

Collector plate width:

Collector plate area:

Collector plate Radius of gyration:
Collector plate Slenderness ratio:
Collector plate Elastic buckling stress:
Collector plate Critical stress:

Link plate thickness:

Link plate width:

Link plate length (min weld length):
Link plate area:

Fillet weld size:

Electrode strength:

E=

K=
spacing =
tC =

W, =
A=

r=
KL/r=
F.=
F,.=

3.32
420

29000

4.5
0.25

1.25
0.125
36
220.8
45.5
0.375

1.125
0.25

3.32
420 Ib

50 ksi
29000 ksi
1
4.5 in
0.25 in

5in
1.25 in’
0.125 in
36
220.8 ksi
45.5 ksi
0.375 in
3in
5 in
1.125 in’
0.25 in
70 ksi

Shear capacity of collector screws
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The shear capacity of the screws connection the collector plates to the diaphragms were

calculated using the procedure outlined below. Recommendations from Simpson Strong-Tie

were used for the shear capacity of the SDS screws.

CLT Collector Plates: MPP Collector Plates:
Check Screw Capacity:
Suite Mean Suite Max Suite Mean Suite Max
Shear Y= 13 1 Shear Y= 1.3 1
Demands V,= 1.85 2.07 kit Demands V,= 1.97 239 kit
Shear @ = 0.65 1 Shear ¢ = 0.65 1
Capacity ¢V, = 2.42 372 Kt Capacity ¢V, = 2.42 372 Wit
DCR  V/oV,= 0.76 0.56 DCR  V/oV,= 0.81 0.64
Demand:
CLT: V, =y (F/29.15ft)
MPP:V,, =y (F/30ft)
Capacity:
CDVn — CDKFVS'crew
spacing
DCR:
Vu
DCR = —
(174
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Tension and compression capacity of the collector plates

The tension and buckling compression capacity of the collector plates were calculated using
the procedures outlined below. In compression, the buckling capacity was calculated using
standard practices from AISC [2016] where the unbraced length was taken as the screw

spacing.

CLT Collector Plates: MPP Collector Plates:

Check Tension Capacity of Collector Plate:

Suite Mean Suite Max Suite Mean Suite Max
Tension Y= 13 1 Tension Y= 1.3 1
Demands T, = 27 30 kip Demands T, = 38 47 kip
Tension @ = 0.9 1 Tension @ = 0.9 1
Capacity ¢T, = 56 63 kip Capacity @T,= 56 63 kip
DCR  TyeT, = 0.48 0.48 DCR  T/oT, = 0.68 0.75
Demand:

CLT: T, = y F(0.5)
MPP:T, =y F(0.671)

Capacity:
®T, = BF A, = DE,t,w,
DCR: r
u
DCR = o,
Check Compression Capacity of Collector Plate:
Suite Mean Suite Max Suite Mean Suite Max
Compressio ¥ = 1.3 1 Compressio ¥ = 1.3 1
n Demands P, = 27 30 kip n Demands P, = 38 47 kip
Compressio ¢ = 0.9 1 Compressio ¢ = 0.9 1
n Capacity ¢P,= 51 57 kip n Capacity oP,= 51 57 kip
DCR  P/¢P, = 0.53 0.53 DCR  P/oP, = 0.75 0.82

Demand:
CLT:P, =y F(0.5)
MPP:P, =y F(0.671)

Capacity:
®P, = OF. A
DCR:
By
DCR =—
P,

Tension capacity of the link plate

The tension capacity of the link plate was calculated using the procedure outlined below.
The compression capacity of the link plates was not checked because it was welded along its

two long sides.



CLT Collector Plates:

Check Tension Capacity of Link Plate:

MPP Collector Plates:

Suite Mean Suite Max

Suite Mean Suite Max

CLT: T, =y F(0.5)
MPP:T, = y F(0.671)

Capacity:
DT, = PEA, = P tp,wy,
DCR:
Tu
DCR =
T,

Tension V= 1.3 1 Tension Y= 13 1
Demands T, = 27 30 kip Demands T, = 38 47
Tension ¢ = 0.9 1 Tension ¢ = 0.9 1
Capacity 0T, = 51 56 kip Capacity T, = 51 56
DCR  TJ/oT,= 0.53 0.54 DCR  TJoT,= 0.76 0.83

Demand:

kip

kip

Link plate filet weld capacity
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The capacity of the filet weld connecting the link plate to the collector plate was calculated

using the procedure outlined below.

CLT Collector Plates:

Check Fillet Weld Capacity around Link Plate:

MPP Collector Plates:

Suite Mean Suite Max

Suite Mean Suite Max

CLT:R, =y F(0.5)
MPP: R, =y F(0.671)
Capacity:
DR, = P0.6FzxxV2/2 DI
DCR:
Ry
R,

DCR =

Shear Y= 13 1 Shear Y= 13 1
Demands R, = 27 30 kip Demands R, = 38 47
Shear 90— 0.75 1.00 Shear ¢ = 0.75 1.00
Capacity @R, = 56 74 kip Capacity @R, = 56 74
DCR  R/gR,= 0.48 041 DCR  R/gR, = 0.69 0.63
Demand:

kip

kip
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A.8 PT Bar Connection

This section includes the design calculations for the CLT and MPP top of wall PT saddles
used in the 10-story test specimen. See Section 6.6.3 for a conceptional discussion of this
assembly and figures. In this section, each capacity check is presented, followed by a figure
showing the resulting DCRs and the equations used. The calculations for the PT saddle
itself are presented first, followed by the PT jacking hardware piece. These calculations
were completed in accordance with AISC [2016]. Refer to Figure A.3 for a schematic of the
connection with dimension labels. This schematic also includes the assumed longitudinal
and transverse bending directions that will be referenced throughout this section. Note, this

connection was designed using capacity based design methodologies.

| PT bars [
m | I m | o
] T
Anchorage plate__ |-~ || -0 o |
> ‘i‘ | ‘i‘ Hydraulic jack M=
| |
Stiffener plate\ i ik | /Top plate ‘ i ‘
Center plat J ‘ J Bearing plate i ‘ i
™N
Wall e ! el i e
N RN e |
i i i Plate washer i i i
| | | | | |
[ .
| | e
Longitudinal bending Transverse bending

Figure A.3: Schematic of the PT bar saddle and jacking hardware assemblies located at the

tops of the mass timber walls

A.8.1 Properties

The insert below shows the input parameters used to perform all capacity checks for this

assembly and can be referenced for the following sections.



Wall Geometry and Properties:

Bearing Format Conversion Factor:

Compression design value (long.):

Adj. compression design value (long.):

CLT lam thickness:

number of vertical lams wall:
number of horizontal lams wall:
Thickness of walls:

PT Bars:

Ultimate stress:

Diameter of rods:

Threads per inch:

Net tensile area:

Number of bars:

PT bar spacing:

PT bar offset:

PT Saddle Properties:
Elastic yield stress:

Longitudinal stiffner spacing:

Spacing from face of wall to CL of PT:
Spacing from CL PT to end of anchor PL:

Length of PT plate washer:

Bearing Plate:
Bearing plate length:

Bearing plate width:
Bearing plate thickenss:
Center Plate:

Center plate width:
Center plate thickness:

Stiffner plates:
Stiffner plates width:
Stiffner plate thickness:
Top Plate:

Top plate width:

Top plate thickness:

Anchorage Plate:
Anchorage plate length:
Anchorage plate width:
Anchorage plate thickness:

Hydrolic jack:
Hydrolic jack width:

Kg=

Fc,long or FCH =
1:0,10ng>‘< =

tlam =

Dyert =

Nhor, =

by, =

2.4
1975
4740
1.375

12.375

125
1.25

0.969

14.25
15.75

50

1.69
4.13

36
24
1.5

0.75

12
0.75

24
0.75

32
32

24 -
2400 psi
5760 psi

- in

- lams

- lams
9.1875 in

125 ksi
1.25 in
7

.2
0.969 1n

4 bars
14.25 in
14 in

50 ksi
9 in
241 in
5.00 in

8 in

36 in
24 in
1.5 in

8 in
0.75 in

12 in
0.75 in

24.00 in
0.75 in

32 in
32 in

2 in

5 in
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A.8.2 Demands

In accordance with capacity based design methodologies, the ultimate force of the PT bars
was used as the design demand force for majority of the connection checks. However, in some
instances, the initial PT bar force was used as the demand force to create a more economical
design. The demand used for each check is noted in each section. The demand values are

summarized below. Reference Table 6.4 for the properties of the PT bars.

PT Bar Demands

Ultimate PT Bar Force

F,= 121.14 kip
Initial PT Bar Force

F,= 50 kip

pti

Demand:
Fp = B Anet
or
Fpti = 50 kips

A.8.3 Top of Wall PT Saddle

Timber bearing capacity

The bearing capacity of the wall panels at the top of the walls were was checked using the

following procedure.
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CLT Wall Calculations MPP Wall Calculations

Timber Bearing Check:

Bearing Y= - Bearing Y= -
Demands P,= 485 kip Demands P, = 485 kip
Bearing ¢ = 0.9 Bearing ¢ = 0.9
Capacity  ¢P,= 1056 kip Capacity  ¢P, = 1715 kip
DCR P/oP, = 0.46 DCR P/oP,= 0.28
Demand:
B = nbarst
Capacity:
PP, = PFA)
1.375in
Avee =\ g ) Glam)lyy
Apmpp = bwlip
DCR:
Py
DCR =
¢ ®P,

Transverse shear and moment capacity of the PT saddle bearing plate

The transverse capacity of the saddle connection was checked for shear and bending using
the procedure shown below. Additionally, see the calculated transverse bending properties
input into the design checks and the figure summarizing the basis of these equations. Note,
this check is highly conservative as it just approximates the strength and stiffness of the full
connection. An FEM model could have been created to create a more economical design.
For this check, the ultimate force in the PT bars was used. This is also conservative because
results from NLRHA indicate that the PT bars should only reach 70% of their yield strength.
This calculation is also conservative because it does not account for the top plate (see Figure
A3 since the top plate was added after the completion of these calculations.

As shown, for the shear check, only the area of the webs were considered as this will
carry majority of the shear force. For the flexure check, the elastic section modulus, S, was
used to ensure the connection doesn’t yield. It was important to ensure elastic behavior so

permanent yielding in the connection doesn’t inherently result in loss of PT bar force.



CLT Wall Calculations MPP Wall Calculations
Check transverse shear capacity of PT saddle:
Shear T= - Shear Y= -
Deamands V,= 121 kip Deamands V= 121 kip
Shear 0= 0.9 Shear ¢ = 0.9
Capacity ¢V, = 243 kip Capacity oV, = 243 kip
DCR VJ/oV,= 0.50 DCR VJ/oV,= 0.50
Demand:
Vu=F
Capacity:
DV, = GO.6F, A, = PO.6F,tg,ws,
DCR:
1%
DCR = —
A
Check transverse bending cpacity of PT saddle:
Moment Y= - Moment Y= -
Demands M, = 1465 k-in Demands M, = 1368 k-in
Moment 97 0.9 Moment 9?7 0.9
Capacity oM, = 1597 k-in Capacity oM, = 1597 k-in
DCR M/oM,, = 0.92 DCR M,/oM,, = 0.86
Demand:
M, = E,(s + b, /4)
Capacity:
dM,, = OF,S,
DCR:
DCR = M
T oM,
Transverse bending of PT saddle:
Area: A= 22.5 22.5 in
Centroid: Ye = 3.5 3.5 in
Moment of inertia: I, = 356.6 356.6 in*
Elastic Section Modulus: S, = 35.5 35.5 in’
Plastic neutral axis: Ypna = 1.25 1.25 in
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Assumed Cross Section:

L2 |
2 tbp Wsp

> > Slong

"\

qunetl qunet

beam 1
analogy

shear

uAnet

moment

(0]
o
\_/

Minax = fulnet(s + by/4)

Longitudinal shear and moment capacity of the PT saddle bearing plate

Similar to the previous section, the longitudinal capacity of the saddle connection was checked
for shear and bending using the procedure outlined below. Additionally, see the calculated
longitudinal bending properties input into the design checks and the figure summarizing the
basis of these equations. Note, this check is highly conservative as it just approximates the
strength and stiffness of the full connection. An FEM model could have been created to
develop a more economical design. For this check, the ultimate force in the PT bars were
used. This is also conservative because results from NLRHA indicate that the PT bars
should only reach 70% of their yield strength. This calculation is also conservative because
it does not account for the top plate (see Figure A.3 since the top plate was added after
the completion of these calculations. Note, the DCR values for the moment capacity check
exceed 1.0, however, it was determined that this check was conservative enough that the

connection would not yield under MCEg ground motions.
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CLT Wall Calculations MPP Wall Calculations
Check longitudinal shear capacity of PT saddle:
Shear Y= - Shear Y= -
Deamands V.= 61 kip Deamands V,= 61 kip
Shear ¢= 0.9 Shear ¢ = 0.9
Capacity @V, = 235 kip Capacity ¢V, = 300 kip
DCR VJ/oV,= 0.26 DCR VJ/oV,= 0.20
Demand:
V, = F,/2
Capacity:
@V, = ©0.6FyA = 0.9(0.6)(50ksi)tyy (s + 52)
DCR:
Vu
DCR =
DV,
Check longitudinal bending cpacity of PT saddle:
Moment Y= - Moment Y= -
Demands M, = 151 k-in Demands M, = 151 k-in
Moment ¢ = 0.9 Moment 9= 0.9
Capacity oM, = 98 k-in Capacity oM, = 125 k-in
DCR M,/oM,, = 1.54 DCR M,/oM,, = 1.21
Demand:
B
M, = E(zslang - lpw)
Capacity:
OM,, = OF,S,
DCR:
Longitudinal bending of PT Saddle:
Area: A= 8.72 11.11 in?
Centroid: Ve = 0.75 0.75 in
Moment of inertia: I, = 1.63 2.08 in*
Elastic Section Modulus: S, = 2.18 278 in’
Plastic neutral axis: Ypna = 0.75 0.75 in
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Slong
thyl
— —4
Assumed B>
Cross s - -
. S2 Siong — |
Section: —ong _ vw
2 —
Lpw
qunet
l
beam QA "
analogy
qunet
Viax = ——
max 2
shear
fuhnet
Mipax = z 8118 (Zslong - lpw)
moment Q

Longitudinal shear and moment capacity of the PT saddle at peak PT force

The longitudinal shear and moment capacity of the full PT saddle (with the top plate) was
then checked at the peak PT bar force. The procedure for this check is shown below. The
full saddle assembly was modeled as an I beam and the peak shear and moment values were
checked. The section properties for this check are also shown along with a figure detailing

the check and demand calculations. For this check the peak PT bar forces were used.
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CLT Wall Calculations

MPP Wall Calculations

Check longitudinal shear capacity at peak PT force

Shear Y= - Shear Y= -
Deamands V,= 136 kip Deamands V.= 148 kip
Shear = 0.9 Shear o= 0.9
Capacity @V, = 162 kip Capacity @V, = 162 kip
DCR VoV, = 0.84 DCR VoV, = 091
Demand:
Y, = max (ZFp(lbp — 0pt) ' 2Fpom>
lpp lpp
Capacity:
DV, = O.6F,4,, = PO.6Fy,Weptep
DCR:
DCR = —*
oV,
Check longitudinal bending cpacity of PT saddle at peak PT force
Moment Y= - Moment Y= -
Demands M, = 690 k-in Demands M, = 814 k-in
Moment ¢ = 0.9 Moment ¢ = 0.9
Capacity oM, = 11976  k-in Capacity oM, = 11976  k-in
DCR M,/oM, = 0.06 DCR M,/oM, = 0.07
Demand:
2
_ 2B, (lop = 0pt)
u 4lbp
Capacity:
®M, = F,S,
DCR:
Longitudinal bending of full Saddle:
Area: A= 60 60 in’
Centroid: Yo = 3.96 3.96 in
Moment of inertia: I = 10545  1054.5 in*
Elastic Section Modulus: S, = 266.13 266.13 in’
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2F, 2F,
t
s ‘ =54

[
tep
: : ~—1 Wep
4F i | ,
—C T T T 117171 ) N,
L o i Whp p
L : Ibp /I L
A i i A
2Fp(| bp-opl)/lbmg 2/‘2F,,Opl/|bp
\%
| |

2R (1,-0,)2/(4l,)

Longitudinal shear and moment capacity of the PT saddle at initial PT force

Similar to the check above, the longitudinal shear and moment capacity of the full PT saddle
(with the top plate) was also checked at the initial PT bar force. This is the load case that
this assembly would have experienced during pre-stressing of the PT bars. The procedure
for this check is shown below. The full saddle assembly was modeled as an I beam and the
peak shear and moment values were checked, as shown in the figure detailing the check and
the demand calculations. The section properties shown in the previous section were used
here. For this check the initial PT bar forces were used for the demand as this is the peak

force experienced for this loading case.



CLT Wall Calculations MPP Wall Calculations

Check longitudinal shear capacity during PT loading

Shear Y= - Shear Y= -
Deamands V,= 86 kip Deamands V,= 86
Shear 9= 0.9 Shear o= 0.9
Capacity ¢V, = 162 kip Capacity @V, = 162
DCR VJ/oV, = 0.53 DCR VJ/oV, = 0.53
Demand:
_ 4‘Fpti(lbp - Wh)
v 2l
Capacity:
oV, = ©0.6F 4, = 0.6F,wpte,
DCR:
DCR = i
oV,
Check longitudinal bending cpacity of PT loading
Moment Y= - Moment Y= -
Demands M, = 667 k-in Demands M, = 667
Moment ¢ = 0.9 Moment 0= 0.9
Capacity ¢M, = 11976 k-in Capacity oM, = 11976
DCR M,/oM, = 0.06 DCR M,/oM, = 0.06
Demand:

_ 4Fpti(lbp - Wh)2

kip

kip

k-in

k-in

Capacity:
OM,, = OF,S,
DCR:
DCR = My
T oM,
W,
AR dw, A
— ty
: : ' =<
é : t,
i i ? Wep
4Fpli/|bp [
—T T T T T T T 1 ) iAW
) | ) Yoo
A v : A
ARl Wi) (2l) \
Y
¢ AR (lop2-lopWi)/ (8li)
M
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A.8.4 Top of Wall PT Jacking Hardware
Transverse shear and moment capacity of the PT jacking hardware

The transverse shear and moment capacity of the PT jacking hardware piece was checked
using the procedure outlined below. Additionally, see the calculated transverse bending prop-
erties input into the design checks and the figure summarizing the basis of these equations.
Note, this check is highly conservative as it just approximates the strength and stiffness of
the full connection. An FEM model could have been created to develop a more economical
design. For this check, the initial PT bar force was used to calculate the demand as these

pieces were only used for initial post-tensioning purposes.
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CLT Wall Calculations MPP Wall Calculations

Check transverse shear capacity of PT jacking hardware

Shear Y= - Shear Y= -
Deamands V,= 50 kip Deamands V,= 50 kip
Shear 0= 0.9 Shear 0= 0.9
Capacity @V, = 729 kip Capacity oV, = 729 kip
DCR  V/oV,= 0.07 DCR  V/oV,= 0.07
Demand:
W= pti
Capacity:
BV, = DO.6F, A, = BO.6F, 2"
n = OlfyAw = -0l Ttap
DCR:
W
DCR =
oV,
Check transverse moment capacity of PT jacking hardware
Moment Y= - Moment Y= -
Demands M, = 331 k-in Demands M, = 288 k-in
Moment 9= 0.9 Moment 9= 0.9
Capacity oM, = 405 k-in Capacity oM, = 405 k-in
DCR  M,/oM, = 0.82 DCR  M/oM, = 0.71
Demand:
Fpti
M, = Zl(Z opt—wh)
Capacity:
dM, = PF,S,
DCR:
Transverse bending capacity of PT jacking hardware:
Area: A= 27 27 in®
Centroid: Ve = 1 1 in
Moment of inertia: L= 9.00 9.00 in*
Elastic Section Modulus: S, = 9.00 9.00 in’
Plastic neutral axis: Ypna = 1 1 in




beam
analogy

shear

moment

Wap lap
E j b j
e Hydrauli i
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— Jack
— ———
Opt Spt
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/_l Vinax = fptiAnet
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_ f ptiAner

/‘\Mﬂmx = T(Z%t - Wh)

Longitudinal shear and moment capacity of the PT jacking hardware
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Similar to the previous check, the longitudinal shear and moment capacity of the PT jack-

ing hardware piece was checked using the procedure outlined below. Additionally, see the

calculated longitudinal bending properties input into the design checks and the figure sum-

marizing the basis of these equations. Note, this check is also highly conservative as it just

approximates the strength and stiffness of the full connection. An FEM model could have

been created to develop a more economical design. For this check, the initial PT bar force

was used to calculate the demand as these pieces were only used for initial post-tensioning

purposes.
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CLT Wall Calculations MPP Wall Calculations

Check longitudinal shear capacity of PT jacking hardware

Shear Y= - Shear Y= -
Deamands V,= 50 kip Deamands V,= 50 kip
Shear o= 0.9 Shear o= 0.9
Capacity @V, = 729 kip Capacity @V, = 729 kip
DCR  V/oV, = 0.07 DCR  V,/oV,= 0.07
Demand:
V= pti
Capacity:
Wap — Wh
@V, = ®0.6F A, = @0.6Fyftap
DCR:
Vu
DCR =
oV,
Check longitudinal moment capacity of PT jacking hardware
Moment Y= - Moment Y= -
Demands M, = 294 k-in Demands M, = 294 k-in
Moment ¢ = 0.9 Moment ¢ = 0.9
Capacity oM, = 405 k-in Capacity oM, 405 k-in
DCR  M/oM, = 0.73 DCR  M/oM, = 0.73
Demand:
Foti
Mu = Zl(Zspt—Wh)
Capacity:
OM,, = F,S,
DCR:
peR = 2
oM,
Top Plate:
Top plate width: Wy = 24 24.00 in
Top plate thickness: ty = 0.75 0.75 in
Anchorage Plate:
Anchorage plate length: Ly = 32 32 in
Anchorage plate width: Wop = 32 32 in
Anchorage plate thickness: typ = 2 2 in




Wap l‘ll’
tap ‘ ‘
W, Hydraulic Wn
/ Jack
i
— —
Opt Spt
fptiAnel fptiAn81
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Appendix B
NHERI TALLWOOD DETAILED STRUCTURAL DRAWINGS

This appendix includes the full set of structural drawings for the NHERI TallWood build-
ing specimen. They were developed using a Revit model. All lateral details and connections
were design as discussed within this dissertation. These lateral details were incorporated
into the full building Revit model by Aleesha Busch at Colorado School of Mines [Busch,
2023].

Note, the gravity connection details included on page S720 of the drawing set were de-
signed by Simpson Strong-Tie. The gravity column base connection are patented and at the

time of publication of this document, the beam-to-column connections are patent pending.
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10-Story Test
Shear Wall Elevations
S301
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Appendix C

PHASE 1 TESTING PLAN FOR THE NHERI TALLWOOD
10-STORY TEST SPECIMEN

This appendix lists the full testing plan executed on Phase 1 of the NHERI TallWood
tests. Table C.1 summarizes all the tests completed for Phase 1 (including both the official
and unofficial tests). As shown in the table, the first three days of testing (April 20th, 27th,
and 28th of 2023) were all apart of table tuning and pre-testing. During this period, the
shake table facility and the shake table manufactures ran multiple ground motion tests and
white noise tests to test the operation of the shake table and explore different correction
and tuning methods to get the best possible performance from the shake table considering
the response of the building on the table. These were all small shaking ground motions that
did not result in any damage. The following four days of testing (May 1st, 2nd, 3rd, and
4th of 2023) were intended to be the official start of the Phase 1 testing sequence; however,
it was later discovered that the DAQs were not properly synced. Data is available for and
days preceding May 5th, 2023, however, the instrument recordings are out of phase. Any
tests completed prior to May 5th, 2023 were considered unofficial tests. During these days
of testing no major structural damage was observed. Once the DAQ syncing issue was
identified and resolved, the Phase 1 testing sequence was re-started on May 5th, 2023. For
the context of this document, official testing began on May 5th, 2023 as this is when reliable
instrumentation data is available.

In Table C.1 the columns outline the following information:

e Date: Date in which the tests were complete.
e Test ID: Identification number. The white noise tests were not given a unique

identification number as they were not studied in detail within this document.
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Additionally, ground motion tests prior to May 5th, 2023 were also not given
unique identification numbers as data was not properly collected for these tests
and were thus not studied in detail within this document. Ground motion tests
within the official testing sequence are numbered by their hazard level, followed
by a sequential number for that hazard level.

e Hazard Level: Hazard level for which the ground motion test falls under. White
noise tests are not included within a hazard level.

e Dir.: Direction the ground motion test or white noise test were executed. X
direction is East-West. Y direction is North-South. Z direction is vertical.

e EQ Source: Earthquake source the ground motion test motion corresponds to.

e Suite #: Number corresponding the the design ground motion suite number for
referencing more detailed information about the executed ground motion. See
Tables 6.11 and 6.12.

e FEarthquake Name: Name of the earthquake ground motion.

e Scale Factor: Target ground motion scale factor in the horizontal and vertical
directions. If both X and Y components were run, the scale factors in the X and
Y directions were always equal.
e UCSD MID: Motion identification number used by the UCSD shake table facility
to number the ground motion records for data saving purposes.
e Run Time: Approximate start and end times of each ground motion recording on
the date specified. For motions with no times listed, the time was not recorded.
In general, ground motions increase in hazard level throughout the testing sequence. For
most motions, the ground motion was run first in the X direction, then the Y direction,
then the X and Y directions, followed by all three components. This was done to study the
performance of the building in each direction individually. Each MCER was only run once
with all components to reduce the amount of stress put on the lateral system and preserve

the integrity of the building for the tests after Phase 1.
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As shown in Table C.1, all horizontal scale factors for the ground motion tests in the test
sequence are equal to the target scale factors listed in Table 7.1. However, vertical target
scale factors in the test sequence did not always equal the target scale factors listed in Table
7.1. Because the performance of the nonstructural elements under vertical excitation were
unknown, some of the vertical ground motions were first run at 50% of the scale factor listed
in Table 7.1 to minimize the possibility of unexpected damage from the vertical motions.

May 9th, 2023 was a designated day for media viewing. For this day 475-year return
period motions were run to reduce the possibly of damage occurring and at least one United
States ground motion recording was desired. The 475-year return period design suite does not
contain any well known earthquake recordings from the United States, thus ground motion
#4 from the 975-year return period design suite motions, scaled down to match the 475-year
return period hazard level. This ground motion is from the well known 1994 Northridge
Earthquake in California. In total, this 475-year return period motion that is not from the
original suite of design motions was run 6 times (noted by the single asterisk in the Suite #
column in Table C.1).

With the exception of two ground motion tests, all tests corresponded to a defined hazard
level and ground motion listed in Table 7.1 (noted with double asterisks in the hazard level
column). The first exception is the second ground motion test on April 4th, 2023. This
ground motion was run at a scale factor of twice the 43-year RP hazard scale factor. The
second exception is the first ground motion test on May 18th, 2023. During this test, the

shake table was not under full pressure and thus ran at an unknown scale factor.



015

T penuruod

- - - - - B - } A } NM

- - - - - - - - X - NA\  €60T/Le/
- - - - - - i i} X i NM

- - - - - B - - A - NM

- - - - - - - - X - NM

- - IT 0 49cs0 O[ePUIo] T qesenul AX ey }

- - 0T 0 9¢90 O[BPUIS] T qesenul AX ev -

- - 6 0 4cs0 O[EPUIS] IT qepenu AX ey }

- - 8 0 4cs0 O[ePUIo] IT qepenur AX ey -

- - L 0 990 O[CPUIo] T qesenul AX ev -

; - L 0 4cs0 O[EPUIS] IT qepenu AX ey }

- - - - - B } } A } NM

- - - - - B - } X ) NM

- - 14 0 4cs0 O[BPUIS] IT qesenul AX ey - €202/02/%
- - - - - - - - A } NM

- - - - - - - - X } NM

- - € 0 4¢s0 O[BPUIS] IT qesenul AX ey -

- - - - - B } } A } NM

- - - - - B - } X } NM

- - ¢ 0 60’1 O[BPUIS] IT qepenul X 4« VN -

- - - - - - } } A } NM

- - - - - - } } X } NM

- - I 0 9¢90 O[BPUIS] IT qepenul X ey -

- - - - - - } - A } NM

- - - - - - i} - X i} NM

SUIIS9T -1 pPue SUIUNT, 9[qR],
puy 1R (QIN MPA 7L oure N #  90Inog - [PA9T] dar ore(]

oI, uny ASH Iojoeq ofeog  oyenbyjrey  oyng OF " prezel  9s9,

oouenbes Surse) uorjow punois A1016-07 1)) 9[qRL



016

U UQSQEQOO
- - - - - - - - A - NM
- - - - - - - - X - NM
00:80:9T 0£:90:9T  ¥¢ 0 89T S[epuIa| IT qesenyu] X GGG -
CT:H0:9T 0S:20:9T €7 0 891 O[ePUId] IT qesenu] X SGC -
0G:65:CT 0T:8G:ST - - - - - - A - NM
00:9G:CT GTFSCT - - - - - - X - NM
02:¢G:CT SF0SCT ¢  STS0 STS0 O[ePUId] IT  qesenu] ZAX  €F -
00:7€:CT 0€:08ST - - - - - - A - NM
GG:0€:CT GT6C:ST - - - - - - X - NM
00:L2:GT G0:GZ:ST  1¢ 0 9pg'0 ueder ‘eyeSuN ¢ [eISNI)  AX  €F - ¢202/1/¢
G7:02:CT 0T:61:CT 0T 0 9F¢0 ueder ‘eyeSuN ¢ [esnr) X 187 -
GG9T:GT GZ:GT:ST 61 0 9OFg'0 ueder ‘eyeSuN ¢ [eIsnI) X 87 -
GEIET:CT OT:0T:CT 8T 0 €S0 noyoJ, 9 eoepIul AX  EF -
GZ:L0:CT 00:GO:CT LT 0 €S20 njotoy, 9 odejmyul X 57 -
0T:98:FT SFeeCT 91 0 €S20 n{oyofg, 9 eoeyIul X 87 -
CyiLTHT 009 FT  GT 0 SZS0 O[ePUId] IT qepsenu] XX €F -
CT:CTFT SEITFT ¥ 0 SzZS0 O[RPUId] IT  qesenuy X 57 -
0Z:6T:FT SSLTFT €1 0 GzS0 O[ePUId] IT  qepenu X 87 -
0S:€T:HT OT:CTFT - - - - - - A - NM
GG:60FT STSOFT - - - - - - X - NM
SUI{IOA 90U ()Y (] :eousnbag Sunsay, T aseyd Jo 1eig
- - - - - - - - A - NM
- - - - - - - - X - NM
- - ¢l 0 ¥89T  Oepulog 1T quisenu] AX 6o - £20e/8e/v
- - - - - - - - A - NM
- - - - - - - - X - NM
puyg 111G 1IN “HRA ZLIoH ouIe N # 92IN0S 1q [oA9] ar ore(
ouIL T, UNY dsHN Ioroeq o1edqy oxenbyrery  93ng OH T prezey 189,

penurnjuoo * -



o17

v U@SGEQOO

- - - - - - - - A - NM

- - - - - - - - X - NM
00:6€:GT 0G:9¢:GT 8¢ 6.0 6.0 ueder ‘eyelnN ¢  [eISNI) ZAX GGG -
0€:2S:0T SO:1G:0T - - - - - - A - NM
0S:0T  00:9%:0T - - - - - - X - NM cz02/¢/c
0V 1901 SP:68:0T L€ 0 €8y D-1YD ¢ rewsni) AX QLY -
GT:L€:0T 0S:Ge:0T  9¢ 0 €e¥ UORLIO) ¢ esn) X QLY -
GO:€e:0T 0% 180T  G¢ 0 €e¥ O-YD ¢ esn) X QLY -
00:62:0T 0£:LZ:0T - - - - - - A - NM
00:G2:0T Sg:€Z:0T - - - - - - X - N
GG:GT:GT GTHIST - - - - - - A - NM
GEETiST 0S:01:6T - - - - - - X - NM
0G:L0:CT ST:90:GT  ¥¢ 0 ¥2S%e O[ePUId] IT qe[senul XX  GL¥ -
GT:€0:CT SETOCT €€ 0 ¥¢S¢ O[RPUId] IT qe[senu] X GL¥ -
078G ¥T 089G 7T € 0 ¥2S¢ S[epuIa| IT qe[senu] X  GL¥ -
07 10T 00:00:FT - - - - - - A - NM
GeILGeT 009G €T - - - - - - X - NM
0G:2G:¢T ST IG:ECT 1€ 0 6.0 ueder ‘eyeSuN ¢ [eISNI)  AX GGG -
0S:8F:€T SOLVET  0F 0 6.0 ueder ‘eyeSuN ¢ [esnr) X e - e202/2/<
00:C7€T GEETET 68 0 6.0 ueder ‘eyeSuN ¢ [eysnr) X GTC -
OV IF 1T SO0V 1T - - - - - - A - NM
0Z:R€:TT S0:9¢:TT - - - - - - X - NM
07:0€:TT 02:8Z:TT 8¢ 0 ¢IS0 nyjotoy, 9 o0RJIU] AX  GCC -
GEIGTIT STETIT LT 0 2IS0 nyjotoy, 9 O0RJIU] X GGC -
0€:0¢: 1T ST:ST:TT 9% 0 ¢ISO njoto], 9 ooRJU] X GGG -
GZ:6%:0T SPLVOT  GE 0 891 O[RPUId] IT qesenu] XX  SGC -
ST FF:0T 0V:Cv:oTl - - - - - - A - NM
GG:0F:0T ST:68:0T - - - - - - X - N

puyg 111G 1IN “HRA ZLIoH ouIe N # 92IN0S aq [oA9] ail ore(
ouIL T, UNY dsHN Ioroeq o1edqy oxenbyrery  93ng OH T prezey 189,

penurjuoo



018

T @QSGEQOO
0T:L7:60 07:C7:60 ¥ 0 9F¢0 ueder ‘eyeSuN ¢ [esnI) X 87 80-€¥
G7:¢760 03:27:60 €S 0 9pg0 ueder ‘eyeSuN ¢ [esnr) X 57 L0-€¥
¢1:6£:60 0£:L8:60 &S 0 €S20 njoto], 9 eoepIul AX  £F 90-¢¥
CP:GL160 SGTEe60 1€ 0 €S20 n{oyof, 9 ooejmyU] X 87 CO-¢¥
0€:T€:60 ST:62:60 09 0 €S20 njoyof, 9 ooejIul X 57 70-CF c202/01/¢
GT:6Z:60 0S:€Z:60 6F 0 680 O[EPUId,] IT qesenul XX €F €0-¢¥
0G:12:60 0£:02:60 SF 0 SzZS0 O[RPUId] IT  qesenuy X 57 20-¢¥
0G:LT:60 GT:9T:60 L¥ 0 SzS0 O[RPUIS] IT qepsenul X 87 10-¢¥
CT:€T:60 GSTT:60 - - - - - - A - NM
01:01:60 0S:80:60 - - - - - - X - NM
GT:8E:I0T 05:9¢:0T  9F 0 €e¥ -1YD ¢ rewsni) AX GV 70-GLY c202/6/¢
0£:8:0T ST 180T SF  918'C 9I8'C  T09OSPUUMON  ,F  [eIsnI) ZAX GLY €0-CLY
Ceiez:0T 0T:66:0T - - - - - - A - NM
- 0G:8T:0T - - - - - - X - NM
0GFT:0T GEET:0T ¥ 9I8'C 918 T09SPUUMON  4F [eIsnI) ZAX GLY 20-GLY c202/3/¢
Ge:90:0T G0:G0:0T &F SOF'T 918°C T0OSPUUION  4F [RISnI) ZAX GLY 10-G.L¥
GG:65:60 GT8S60 - - - - - - A - NM
- 087560 - - - - - - X - NM
- - - - - - - - A - NM
- - - - - - - - X - N €z0z/s/S
- - 4 0 891 O[ePUId] IT  qesenul XX GZg 10-5¢¢
SUIIOA OV (( :9ouenbog Sur)sa], T aseyd Jjo 1Ielq
CO:ET:CT GEIPST - - - - - - A - NM
0€:6€:CT GCILEGT - - - - - - X - NM
0€:7€:CT 03:¢8ST  T¥ 0 9I8C T0-9SPUUMON  ,F [eIsnI) XX  GL -
I€:CT  0262:ST  OF 0 9I8C T0OSPUUMON ¥ [esn) X CLp - €00c/7/¢
GZ:LT:CT 00:9Z:ST  6¢ 0 9I8C T0-9SPUUMON  4F [eIsny) X  GL -
0€:€2:CT SEIC:ST - - - - - - A - NM
0T:61:CT 0S:LT:GT - - - - - - X - NM
puyg 111G 1IN “HRA ZLIoH ouIe N # 92IN0S 1q [oA9] ail ore(
@Qﬁrﬁ Qsm QmQD .Houb@m Edow @M@SU@P&@H wﬁzm mum ’ @.SNQE pwwrﬁ

ponuuo -



019

T U@Sﬁﬂﬁoo
CCULTPT 0TV FT - - - - - - A - NM
OV:EV T ST:CVPT - - - - - - X - NM
0S:6EFT GO8SFT 1L 0 €eev DD ¢ resn) X QLY 60-GL¥
CO:SETT OV:EeFT 0L 0 €8V -1YD ¢ rewsni) X Gl 80-GL¥
00:TEFT GE6T:FT - - - - - - A - NM
CVLCHT ST9THT - - - - - - X - NM
0Z:€C¥T SGSIZFT 69  6L°0 6L°0 ueder ‘eyeSnN ¢ [eISNI) ZAX GG 11-G2¢
00:02:7T SE8T:FT 89 0 6.0 ueder ‘eyeSuN ¢ [esnI) AX GGG 01-G2%
0S:9T:FT 0Z:CT:FT L9 0 6.0 ueder ‘eyeSuN ¢ [esnI) X GGT 60-G2C
VeI HT GTIT:HT 99 0 6.0 ueder ‘eyeSuN ¢ [esnr) X QTG 80-GCC
0S:ST:IT SOFT:IT - - - - - - A - NM
0Z:¢T:1T SS0T:TT - - - - - - X - NM
0G:L0:TT G€90:TT  G9 0 9I8C T0-9SPUUMON  ,F [eIsnr) AX  GL L0O-GLY
0Z:70:TT SO €0:TT  ¥9 0 9I8¢ T0-98pUylION  ,F [esnr) X GLp 90-GLy  penuijuod -
G:00:TT S€:6S:0T €9 0 9I8C T0-98pLylIoN  4F [esnr) X QL G0-GLV  €20g/01/¢
09:6G:0T ST:HS0T - - - - - - A - NM
G0:¢S:0T S€:08:0T - - - - - - X - NM
00:00:00 SEFF:0T  T9 0 2I80 nyoyoJ, 9 ooeJU] AX  GGT L0-GTT
GGTF0T 0%:68:0T 19 0 ¢Is0 njotoy, 9 o0RJIU] X GGC 90-G2¢
07:9¢:0T 0£:7¢:0T 09 0 2IS0 n{oyog, 9 e0RJIU] X GGG G0-GTC
0T:T€:0T S¥:62:0T 65 0 89T S[epuIa| IT qesenyu] XX GGG 70-G3C
G201 G292:0T 8% 0 891 O[ePUId] IT qe[senu] X SG¢ €0-GCC
07 7¢:0T 0T:€Z:0T LS 0 89T O[ePUId] IT qesenu] X GGg 20-GTC
GZ:€0:0T SS:10:0T - - - - - - A - NM
GeI65:60 01:8G:60 - - - - - - X - NMA
02:G5:60 GS:€G:60 99 STS'0 GTS0 O[RPUIS] IT  qesenu] ZAX  €F 01-€%
07:05:60 S0:67:60  SS 0  9pg’0 ueder ‘eyeSuN ¢ [esnr) AX  gF 60-€¥
puyg 111G 1IN “HRA ZLIoH ouIe N # 92IN0S 1q [oA9] ail ore(
waw.ﬁ sz QmQD .Houbﬁm wﬁmow @M@SU@P%H wﬁzm mum ’ U.SN@E pwer

penurjuoo



920

T peniunjuoo
- 07-74-01 - - - - - - A - NM
06-¢S-€T GC-T19-€T - - - B B - X - NM
GG¢:ge 1T 01-6¢-1T  ¢C8 - 9691 NOYQ], G ooepboyul X GL6 70-GL6
06-69-0T 0¢-84-0T - - - - - - A - NM
G€-94:0T 0T1-94-01 - B B - B B X B NM €002/21/S
¢c-yv-0r 00-€v-0T I8 V1 €ceV IO-TIO € EsnI ZAX 9LV 91-GL¥
0¢-L¢:0T G0-9¢-0T 08 L0 €CETV OO € IEsn) ZAX 9LV GI-GLy
0€-0¢-0T OT-61-0T - - - - - - A - NM
Gc-L1:0T 00:07-1€ - - - - - - X - NM
0¥-Lv-¥1 G0:9¥-¥1 - - - - - - A - NM
017 ¥v1L S¥-cv-¥l - - - - - - X - NM
¢c-6€- V1 GC:8EVI 6L 0 1€6'¢ T0-98puLylioN PoooreIsnIy  AX GL6 €0-GL6
0¢-€C- VT GG-€C-71 B - - - - - A - NM
G0-0¢- vl G€-0¢-¥1 - - B - B B X - NM
00:8T-¥T O0F-9T-¥T 8L 0 1€6'¢ T0-98puLyiIoN vooesny A GL6 ¢0-GL6
0€-¢O-¥1 OT-TO-¥T  LL 0 T€6'¢ T0-98pLyIoN voooresny X GL6 10-616
O07-8T-1T 0C-LT1-TT - - - - - - A - NM
mﬁﬂlﬁﬁ mmmﬁﬁﬁ - - |. - - - X - NM mNON\ﬁH\m
0G6-G0-TT 0T-¢O-1T 9. - GIgl N3OYQ, 9 ooejW] X GLy V1-GLY
00-G7-0T G¢-€v-01 B - - B B - A - NM
Sy-19-0T S1-:0¥:01 - - - - - - X - NM
¢T-¥€:0T 04:¢e-0T GL ¥¢9'¢ ¥c¢s'¢ orepuIeq 1T qeseryu] ZAX  GLy €1-GLy
¢e-Lc-01 9¥-9¢-01 7L 0 ¥cse o[epuIog 1T qesenup AX  GLy ¢l-GLy
G0-€¢-0T 9¥-T¢-0T €L 0 ¥c¢4a'c I[epPuIs] IT qesenur A QLY TT-GLY
GT-6T:0T G¥-LT-0T ¢CL 0 ¥csc orepuIeq IT qesenur X GLy 01-GLy
00-00-00 O¥-€1-0T B - - - - - A - NM
0T-¢I-0T S€-01-0T - - - - - - X - NM
puy RIS ([N CHPA CZLIOH oure N # 90IN0¢g q [oAd] a1 oe(]
QUWILT, U’y daspon I1o3deq oress Ovﬁﬁsvﬂp.ﬁmm 9}1ng mum ) pIezeH 1897,

penurjuoo



521

" ponuIjuod

0T:0GFT CHSPFT - - - - - - X - NMA

GEFVVT CTEVFT 06 GT'C SECT  gP[RPUI IT  qerseu] ZAX YD 20-H4ADIN

02TV ¥FT 00107 %1 - - - - - - A - N

0T:8EFT 049871 - - - - - - X - N

G062 TT SPLTTT - - - - - - A - N €20g/81/¢

07:9Z:1T 00:¢Z: 1T - - - - - - X - N

0T:€Z:1T OF:TCTT 68 - - zorepuIo TT  qe[serfu] ZAX 4 VN -

ST:6TTT 0G:LT:TT - - - - - - A - N

0G:STTT STFLTT - - - - - - X - N

02:68:1T 00:8€:TT - - - - - - A - N

02:9€:1T SHFeTT - - - - - - X - N

0G:9Z:TT 0F:CZ:TT 88  TLT LG6'E  ®IdLJ BWO] G ewn) ZAX YADIW T0-MADIN  €20T/L1/G

OF:TZ:IT C0:0%:TT - - - - - - A - N

0Z:8T:1T 0S:9T'TT - - - - - - X - N

00:TZ:IT 0€:6T:TT - - - - - - A - N

LTI 02:CT:IT - - - - - - X - NM

GeTTiTT COTTTITT L8 LGT'T 9GE'€  ZP[RPUIS] IT qesenul ZAX GL6  60-GL6  €¢0T/91/¢

OF:L0:TT OT:90:TT - - - - - - A - NMA

STROIT 00:€0'TT - - - - - - X - N

00:0G:€T CL:SFET - - - - - - A - N

0:97:€T 0GFVeT - - - - - - X - N

0Z:68:€T CO'8E'ET 98 I€6'¢ T€6'¢ T0-9SPUUION  F  [eISnI) ZAX GL6  S0-GL6

02:02:0T €& 8T:0T - - - - - - A - N

GG:ZT:0T G TT:0T 68 0 9G¢°¢  gorepuisg IT  qersenul XX 6.6 L0-GL6

GGI6G:60 CFI8G60 T8 0 9%¢'¢  gorepuisg IT qesenul X GL6  90-GL6

G0:02:60 0T:6T:60 €8 0 9%¢'¢  gorepuioq IT qe[senu] X GL6  GO-CL6

0T:LT:60 CF:CT:60 - - - - - - A - NM

GO'FT1:60 CFTI:60 - - - - - - X - N

puy 1e1s (N CHPA CZLIOH oure N # 90IN0g - [oA9TT a1 ore(]
QaﬂH Qsm QmOD MO#O@@ wﬁmow ®M@5Uﬂp.ﬁ®@ @ﬁﬁ@ @m ’ @p@Ndm pwwrﬁ

penurjuoo -



522

‘[PA9] pIRZEY PouPOp 0} Po[eds J0U UOTIOIN 44

"9)ms ugdisep porled wInjal 1eaL-G) 6 WO Pa[edS ‘03NS USIsep poliod WINjal 1eak-G/f Ul J0U UOTOTN

- 61:0T - - - - - - A - NM
- 91:0T - - - - - - X - NM
- IT:0T 00T ¥1 €2¢F O-YD ¢ resni) ZAX G L1-GLY
- 00:0T 66 0 ¢IS0 nyjotoy, 9 o0eJIU] AX  GGC V1-GCC
- 9G:6 86 6.0 6.0 ueder ‘ejeSuN ¢ [eISNL) ZAX GG €100 eroz/2z/c
- 2G6 L6 0 891 O[ePUId] IT qesenu] XX  SGC ¢1-GTC
- 816 96 0 9yg’0 ueder ‘eyeluN ¢ [eISLID)  AX  €F e1-€¥
- cy:6 G6 G250 GTS0 S[epuIa| IT qesenu] ZAX  €F T1-¢¥
- 176 - - - - - - A - NM
- 8¢:6 - - - - - - X - NMA
0€:07:9T 0T:68:9T - - - - - - A - NM
07:L€:9T 02:9¢:9T - - - - - - X - NM
0G:0€:9T 076291 ¥6 TE€6'¢ T1€6°€ T0-98plysoN  §  [esnr) ZAX GL6 ¢1-GL6
- GGy - - - - - - A - NM
CeIESFT 00:CSFT - - - - - - X - NM
CT:REFT 0CFSFT €6 - 86CC n{oyof, L oovpul X MHDIN €0-MHDIN  €208/61/9
0%:L%T 056 FT - - - - - - A - NM
CTFCFT 00:€T:FT - - - - - - X - NM
0S:6T:FT 0S:8T:FT  ¢6 ¥ 6667 OOIXIN ‘BLIOPIA g [eISnI) ZAX  GL6 11-GL6
CO9TFT OV FI:FT - - - - - - A - NM
CCTIFT SSTTFT - - - - - - X - NMA
0T:¢V:ST SPOv:ST - - - - - - A - NM
Gl EGT GT:98:GT - - - - - - X - NA\  penurjuod - -
0T:82:CT 00:9Z:ST 16 - T9re RO, 9 ooepl X GL6 01-GL6  €20T/81/6
COPS I ST:CSPI - - - - - - A - N
puyg 111G 1IN “HRA ZLIoH ouIe N # 92IN0S 1q [oA9] ail ore(
ouIL T, UNY dsHN Ioroeq o1edqy oxenbyrery  93ng OH T prezey 189,

penurnjuoo * -



	List of Figures
	List of Tables
	Introduction
	Motivation and Background
	NHERI TallWood Project
	Research Objectives
	Document Overview

	Literature Review
	Overview
	Mass Timber as a Building Material
	Fixed Base Mass Timber Shear Walls
	PRESSS Program
	Mass Timber Base Rocking Systems
	Base Rocking Modeling Methodologies
	Higher Mode Effects in Base Rocking Systems
	Conclusions and Research Needs

	Fundamental Mechanics of Rocking Mass Timber Wall Structures
	Overview
	Overview of Mass Timber Rocking Wall Lateral Systems and Component Behavior
	Formulations for Approximating the Lateral Load Response of Timber Rocking Walls
	Summary

	Testing of the Two-Story NHERI TallWood Building
	Overview
	Design considerations
	Test setup
	Gravity framing and diaphragm
	Post-tensioned rocking CLT walls
	Testing program
	Experimental observations
	Experimental results and performance
	Summary

	Numerical Modeling of the NHERI TallWood Two-Story Building and Investigation of Foundation Flexibility
	Overview
	Numerical Model of Shake Table Experiment
	Comparison of Experimental and Analytical Results
	Investigation of the Impact of Foundation Flexibility
	Conclusions

	Design and Analysis of the Ten-Story NHERI TallWood Building
	Overview
	Summary of Test Specimen and timber materials
	Site Location and Seismic Demands
	Ground Motions
	Nonlinear Numerical Model of the 10-Story Test Specimen
	Lateral Design of the 10-Story Building Specimen
	Predicted Performance

	NHERI TallWood Ten-Story Building Testing, Performance, and Comparison of Experimental and Analytical Results
	Overview
	Testing program
	Visual Experimental Observations
	Ground motion subset for data processing
	Instrumentation
	Accelerometer Data Processing
	Estimated Damping Coefficient
	Comparison of Experimental and Analytical Results
	Summary

	Effect of Building Period and Wall Aspect Ratio on the Seismic Performance and Moment Amplification of Tall Post-Tensioned Mass Timber Rocking Walls
	Overview
	Archetype Descriptions
	Numerical Model Development
	Rocking Wall Design Procedure
	Analysis Parameters
	Performance Assessment
	Moment Amplification Study
	Summary

	Summary, Conclusions, and Future Work
	Overview
	Summary
	Conclusions
	Recommendations for Future Work

	References
	10-Story Test Specimen: Rocking Wall Design Criteria Checks
	Overview
	CLT Rocking Wall Capacity Design
	MPP Rocking Wall Capacity Design
	Rocking Wall Splice Design
	Sliding at Base Connection Design
	UFP Connections
	Diaphragm to Wall Shear Transfer Connection
	PT Bar Connection

	NHERI TallWood Detailed Structural Drawings
	Phase 1 Testing Plan for the NHERI TallWood 10-Story Test Specimen

